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Experience and research on reinforced concrete bridges indicate that relatively stable response to strong ground motions can be obtained if the

system is proportioned and detailed so that the predominant inelastic response is restricted to flexure in the column.    In this case, it is

important to know the strength of the column so that strengths of adjacent components can be set high enough to avoid inelastic action in those

components.  Details also are required that will enable the column to sustain the necessary inelastic deformations without disabling loss of

resistance.  Of interest are the configuration and amount of the transverse reinforcement required to sustain expected earthquake demands.

A research program is reported that examines the ductile flexural response of reinforced concrete columns of circular cross section

reinforced with spiral reinforcement.  The program involved laboratory tests on large-scale columns followed by analysis of the test results.

The columns had longitudinal reinforcement ratio of 2.75 percent.  Transverse reinforcement varied along the height, being closely spaced

near the column ends where inelastic flexure was expected and less closely spaced outside that region.  Materials were normal-weight aggre-

gate concrete, with compressive strength around 5000 psi, A706 Grade 60 longitudinal reinforcement, and A82 spiral wire.  The columns were

tested as cantilevers subjected to constant axial load and cyclic lateral displacements in one plane.  Analyses of the data led to conclusions

regarding strength, effects of varying the transverse reinforcement along the column height, and deformation capacity including models for

computing the deformation capacity.
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ABSTRACT

Experience and research on reinforced concrete bridges indicate that relatively stable response to

strong ground motions can be obtained if the system is proportioned and detailed so that the

predominant inelastic response is restricted to flexure in the column.    In this case, it is important

to know the strength of the column so that strengths of adjacent components can be set high

enough to avoid inelastic action in those components.  Details also are required that will enable

the column to sustain the necessary inelastic deformations without disabling loss of resistance.

Of interest are the configuration and amount of the transverse reinforcement required to sustain

expected earthquake demands.

A research program is reported that examines the ductile flexural response of reinforced

concrete columns of circular cross section reinforced with spiral reinforcement.  The program

involved laboratory tests on large-scale columns followed by analysis of the test results.  The

columns had a longitudinal reinforcement ratio of 2.75 percent.  Transverse reinforcement varied

along the height, being closely spaced near the column ends where inelastic flexure was expected

and less closely spaced outside that region.  Materials were normal-weight aggregate concrete,

with compressive strength around 5000 psi, A706 Grade 60 longitudinal reinforcement, and A82

spiral wire.  The columns were tested as cantilevers subjected to constant axial load and cyclic

lateral displacements in one plane.  Analyses of the data led to conclusions regarding strength,

effects of varying the transverse reinforcement along the column height, and deformation

capacity including models for computing the deformation capacity.
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1 Introduction

1.1 BACKGROUND

The 1994 Northridge, California, earthquake exposed the

seismic vulnerability of several reinforced concrete

bridges. The Bull Creek Canyon Channel Bridge,

constructed in 1976, was one example.  The transverse

reinforcement details within the concrete columns

supporting the bridge consisted of two distinct zones of

confinement. A well-confined zone (spacing of transverse

steel equal to one-sixteenth of the column depth) was

located at each column end, and a lightly confined zone

(spacing of transverse steel equal to one-fourth of the

column depth) was constructed between the column ends.

These columns sustained significant damage in the

vicinity of the transition between the well-confined and

lightly confined regions. The observed distress included

significant degradation of the column core, longitudinal

reinforcement buckling, and fractured transverse

reinforcement (Figure 1.1).  Diagonal cracking and flexural cracking were also apparent.  It has

been suggested that a continuation of the smaller spiral spacing throughout the column height

would have enhanced the ductile behavior of the column.

Since the 1989 Loma Prieta, California, earthquake, the Caltrans Bridge Design

Specifications (BDS) [1993] have typically required continuous transverse steel at a constant

Figure 1.1: Failed Bull Creek Column
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spacing throughout the column height.  In 1996, the Applied Technology Council (ATC) [ATC-

32, 1996] proposed revisions and recommendations to the current BDS regarding the design and

construction of bridges.  For spirally reinforced circular-cross-section columns, the amount of

transverse reinforcement required by ATC-32 inside the zone of potential plastic hinging is

considerably greater than that required by the BDS.  However, ATC-32 allows the transverse

reinforcement spacing to be relaxed by one-half outside the zone of plastic hinging.

Furthermore, for columns with an aspect ratio greater than 3.0, the plastic-hinge confinement

length prescribed by ATC-32 is approximately 40 percent less than that required by the BDS.

1.2 STATEMENT OF PURPOSE

There has been considerable debate regarding whether changing the transverse reinforcement

ratio within a column and prescribing a relatively short length of confinement for plastic hinging

is a prudent design practice.  Given the number of bridges constructed in the 1970s with details

similar to those of the Bull Creek structure, as well as the ATC-32 [1996] recommendations, it is

of interest to ascertain the behavioral effects of changing the transverse reinforcement ratio along

the length of a column. Furthermore, while a considerable amount of experimental research has

been performed regarding the behavior of reinforced concrete columns, very little research has

been performed to study the behavior of slender columns.  Of particular interest are the extent of

inelasticity along the column height (and, hence, the length along which confinement is

required), the achievable ductility under reversed cyclic loading, and the applicability of current

design tools (which are largely based on the experimental results of short columns) toward

predicting the load-displacement response of slender columns.

The objectives of this experimental research program were threefold:

1. To explore the ductile behavior of reinforced concrete columns designed with two distinct

zones of confinement.

2. To compare the cyclic behavior of a reinforced concrete column designed with typical

1970s reinforcement details with that of a reinforced concrete column designed in

accordance with current Caltrans design practice.
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3. To observe the plastic hinging behavior of slender columns, and identify applicable

design requirements.

To achieve these objectives, laboratory testing of four half-scale column specimens was

conducted.  This report describes the design procedures and test objectives of the four test

specimens, reviews the data and observations obtained during experimental testing, and

examines predictive models for assessing the shear strength and load-displacement response of

reinforced concrete columns with varying aspect ratios and two zones of confinement.



2 Experimental Program

2.1 GENERAL DESCRIPTION OF TEST PROGRAM

The experimental program consisted of four test specimens intended to represent half-scale

models of typical bridge columns.  The design of each test specimen was based on a full-scale

prototype bridge column. The cross-sectional dimensions, longitudinal reinforcement ratio,

material properties, and column axial load ratio remained constant throughout the testing

program; the Bull Creek columns were used as a reference for these parameters.  The primary

variables in the testing program were the column aspect ratio and the varied zones of

confinement provided by the transverse steel.  The test specimens were scaled down based on the

final design of each prototype column.

The longitudinal reinforcement in each prototype column consisted of 50 No. 9 bars

spaced evenly around the column perimeter.  A No. 5 spiral and 2 inches of clear cover concrete

confined the column core.  The applied vertical load was determined to be approximately 9

percent of the gross cross-section strength of the column (0.092 Ag f′c, where Ag is the gross

cross-sectional area of the column and f′c is the nominal concrete compressive strength).  A

sketch of the prototype column cross section is shown in Figure 2.1.
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Figure 2.1: Prototype Cross Section of Column

Each column in the experimental program was given an identification number that

denoted the column aspect ratio and longitudinal reinforcement ratio.  Because each column

contained a longtudinal reinforcement ratio of 2.75 percent, the last two digits in the

identification number for each column are -28.  The first digit(s) account for the column aspect

ratio, 3, 8, and 10.  The two columns with an aspect ratio of 3 were distinguished from each other

by an additional “T” at the end of the identification number for Column 328T, which means that

the column contained a transition in the amount of transverse steel provided.  The identification

numbers for the four columns in the experimental program were 328, 328T, 828, and 1028.

2.2 DESIGN OF PROTOTYPE COLUMNS

2.2.1 Design Criteria

Column 328 was designed in accordance with the provisions of the current Caltrans Bridge

Design Specifications [BDS, 1993].  The transverse reinforcement for this column was provided

at a constant spacing throughout the column height.  This column served as a baseline for

comparison for Column 328T, which was designed with transverse reinforcement details similar

to those used in the 1970s.  Specifically, two zones of confinement were prescribed for Column

328T.

The design of Columns 828 and 1028 was based on the requirements of the Applied

Technology Council Improved Seismic Design Criteria for California Bridges — Provisional

Recommendations [ATC-32, 1996].  ATC-32 prescribes two zones of confinement for slender



7

columns.  In both test specimens, the transverse steel required inside and outside the “plastic end

region” of the column was based on the minimum requirements for achieving a curvature

ductility of at least 13. Note that strength-reduction factors were not used in the design and

evaluation of the test specimens because the controls placed on material strengths, workmanship,

and dimensional tolerances were believed to be adequate to avoid understrength.

2.2.2 Material Strengths for Design

The BDS employ nominal (specified) material strengths in the analysis of bridge columns.

ATC-32 also uses nominal material strengths in the analysis of bridge columns except when

analyzing the design flexural strength; in that case, the “expected” material strengths are used.

Table 2.1 summarizes the material properties used in the analysis and design of prototype

Columns 328, 828, and 1028.

The design of Prototype Column 328T was based largely on the anticipated force

demands determined from a moment-curvature analysis of the prototype column cross section.

The effects of reinforcement strain hardening and confinement of the concrete core were

considered in the analysis.  Stress-strain relationships developed by Todeschini [1964] and

Mander [1988] were used to model the unconfined and confined concrete, respectively. An

assumed stress-strain history for the longitudinal reinforcement was based on the results of

material testing performed by Mazzoni [1997].  The concrete and steel stress-strain relationships

used in this analysis are shown in Figure A.1 of Appendix A. Note that the actual material

properties of the test specimens differ from those used in design.
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Table 2.1: Material Properties

Material Specified (psi) BDS (psi) ATC-32 (psi)

Steel Reinforcement

Longitudinal fy = 60,000 fy = 60,000
fy  = 66,000

fye = 66,000

Transverse fy = 60,000 fy = 60,000 fyh = 60,000

Concrete f′c = 4,000 f′c = 4,000
f′c = 4,000

f′ce = 5,200

Column Designation 328 828 and 1028

2.2.3 Design of Prototype 328

The nominal and plastic moment strengths of the prototype column for Specimen 328 were

calculated in accordance with BDS Paragraphs 8.16.2 and 8.16.4 [1993].  In calculating the

nominal flexural strength of the columns, the maximum allowable unconfined concrete strain

was limited to 0.003.  The nominal moment strength (Mn) was then factored by 1.3 to obtain the

plastic moment strength (Mp).  Mn and Mp for the prototype column of Specimen 328 were

estimated to be 5050 kip-feet and 6565 kip-feet, respectively.

The ultimate shear demand (Vp) on the prototype column was determined by dividing Mp

by the shear span, 12 feet.  The following equations were used to estimate the shear strength

contribution attributed to the concrete and the shear strength required of the transverse steel, in

accordance with BDS Section 8.16.6.

sc VVV +=p (Eq. 2-1)

dbf
A

P
V wc

g

e
c ⋅′












⋅

+=
2000

12 (Eq. 2-2)

cpdreqs VVV −=⋅ ' (Eq. 2-3)
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The values for Vp, Vc, Vs req’d are 547 kips, 289 kips, and 258 kips, respectively.

The amount of transverse reinforcement provided in Columns 328 was based on the

following minimum requirements determined from BDS Equation 8-53, Equation 8-62, and

Paragraph 8.18.2.2.2 [1993], respectively:

s

DfA
V ysp

dreqs

′
=⋅

2
' (Eq. 2-4)

y

c

c

g
s f

f

A

A ′






−= 145.0ρ (Eq. 2-5)











′

+
′

=
gc

e

y

c
s Af

P

f

f
25.15.012.0ρ (Eq. 2-6)

Based on Equation 2-4, the controlling requirement, a minimum transverse reinforcement spacing

of 5 inches was required.

2.2.4 Design of Prototype 328T

Prototype column 328T was designed with typical 1970s transverse reinforcement details,

similar to those of the Bull Creek columns.  The column was designed with two distinct zones of

confinement, a well-confined zone within the plastic end region of the column and a lightly

confined intermediate zone.  The transverse reinforcement details within the well-confined zone,

extending over a length of one column diameter, were the same as those of Specimen 328.

The design of the transverse reinforcement in the intermediate zone was based on

achieving a shear demand-capacity ratio of one.  The design objective was to achieve a

theoretically balanced shear-flexure failure mechanism at the point of transition between the

well-confined and lightly confined regions. The anticipated shear demand was determined from a

moment-curvature analysis performed on the prototype column cross section.  Given the design

shear demand of 625 kips, the transverse reinforcement required inside the lightly confined

region was determined using the BDS shear strength equations, neglecting minimum
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reinforcement requirements.  The analysis was based on anticipated values of the compressive

strength of the concrete (5200 psi) and yield strength of the transverse steel (85,000 psi).

Once the shear reinforcement was determined in the lightly confined region, an additional

moment-curvature analysis of the cross section was performed to ensure that sufficient flexural

strength was provided.  Given the results of these analyses, it was determined that a spiral pitch

of 9 inches in the intermediate zone of the prototype column would achieve the desired objective

of a balanced failure mechanism at the transition of the spiral pitch.

2.2.5 Design of Prototypes 828 and 1028

The prototype columns for Specimens 828 and 1028 were designed in accordance with the

provisions of ATC-32 [1996].  The nominal and plastic moment strengths of the prototype

columns were calculated in accordance with Paragraphs 8.16.2 and 8.16.4.  In calculating the

nominal flexural strength of the columns, the maximum allowable unconfined concrete strain

was limited to 0.004. The nominal moment strength (Mn) was factored by 1.4 to estimate the

plastic moment strength (Mp).  Mn and Mp for Columns 828 and 1028 were calculated to be 5800

kip-feet and 8120 kip-feet, respectively.

The ultimate shear demand on each prototype column (Vp) was determined by dividing

Mp by the column shear span, 32 feet and 40 feet for Columns 828 and 1028, respectively.  The

ATC-32 equations listed below were used to calculate the concrete shear strength within each

column.  Nominal material strengths were used in the analysis of the column shear strength,
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where Ae = 0.8 Ag.  Note that ATC-32 provides separate values for calculating the concrete shear

strength inside and outside the zone of potential plastic hinging, defined above as length Lp.  ATC-

32 defines the plastic hinge zone for a column as being the greater of (a) the section dimension in

the direction of loading considered and (b) that portion of the column over which the moment
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exceeds 80 percent of the maximum expected moment.  Thus, for Specimens 828 and 1028, Lp was

determined to be 36 inches and 48 inches, respectively.

The amount of transverse reinforcement required for shear strength in Columns 828 and

1028 was determined using the following equations:

cpdreqs VVV −=⋅ ' (Eq. 2-9)
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For Columns 828 and 1028, the curvature ductility requirements of ATC-32 Paragraphs

8.18.2.2.2 and 8.18.2.2.3 controlled the amount of transverse steel required inside and outside the

column plastic end region.  The minimum amount of transverse reinforcement required was

determined as follows:
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With the exception of the second term, the equation for ρs inside the plastic hinge zone is

similar to the provision in the current BDS Section 8.18.2.2.2 [1993].  This provision is intended

to ensure that the column section will have a dependable section curvature ductility capacity

(φu/φy) of at least 13.

Table 2.2 summarizes the transverse reinforcement required within the prototype

columns based on the various requirements.
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Table 2.2: Hoop Reinforcement Required

Column Transverse Steel inside P.H. zone Transverse Steel outside P.H. zone

328 No. 5 spiral @ 5" pitch No. 5 spiral @ 5" pitch

328T No. 5 spiral @ 5" pitch No. 5 spiral @ 9" pitch

828 No. 5 spiral @ 3" pitch No. 5 spiral @ 6" pitch

1028 No. 5 spiral @ 3" pitch No. 5 spiral @ 6" pitch

Because the primary test objective was to determine the effects of varied zones of

confinement and aspect ratio on column behavior, it was decided that the transverse

reinforcement ratio should remain constant within the plastic hinge zone.  Thus, a default spacing

of 3 inches for the spiral was used in the plastic end region of each column, as well as throughout

the height of Column 328.  The transverse reinforcement provided in each prototype column is

summarized in Table 2.3.

Table 2.3: Hoop Reinforcement Provided

Column Transverse Steel inside P.H. zone Transverse Steel outside P.H. zone

328 No. 5 spiral @ 3" pitch No. 5 spiral @ 3" pitch

328T No. 5 spiral @ 3" pitch No. 5 spiral @ 9" pitch

828 No. 5 spiral @ 3" pitch No. 5 spiral @ 6" pitch

1028 No. 5 spiral @ 3" pitch No. 5 spiral @ 6" pitch

2.3 TEST SPECIMEN DESIGN DETAILS

The test specimens were one-half scale representations of the prototype columns.  All geometries

were scaled, as closely as practicable, by one half.  The longitudinal and transverse

reinforcement of the prototype columns consisted of No. 9 bars and No. 5 bars, respectively.  In

the test specimens, No. 6 bars and No. 2 spirals were used for the longitudinal and transverse

steel, respectively.  Although a No. 5 bar scales more closely by one-half relative to a No. 9 bar,

the number of bars required created concerns regarding constructibility.  Therefore, to reduce
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congestion of reinforcement around the critical section of the column, No. 6 bars were chosen

instead.  The number of bars was adjusted to achieve approximately the target longitudinal

reinforcement ratio of 0.028.

A brief summary of the overall geometry and details of the column test specimens is

presented in Table 2.4.  The column test specimens have a nominal 1-inch-thick concrete cover

surrounding the spiral hoop.

Table 2.4: Test Specimen Reinforcement

Column Height Diameter Long. Bars Transverse Steel inside
P.H. zone

Transverse Steel outside
P.H. zone

328 6'-0" 2'-0" 28 – No. 6 No. 2 @1" pitch No 2 @ 1" pitch

328T 6'-0" 2'-0" 28 – No. 6 No. 2 @1" pitch No 2 @ 3" pitch

828 16'-0" 2'-0" 28 – No. 6 No. 2 @1" pitch No 2 @ 2" pitch

1028 20'-0" 2'-0" 28 – No. 6 No. 2 @1" pitch No 2 @ 2" pitch

The test specimens were founded atop a reinforced concrete anchor block that was 4 feet

by 8 feet in plan and 2 feet deep.  The column longitudinal reinforcement was continuous into

the anchor block, representing a rigid moment-resisting connection.  The reinforcement details

within the anchor block were designed to preclude primary inelastic action from occurring within

the block. Construction drawings, details, and specifications used in the steel fabrication and

construction of the test specimens are presented in the Appendix B.

2.4 MATERIALS USED IN CONSTRUCTION OF TEST SPECIMENS

2.4.1 Steel

With the exception of the spiral reinforcement, all reinforcing steel used to construct the test

specimens consisted of Grade 60 deformed bar conforming to the American Society of Testing

and Materials (ASTM) Designation A706.  The spiral reinforcement consisted of smooth bar

conforming to ASTM Designation A82.  The use of smooth A82 bar in the test specimens was

necessitated by two factors: (a) Caltrans Standard Specifications [CSS, 1992] require that spiral

reinforcement in structures conform to the specifications of ASTM Designation A82 for wire or
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ASTM Designation A615, Grade 60 for deformed bar and (b) No. 2, A615, Grade 60 rebar is

readily available only in 20 foot lengths, requiring numerous, undesirable splices.  The steel

reinforcement for all four columns was ordered at the same time, and each steel type was

manufactured from the same batch and heat to maintain consistency.

Three material samples each of the No. 6, A706, Grade 60 column longitudinal steel and

the No. 2, A82 smooth bar spiral were supplied in addition to the steel reinforcement used to

construct the test specimens.  The material samples were manufactured from the same batch and

heat as the reinforcement used in the columns.  The samples were machined into coupons and

tested in tension to obtain stress versus strain relationships. These relationships were

subsequently used in a moment-curvature analysis to evaluate the behavior of the test specimens.

The stress versus strain relationships for the test coupons are presented in Figure A.2 of

Appendix A.

2.4.2 Concrete

Normal weight concrete was used to construct the test specimens.  The target parameters of the

design concrete mix are provided in Table 2.5.  The quantities of the components in the target

mix design are provided in Table 2.6.

Table 2.5: Concrete Mix Design Parameters

28-Day Strength 4000 psi, not to exceed 5500 psi

Water/Cement Ratio 0.530

Cement Type ASTM C-150 Type II   (6 sacks)

Slump 5"  +/-  1"

Water-reducing Agent ASTM C-494 Type A

Retarder ASTM C-494 Type D

Maximum Aggregate Size 3/8"
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Table 2.6: Target Mix Component Volumes and Weights

Material Target Volume Target Weight

3/8″ Coarse Aggregate 7.47 ft3 1250 lbs

Regular Top Sand 8.25 ft3 1374 lbs

Blend Sand 3.21 ft3 521 lbs

Cement 2.87 ft3 564 lbs

Water:  36 gallons 4.79 ft3 299 lbs

Admixtures:  Water-reducing Agent

                       Retarder

0.41 ft3 11.3 fl. oz.

16.9 fl. oz.

TOTAL: 27 ft3 4009 lbs

For all concrete batches, standard compression testing of 6-inch by 12-inch concrete

cylinders was performed at approximately 7-day intervals up to 28 days.  Compression and split-

tension tests were also performed on the concrete cylinders within a few days after the

completion of a test; the stress versus strain relationships for the compression tests are presented

in Figure A.3 of Appendix A.

The concrete cylinders were stored adjacent to the actual test specimens, ensuring that

each cylinder would be exposed to the same external environmental conditions as the actual

specimens during curing.  The molds for the concrete cylinders of the column elements were

removed from each cylinder after 7 days of curing, in conjunction with the removal of the

column formwork of the actual test specimens.  The concrete cylinders representative of the

anchor block concrete remained in the cylinder molds until the time of material testing.  This was

done to represent the curing of the concrete inside the column-anchor block joint, which is

heavily confined by the surrounding concrete and is not readily exposed to the environment.

2.5 CONSTRUCTION PROCEDURE

The steel used in the construction of the test specimens was cut and bent by a local steel

fabricator before being delivered to the job site.  A local contractor and the steel fabricator

constructed the specimens at the Richmond Field Station, University of California, Berkeley.
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Concrete formwork for the anchor blocks was constructed of dimensioned lumber and plywood.

The assembly of the steel cages began with the placement of the bottom mat of reinforcing steel

into the anchor block form.  Next, the column cages were assembled on chairs (Figure 2.2) and

were subsequently lifted to an upright position and placed atop the bottom mat of reinforcing

steel within the anchor block.  Once the column steel was aligned, plumbed, and secured in the

anchor block, the top mat of anchor block reinforcing steel was woven through the column cage

and tied into place.  Lifting anchors were placed in the anchor block to enable moving of the

specimens into the test bay.  Concrete was placed into the anchor block formwork with the aid of

a pump and mechanical vibrators.  The exposed surface of the anchor block was finished with a

smooth trowel and covered with saturated carpet and plastic for a period of seven days.

Figure 2.2: Assembly of Steel Cage for Column 1028 (note steel cages
for Columns 328 and 328T in background)

A few days after placement of the anchor block concrete, a 2-foot diameter Burke heavy

wall tube was placed over each column cage to serve as formwork. Prior to the installation of the

Burke tubes, 1-inch-thick concrete dobies were tied to the exterior of the column cage to

maintain a uniform cover over the column height.  Holes were drilled into the tubes to allow for

the insertion of the instrumentation rods.  These holes were sealed with pipe insulation to prevent
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Figure 2.3: Anchor Block and Steel Cage for
Columns 328 and 328T

leakage during concrete placement.  As a result, small impressions remained in the finished

surface of the concrete at the location of each instrumentation rod.  Each column form was

reinforced with wood bracing and metal banding straps to resist hydrostatic pressure during

placement of the concrete.  Concrete was placed into the column forms with the aid of a pump

and mechanical vibrators.  The column formwork was removed after a curing period of seven

days (Figure 2.3).

2.6 INSTRUMENTATION
       OF TEST SPECIMENS

Each test specimen

was instrumented with

potentiometers and strain gages

to monitor global, local, and

internal deformations during

testing.  Internally, TML YFLA-

5 electrical resistance strain

gages with a gage factor of 2.14

were installed on the extreme

longitudinal steel bar at the north

and south faces of the column.

These gages were placed on the

side of the longitudinal bar

parallel to the direction of

loading.

TML FLK-1-11 electrical

resistance strain gages with a

gage factor of 2.11 were

installed on the spiral

reinforcement at the north,

south, and east column faces.  These gages were placed on the exterior face of the spiral.  Prior to

installation of the gages, the steel reinforcement was filed by hand to expose a smooth surface,
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free of mill scale, scratches, protrusions, and other imperfections.  The strain gages were then

attached to the steel reinforcement with adhesive.  Electrical wire cable, running from the data

acquisition system, was soldered to each gage terminal.  All gages on the longitudinal bars were

installed prior to the fabrication of the reinforcing cages.  The spiral gages were installed after

fabrication of the cages.

Externally, analog linear potentiometers with either a 1-inch or 2-inch stroke were

installed to monitor vertical and shear deformations.  The potentiometers were mounted on steel

rods that passed horizontally through the column cross section and were cast into the column.

The rods were encased in vinyl sleeves to inhibit bond with the surrounding concrete, although a

3-inch-long segment at the center of the rod remained exposed as necessary to fix the rods within

the concrete and to prevent the rods from slipping during testing.  In general, the location of the

internal and external instrumentation coincided at the same level, which was determined to be a

multiple of the column diameter. Figures 2.4 through 2.6 show the internal and external

instrumentation layout for the four columns in the test series.



19

Figure 2.4: Internal Instrumentation
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Figure 2.5: External Instrumentation for Columns 328 and 328T
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Figure 2.6: External Instrumentation for Columns 828 and 1028

The global horizontal displacement of the column tip was measured using either a linear

variable differential transformer (LVDT) or a direct current differential transformer (DCDT) in

the small displacements range; wire potentiometers were used in the large displacements range.

These instruments were attached to an instrumentation column, isolated from the test specimen

and the loading frame.  An X-Y plotter was used to monitor the lateral load-displacement

relationship of the column during testing.  Global horizontal displacements were measured at

various other levels of the column using linear and wire potentiometers mounted to the

instrumentation column.  Global rotation of the anchor block, column, and axial load spreader

beam were measured using clinometers.
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The Neff System 620 Data Acquisition System (Neff) was used to interpret the signals

provided by each instrumentation channel and to convert the signals into digital information.  A

PC-type computer, interfaced with the Neff, was used to record the channel information during

testing.  DAS85, a DOS-based data acquisition software program, was used to process the

incoming data.  Utilizing this computer application, all data readings taken during testing were

stored to a data file.

2.7 TEST SETUP

Prior to testing each column, the NEFF was used to calibrate the external and internal

instrumentation.  Calibration of the internal strain gages was accomplished by shunting a resistor

across the strain gage channels and then verifying the corresponding strain value readings for

each gage.  By taking readings before and after this calibration process, it was possible to

ascertain whether the strain gages were stable and operating properly.  The channels that were

determined to be unstable during calibration were removed from the system; thus, no data were

recorded for the gages corresponding to the unstable channels.

Calibration of the linear and wire potentiometers was accomplished through a calibration

process within the DAS85 program shell.  Calibration blocks were used to move the plunger to

three independent predetermined displacements.  Recording the signals processed by the Neff for

the three displacements, DAS85 calculated the appropriate calibration factor for the

potentiometer. The calibration factors were verified through a similar process of moving the

potentiometer plunger to a predetermined displacement and by comparing the known

displacement value to the value read by the data acquisition system.

The axial load was applied through two high-strength rods, located on the east and west

sides of the column, attached to a spreader beam spanning across the column top.  Each rod was

connected in series to a loading jack, a load cell, and a clevis attached to the laboratory floor.

The axial load was reacted into the concrete strong floor via steel post-tension rods anchored

through the floor.  Each loading jack was controlled by a pneumatic pump that was operated

manually during testing.  The load cells were used to monitor the applied axial load during

testing.
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The simulated earthquake loading was applied through a horizontal actuator connected to

the column top.  The lateral force was applied under displacement control in a reversed, cyclic

manner.  The applied lateral load was reacted against a steel reaction frame connected to the

laboratory strong floor.  A load cell was placed in series with the actuator to monitor the applied

load during testing.

A schematic representation of the laboratory test set up is shown in Figure 2.7.  The

columns were tested in the upright position.  The horizontal load was applied to the free end of

the column, and the top of the column was free to translate and rotate.  The anchor block was

secured to the laboratory floor with post-tensioning rods.  The rods were placed on the north and

south sides of the column at a distance of 3 feet from the column center.

Figure 2.7: Test Set-Up Configuration
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2.8 TEST PROCEDURE

The testing program commenced with setting all instrumentation to a zero value using DAS85.

The axial load was then applied, simulating the gravity load on the column.  The applied axial

load was maintained at a constant level throughout the test.

Reversed lateral loading was applied at the column top by a hydraulic actuator.  The

actuator load was applied pseudo-statically to facilitate observations of the column behavior,

such as cracking, spalling, bar buckling, and bar fracture.  By applying the load in a pseudo-static

manner, cracks and damage were allowed to propagate in a more accentuated manner than would

be likely to occur under dynamic loading.

Data were recorded by the data acquisition system, which required manual control,

throughout the application of the axial and lateral loads.  The lateral load and column tip

displacement were recorded continuously using an X-Y plotter.  Once the maximum

displacement was reached for each cycle, the lateral load was allowed to drop slightly and the

displacement was held constant, while cracks were marked and photographs of the test specimen

were taken.  In general, a test was concluded when the column strength deteriorated to less than

60 percent of its maximum strength.  For Column 828, the test was concluded when the travel

limits of the horizontal actuator were reached.  Upon completion of a test, the column was

displaced to a position of zero lateral load, and the axial load on the column was released.

2.9 LOADING DESCRIPTION

The displacement history for each column was predetermined based on a cross-sectional analysis

of the column.  The test specimen was cycled three times at each displacement level.  A single

cycle consisted of pulling the actuator north and pushing the actuator south (Figure 2.7) to the

prescribed displacement level.  In addition, a small cycle equal to one third of the preceding

displacement level was applied following the “inelastic” cycles. The “elastic” displacement

cycles imposed include cycles at cracking, two cycles between cracking and yield, and cycles at

the estimated yield displacement.  The inelastic displacement cycles were imposed at

approximately 1.5, 2, 3, 5, and 7 times the yield displacement.
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The anticipated cracking and yield displacements for Columns 328 and 328T were

determined from analysis to be approximately 0.05 inches and 0.40 inches, respectively.  The

two cycles between cracking and yield were imposed at global displacements of 0.10 inches and

0.20 inches, respectively.  Subsequent inelastic displacement cycles were imposed at

displacement ductilities of 1.5, 2, 3, 5, 7, 10, and 13.

The displacement histories imposed on Columns 828 and 1028 during testing were the

same as those for Columns 815 and 1015 [Lehman, 1998].  The purpose for using the same

displacement histories for the two test series was to facilitate comparison of the behavior and

response of slender columns with identical aspect ratios.



3 Experimental Results

3.1 INTRODUCTION

This chapter presents the experimental data along with visual observations performed during

testing of each column.  Visual observations include the initiation and progression of cracking

and spalling throughout the column height.  Measured observations are primarily focused on the

component deformations of flexure, shear, and slip that contribute to the total column

displacement.  Strain profiles as measured by the external potentiometers and internal strain

gages are also explored to gain insight into the strain demands imposed along the column height.

A table is provided for each column that summarizes the data obtained at the peak displacements.

3.2 VISUAL OBSERVATIONS

3.2.1 Cracking

Before the experimental testing of each column, shrinkage cracks were observed and marked on

the column faces.  Columns 828 and 1028 exhibited more shrinkage cracking than Columns 328

and 328T.  It is possible that the difficulty in placing and vibrating the concrete at the base of

Columns 828 and 1028 contributed to the increasing number of shrinkage cracks in both

columns.

New cracks that were observed on the column faces after the first peaks (north and south)

of each displacement cycle were indicated with marking pens.  The propagation of these cracks

was monitored throughout the testing program.  In addition, crack widths at various elevations on

the north and south column faces were measured and recorded after the first peak of each

displacement cycle and at the end of each displacement cycle at zero displacement.  Drawings

showing the column cracking and measured crack widths at each displacement cycle are
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presented in Appendix A.  In general, the existing cracks became wider and new cracks appeared

with each successive increase in lateral displacement of the column.

3.2.2 Concrete Spalling

Initial spalling, or separation between the cover concrete and core concrete, occurred at a

displacement ductility between 3.25 and 3.75.  The spalling height increased progressively with

increasing lateral displacement of the column.  Tables 3.1 through 3.4 show the spalling history

of each column in the experimental program.

Table 3.1: Spalling History for Column 328

Height of Spalling
Spalling State Displacement Cycle

North Face South Face

Initial spalling 1.2 inches 7.5 inches 5 inches

Moderate spalling 2.0 inches 15 inches 7 inches

Stable spalling 2.8 inches 15 inches 15.5 inches

Table 3.2: Spalling History for Column 328T

Height of Spalling
Spalling State Displacement Cycle

North Face South Face

Initial spalling 1.2 inches 4.5 inches 6 inches

Moderate spalling 2.0 inches 8 inches 7 inches

2.8 inches 11 inches 13.5 inches

Stable spalling 4.0 inches 14 inches 16 inches

Table 3.3: Spalling History for Column 828

Height of Spalling
Spalling State Displacement Cycle

North Face South Face

Initial spalling 7.0 inches 5 inches 5 inches

Moderate spalling 10.5 inches 22 inches 33 inches

Stable spalling 17.5 inches 38 inches 34 inches
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Table 3.4: Spalling History for Column 1028

Height of Spalling
Spalling State Displacement Cycle

North Face South Face

Initial spalling 10.0 inches 22 inches 22 inches

Moderate spalling 15.0 inches 27.5 inches 36 inches

25.0  inches 46 inches 46 inches

Stable spalling 35.0 inches 53 inches 46 inches

3.3 MEASURED OBSERVATIONS

As previously mentioned, each column was instrumented with linear potentiometers, wire

potentiometers, and strain gages to record the deformations of the column during testing.  The

recorded data were resolved into component deformations to provide insight into the load-

displacement behavior of the column.  Specifically, the global deformation of each column was

resolved into component deformations resulting from flexure, shear, and slip (strain penetration

of the longitudinal steel into the anchor block).  The strains of the longitudinal and spiral

reinforcement were measured to provide an indication of the strains imposed during testing and

to assist in interpreting the data obtained from the external instrumentation.  The data reduction

subroutines used to analyze the data were originally written by Lehman [1998] and were

modified slightly to analyze the columns in this experimental program.  The procedures are

described below.

3.3.1 Flexural Displacement Component

The flexural displacement component was determined from the displacements measured by the

four vertical potentiometers at each instrumentation level (Figures 2.4 and 2.5).  First, the

measured displacements on both the north side and south side of the column were averaged.  The

difference in the magnitudes of the resulting displacements was divided by the horizontal

distance between the north and south potentiometers to obtain the rotation of the column at the

subject instrumentation level.  The flexural displacement component at each instrumentation

level was obtained by multiplying one half of the calculated rotation by the vertical distance
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between instrumentation levels.  Cumulative rotations and flexural displacements of lower levels

were accounted for in the flexural displacement calculations as the analysis proceeded up the

column height.  Above the uppermost instrumentation level, the flexural displacement

component was assumed to vary linearly and was calculated as the sine of the rotation angle

measured at the uppermost instrumentation level multiplied by the differential column elevation

above that level.

3.3.2 Shear Displacement Component

The shear displacement component was determined from the deformations measured by the

diagonal potentiometers at each instrumentation level (Figures 2.4 and 2.5).  The deformation

measured by the diagonal potentiometers contained components due to flexural rotation of the

column cross section and shear deformations.  The diagonal deformation component due to

flexural rotation of the column was subtracted from the overall displacement of the diagonal

potentiometer to obtain the diagonal deformation resulting from shear alone.  This shear

deformation was then added to the original undeformed diagonal length to obtain the total

deformed length of the diagonal due to shear.  Given this total deformed length, as well as the

original height and width of the diagonal, the change in horizontal displacement of the column

due to shear was calculated.  A purely translational change in displacement of the column cross

section was assumed, without a change in vertical deformation.  In addition, the vertical

potentiometers were assumed to remain vertical, without any lateral offset between

instrumentation levels.  Shear deformation contributions above the uppermost instrumentation

level were believed to be minimal and were ignored.

3.3.3 Slip Displacement Component

The displacement component due to slip was based on the deformations recorded by the vertical

potentiometers located at the bottom instrumentation level of the column.  The instruments at

this level were placed at a height of approximately 6 inches above the column interface with the

concrete anchor block (Figures 2.4 and 2.4).  Although the deformations measured by these

instruments include the change in flexural rotation within the first 6 inches of the column, it was



��

presumed that the deformation recorded by the potentiometers at this bottom level was primarily

the result of strain penetration of the longitudinal steel into the anchor block.

The method used to obtain the slip displacement component is similar to that used for

obtaining the flexural displacement component, as described above.  First, the two measured

displacements on both the north side and south side of the column were averaged.  The

magnitudes of the two resulting displacements were then summed together and subsequently

divided by the horizontal distance between the north and south potentiometers to obtain the

rotation of the column due to slip.  Assuming that the column rotated about its midpoint, the

horizontal displacement component due to slip was obtained by multiplying the calculated

rotation by the column elevation.

3.3.4 Global Loads and Displacements

As noted previously, the global tip displacement was measured using an LVDT or DCDT in the

small displacements range and a wire potentiometer in the large displacements range.  The lateral

load was measured using a load cell placed in series with the horizontal actuator.

Each of the four specimens exhibited a displacement ductility greater than 8.  The yield

displacement of each column was defined to be the displacement corresponding to the first yield

of the most extreme longitudinal bar in tension, as measured by the longitudinal strain gages.

The yield strain of the longitudinal bar was determined to be 0.0024.  Table 3.5 lists the yield

displacement, ultimate displacement, and displacement ductility of each column.

Load-displacement relations are presented in subsequent sections.

Table 3.5: Displacement Ductility for Experimental Columns

Column No.
Yield

Displacement (in.)

Ultimate

Displacement (in.)

Displacement

Ducility

328 0.57 5.2 9

328T 0.51 5.2 10

828 2.38 18.5+ 8+

1028 3.87 35 9
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3.3.5 Measured Strain Profiles

Plots of strain profiles showing nominal compressive strains in the concrete for each column are

presented in Figures A.4 through A.7 of Appendix A.  The plots show the strains measured along

the column height at the first north and south peak of each displacement level.  The concrete

compressive strains shown are average strains obtained from the external potentiometer

displacements, which were linearly interpolated back to the center of the spiral reinforcement.

Note that the deformation measurements provided by the potentiometers at the bottom

instrumentation level include contributions due to flexural rotations as well as tensile slip from

the foundations and compressive indentation of the foundations.  The nominal compressive

strains provided in Tables 3.6 through 3.9 are from the bottom instrumentation level; it was

assumed that the foundation was rigid and that compressive strain occurs only in the column.

Plots of strain profiles showing tensile strains in the transverse steel, Figures A.8 through

A.11, and in the longitudinal steel, Figures A.12 through A.15, for each column are shown in

Appendix A.  The measured readings from the strain gages are plotted at the strain gage location

and connected by straight lines.  The plots show the strains measured along the column height at

the first north and south peak of each displacement level.

3.4 COLUMN 328 — EXPERIMENTAL RESULTS

Column 328 exhibited ductile behavior and relatively full and stable hysteresis loops until

failure.  The column achieved a displacement ductility of 9.  Its load-displacement response is

shown in Figure 3.1.
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COLUMN 328 - Load vs. Displacement
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Figure 3.1: Hysteretic Response of Column 328

Figure 3.2 shows the displacement components represented as a percentage of the total

displacement at each displacement cycle.  In general, the slip component is significantly greater

than the flexural component.  In addition, as much as 15 to 20 percent of the total displacement

consists of shear deformations.  A significant amount of error, 30 percent, exists at the lowest

displacement levels.  This error is primarily due to the sensitivity of the vertical potentiometers,

which are not capable of measuring the minute deformations during these low-level cycles.

Also, note that the sum of the component deformations at the larger displacement cycles exceeds

the total column deformation.  This error is likely due to the cumulative affect of instrument

errors and errors in the simplified models and procedures used to resolve the measured behavior

into component deformations.

Flexural cracking in Column 328 was first observed during the 0.20-inch displacement

cycle, approximately one third of the yield displacement and 0.28 percent drift.  The average

crack spacing was observed to be approximately 5.5 inches.  The cracks propagated further

around the column and became progressively closer in spacing with increasing tip displacement.

By the 0.80-inch displacement cycle, the crack spacing was observed to be approximately 4.5
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inches (Figure 3.3).  The cracking became somewhat stable following this displacement level,

with relatively few new cracks forming.

Column 328:  Component Deformations vs. Displacement Cycle
(North Loading)
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Figure 3.2: Column 328 Component Deformations

Initial concrete spalling of Column 328 occurred at a north displacement of 1.2 inches

and up to a height of 7.5 inches above the column base.  The height of spalling progressively

increased with increasing displacement (Figure 3.4).  Spalling was observed to stabilize at a

displacement of 2.8 inches.  The maximum spalling height was 15.5 inches above the column

base (Figure 3.5).  The spalled concrete cover on the north face of the column was measured to

be approximately 1-inch thick.

The first yield of the south face longitudinal steel was observed at a north tip

displacement of 0.57 inches.  Bar buckling of the longitudinal steel was observed during the first

north cycle of the 5.2-inch displacement cycle.  At the north peak of this cycle, the spiral

reinforcement was observed to fracture at a height of 4 inches above the column base.  In

addition, large diagonal cracks were visible on the west face of the column.  Six longitudinal bars
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were observed to buckle during the second north peak of the 5.2-inch displacement cycle (Figure

3.6).  Two longitudinal bars on the north side were observed to fracture and six longitudinal bars

on the south side were observed to buckle as the column was displaced towards the second south

peak.  At the third north peak of the 5.2-inch displacement cycle, the column had lost more than

one third of its original strength.  The final damaged condition of Column 328 is shown in Figure

3.7.

Table 3.6 summarizes the data obtained at the first north peak of the last seven

displacement cycles, including displacement and rotation ductilities, displacement components,

compressive and tensile strains, spalling height, and crack widths.  The yield displacement and

rotations are based on values measured at the first yield of the longitudinal steel, as described in

Section 3.1.

Table 3.6: Column 328 Performance History

Displacement Cycle North 0.60" 0.80" 1.20" 2.00" 2.80" 4.00" 5.20"

Displacement Ductility 1.1 1.4 2.1 3.5 4.9 7.0 9.1

Flexural Displacement (in.) 0.3 0.3 0.4 0.7 1.0 1.3 1.6

Slip Displacement (in.) 0.2 0.4 0.7 1.1 1.5 2.2 2.9

Shear Displacement (in.) 0.1 0.2 0.2 0.3 0.5 0.7 1.0

Rotation Ductility @ 6" el. 1.0 1.6 2.8 4.7 6.4 9.6 12.5

Rotation Ductility @ 24" el. 1.0 1.2 1.5 2.0 4.1 5.9 7.1

Nominal Compressive Strain1 -0.0062 -0.0088 -0.0138 -0.0241 -0.0345 -0.0527 -0.0688

Longitudinal Steel Tensile Strain2 0.0037 0.0169 0.0195 0.0239 0.0331 N/A N/A

Transverse Steel Strain3 0.0002 0.0004 0.0007 0.0013 0.0020 0.0032 N/A

Spalled Height (in.) N/A N/A 7.5 15 15 15 15

Max. Crack Width @ 11.6" (in.) 0.007 0.013 0.02 0.03 0.04 0.06 0.05
1Nominal compressive strain determined by vertical potentiometer data, linearly interpolated back to center of spiral hoop;
obtained at a height of 6 inches.
2Longitudinal steel strain read by gage at base of column on south face.
3Transverse steel strains shown are from the first north peak of each respective displacement cycle at a height of 6 inches above
the column base.
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Figure 3.3: Column 328 at a South Displacement of 0.8 inches
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Figure 3.4: North Face of Column 328 at a North Displacement of 2.0 Inches
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Figure 3.5: South Face of Column 328 at a North Displacement of 5.2 Inches

Figure 3.6: Buckled Longitudinal Steel of Column 328 at a North Displacement
of 5.2 Inches, Second Cycle
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Figure 3.7: Final Damaged Condition of Column 328



��

3.5 COLUMN 328T — EXPERIMENTAL RESULTS

Although Column 328T was designed to be shear critical, it displayed overall load-displacement

behavior that was similar to Column 328.  The column achieved a displacement ductility of 10.

The load-displacement history for Column 328T is shown in Figure 3.8.

COLUMN 328T - Load vs. Displacement
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Figure 3.8: Hysteretic Response of Column 328T

Figure 3.9 shows the displacement components at each displacement cycle as a

percentage of the total displacement for Column 328T.  The slip component is significantly

greater than the flexural contribution.  In addition, as much as 15 to 20 percent of the total

displacement consists of shear deformations.  The general trend of the displacement component

percentages is similar to that of Column 328.  A significant amount of error, 28 percent, exists at

the lowest displacement levels. Also, note that the sum of the component deformations at the

larger displacement cycles exceeds the total column deformation.  Possible sources of these

errors were discussed previously.
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Column 328T:  Component Deformations vs. Displacement Cycle
(North Loading)
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Figure 3.9: Column 328T Component Deformations

Flexural cracking in Column 328T was first observed during the 0.20-inch displacement

cycle, approximately 40 percent of the yield displacement and 0.28 percent drift.  The average

crack spacing was observed to be approximately 5 inches.  In general, the cracks propagated

further around the column and became closer in spacing with increasing tip displacement.  By

the 0.80-inch displacement cycle, the crack spacing was observed to be approximately 4 inches.

The cracking became somewhat stable following this displacement level, with relatively few new

cracks forming.

Initial concrete spalling of Column 328T occurred at a north displacement of 1.2 inches

and at a height of 6 inches above the column base.  The height of spalling progressively

increased with increasing displacement.  Spalling was observed to stabilize at a displacement of

4 inches (Figure 3.12).  The maximum spalling height ranged between 14 and 16 inches above

the column base.

At displacement levels exceeding the 1.2-inch cycle, large diagonal cracks were observed

outside the heavily confined zone of Column 328T (Figure 3.11).  These diagonal cracks were
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wider than those observed in Column 328.  The diagonal crack widths were measured to vary

from 0.025 inches at a column elevation of 12 inches to 0.03 inches at a column elevation of 48

inches.  In general, the crack width became wider as it crossed the transition zone of the

transverse steel.  In addition, the diagonal cracks were observed to be offset vertically along the

east-west column centerline (Figure 3.10).  This offset was measured to be 0.01 inches at zero

displacement and 0.03 inches at a displacement of 1.2 inches.  This offset appeared to become

larger with increasing displacement of the column.

Figure 3.10: Column 328T Shear Cracking and Vertical Offset
at a Displacement of 2.8 Inches

The first yield of the south face longitudinal steel was observed at a north tip

displacement of 0.51 inches.  Slight bowing of the transverse spiral and bar buckling of the

longitudinal steel was observed during the first north peak of the 5.2-inch displacement cycle.

At the second north peak of this displacement cycle, the spiral reinforcement was observed to

fracture at a height of 3 inches above the column base.  Five longitudinal bars were observed to

buckle during this second north displacement step.  Two longitudinal bars on the north side were
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observed to fracture and nine longitudinal bars on the south side were observed to buckle during

the second south displacement step (Figure 3.13).  At the third north peak of the 5.2-inch

displacment cycle, the column had lost approximately one third of its original strength. Columns

328 and 328T are shown side-by-side in their final damaged state in Figure 3.14.

Table 3.7 summarizes the data, including displacement and rotation ductilities,

displacement components, compressive and tensile strains, spalling height, and crack widths,

obtained at the first north peak of the last seven displacement cycles.  The yield displacement

and rotations are based on values measured at the first yield of the longitudinal steel, as

described in Section 3.1.

Table 3.7: Column 328T Performance Summary

Displacement Cycle North 0.60" 0.80" 1.20" 2.00" 2.80" 4.00" 5.20"

Displacement Ductility 1.2 1.6 2.4 3.9 5.5 7.8 10.2

Flexural Displacement (in.) 0.3 0.3 0.5 0.7 0.9 1.3 1.6

Slip Displacement (in.) 0.2 0.3 0.5 0.9 1.5 2.2 2.9

Shear Displacement (in.) 0.1 0.2 0.2 0.3 0.5 0.7 1.0

Rotation Ductility @ 6" el. 1.1 1.6 2.6 4.7 7.6 10.9 14.5

Rotation Ductility @ 24" el. 1.1 1.3 1.4 1.9 3.3 4.8 5.9

Nominal Compressive Strain1 -0.0062 -0.0081 -0.0129 -0.0185 -0.0365 -0.0502 -0.0637

Longitudinal Steel Tensile
Strain2

0.0037 0.0155 0.0224 0.0274 N/A N/A N/A

Transverse Steel Strain3 0.0002 0.0003 0.0005 0.0009 0.0015 0.0024 0.0027

Spalled Height (in.) N/A N/A 4.5 8 11 14 14

Max. Crack Width @ 7" 0.009 0.013 0.04 0.06 0.04 0.05 0.02
1Nominal compressive strain determined by vertical potentiometer data, linearly interpolated back to center of spiral hoop;
obtained at a height of 6 inches.
2Longitudinal steel strain read by gage at base of column on south face.
3Transverse steel strains shown are from the first north peak of each respective displacement cycle at a height of 6 inches
above the column base.
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Figure 3.11: Column 328T at a South Displacement of 1.2 Inches



��

Figure 3.12: Column 328T at a South Displacement of 4.0 Inches
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Figure 3.13:  Buckling of Longitudinal Steel in Column 328T
at a South Displacement of 5.2 Inches, Second Cycle

Figure 3.14: Final Damaged Condition of Column 328T (left) and Column 328 (right)
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3.6 COLUMN 828 — EXPERIMENTAL RESULTS

Column 828, designed in accordance with the provisions of ATC-32 [1996], also showed ductile

response with relatively full hysteresis loops until the end of testing.  However, the load-

displacement loops were slightly more pinched at large displacement amplitudes than those of

Columns 328 and 328T.  The column achieved a displacement ductility of at least 8.  The load-

displacement history for this column is shown in Figure 3.15.

COLUMN 828 - Load vs. Displacement
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Figure 3.15: Hysteretic Response of Column 828

Figures 3.16 and 3.17 show the north and south displacement components, respectively,

expressed as a percentage of the total displacement at each displacement cycle for Column 828.

In general, the flexural component deformation was the predominant contributor to the total

column displacement.  Nevertheless, as much as 20 to 30 percent of the total displacement

consists of slip.  A significant amount of error, 37 percent, exists at the lowest displacement

levels for reasons described previously.  Note that the shear deformations contributed little to the

total column displacement.
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Column 828:  Component Deformations vs. Displacement Cycle
(North Loading)
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Figure 3.16: Column 828 North Component Deformations

For Specimen 828, the first flexural cracks were observed at a displacement of 0.60

inches, approximately 25 percent of the yield displacement and 0.3 percent drift.  The average

spacing between cracks in Column 828 was observed to be approximately 5 inches. Crack widths

above the transition zone in the transverse reinforcement were observed to be slightly wider than

those below the transition zone.  The crack width at the interface of the column and anchor block

of Column 828 ranged from 0.01 inches at a displacement of 1.75 inches to 0.24 inches at a

displacement of 17.5 inches.  First yield of the south face longitudinal steel was observed at a

north tip displacement of 2.38 inches.  The condition of Column 828 at a south displacement of

3.5 inches is shown in Figure 3.18.
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Column 828:  Component Deformations vs. Displacement Cycle
(South Loading)
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Figure 3.17: Column 828 South Component Deformations

Concrete spalling for Column 828 was initiated during the 5.25-inch displacement cycle

and progressed significantly throughout the 7-inch displacement cycle.  The height of spalling

increased with increasing displacement.  At a displacement of 10.5 inches, first north cycle, the

spalled height on the south face was observed to be approximately 12 inches above the column

base (Figure 3.19).  At the completion of the third 10.5-inch displacement cycle, the spalled

height on the south column face was observed to progress as high as 32 inches above the column

base.  The spalling stabilized at a displacement of 17.5 inches, with the maximum spalling height

ranging from 34 inches to 37 inches above the interface between the column and anchor block

(Figures 3.20 and 3.21).

The available stroke of the horizontal actuators used to displace the column tip was

expended following the completion of the 17.5-inch displacement cycle.  At this stage, the

residual strength remaining in the column exceeded 95 percent of its maximum strength.  No
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fracturing of transverse or longitudinal steel reinforcement was observed, and the concrete core

appeared to be intact (Figure 3.20).  At this juncture, it was decided to push the column as far as

possible.  After pulling the column north to a displacement of 18 inches, the column was pushed

in the south direction to a displacement of 30 inches (Figure 3.21).  To achieve this, the

horizontal actuators were detached from the column and withdrawn, spacers were inserted

between the actuators and the column to increase the stroke limit of the actuators, and the

actuators were then reattached to the assembly.

During this 30-inch displacement step, the center longitudinal bar on the north face of the

column fractured at a south displacement of 23.5 inches; the fracture occurred at an approximate

height of 6 inches above the interface of the column and anchor block.  At 30 inches, the spiral

reinforcement was observed to fracture at a height of 3 inches above the column base.  In

addition, the center bar was observed to buckle over a spacing of between 6 and 7 inches.  At a

displacement of 30 inches, the residual strength in the column exceeded 90 percent of its

maximum strength, although it is possible that significant strength degradation would have been

achieved under additional cycles since spiral fracture and bar buckling had begun to occur.

Tables 3.8 and 3.9 summarize the data, including displacement and rotation ductilities,

displacement components, compressive and tensile strains, spalling height, and crack widths,

obtained at the first north peak of the last seven displacement cycles.  The yield displacement

and rotations provided are based on values measured at the first yield of the longitudinal steel.
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Table 3.8: Column 828 North Cycle Performance Summary

Displacement Cycle North 0.60" 1.75" 3.50" 5.25" 7.00" 10.50" 17.50" 18.00"

Displacement Ductility 0.3 0.7 1.5 2.2 2.9 4.4 7.4 7.6

Flexural Displacement (in.) 0.4 1.2 2.3 3.1 3.8 5.7 10.2 10.7

Slip Displacement (in.) 0.1 0.4 0.8 1.6 2.5 3.8 4.9 5.7

Shear Displacement (in.) 0.0 0.0 0.1 0.2 0.3 0.5 0.7 1.2

Rotation Ductility @ 6" el. 0.2 0.8 1.8 3.4 5.5 8.2 10.7 10.7

Rotation Ductility @ 24" el. 0.3 0.9 1.5 2.2 3.6 8.4 8.3 8.3

Nominal Compressive
Strain1

-0.0013 -0.0034 -0.0058 -0.0097 -0.0156 -0.0318 -0.0240 -0.0369

Steel Tensile Strain2 0.0005 0.0018 0.0244 0.0259 0.0288 0.0388 0.0594 0.0621

Transverse Steel Strain3 0.0000 0.0001 0.0002 0.0006 0.0010 0.0016 N/A N/A

Spalled Height (in.) N/A N/A N/A N/A 5 22 38 38

Max. Crack Width @ 14" N/A 0.007 0.016 0.04 0.10 0.06 0.10 0.10
1Nominal compressive strain determined by vertical potentiometer data, linearly interpolated back to center of spiral hoop;
obtained at a height of  6 inches.
2Longitudinal steel strain read by gage at base of column on south face.
3Transverse steel strains shown are from the first north peak of each respective displacement cycle at a height of 6 inches
above the column base.

Table 3.9: Column 828 South Cycle Performance History

Displacement Cycle South 0.60" 1.75" 3.50" 5.25" 7.00" 10.50" 17.50" 30.00"

Displacement Ductility 0.3 0.7 1.5 2.2 2.9 4.4 7.3 12.5

Flexural Displacement (in.) 0.4 1.2 2.2 2.7 3.7 6.5 11.3 16.6

Slip Displacement (in.) 0.1 0.4 0.9 1.8 2.3 3.0 5.4 10.6

Shear Displacement (in.) 0.0 0.1 0.1 0.1 0.1 0.3 0.9 1.4

Rotation Ductility @ 6" el. 0.2 0.7 1.8 3.5 4.6 5.9 10.8 10.8

Rotation Ductility @ 24" el. 0.2 0.7 1.6 2.4 3.6 7.7 13.4 13.4

Nominal Compressive
Strain1

-0.0011 -0.0026 -0.0057 -0.0092 -0.0134 -0.0097 -0.0313 -0.0682

Steel Tensile Strain2 0.0005 0.0019 0.0260 0.0294 0.0345 N/A N/A N/A

Transverse Steel Strain3 0.0000 0.0001 0.0001 0.0003 0.008 0.0016 0.0025 N/A

Spalled Height (in.) N/A N/A N/A N/A 5 22 38 38

Max. Crack Width @ 14" N/A 0.007 0.016 0.04 0.10 0.06 0.10 N/A
1Nominal compressive strain determined by vertical potentiometer data, linearly interpolated back to center of spiral hoop;
obtained at a height of  6 inches.
2Longitudinal steel strain read by gage at base of column on south face.
3Transverse steel strains shown are from the first north peak of each respective displacement cycle at a height of 6 inches
above the column base.
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Figure 3.18: Column 828 at a South Displacement of 3.5 Inches
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Figure 3.19: Column 828 at a North Displacement of 10.5 Inches
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Figure 3.20: Column 828 at a South Displacement of 17.5 Inches
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Figure 3.21: Column 828 at a South Displacement of 30.0 inches
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3.7 COLUMN 1028 — EXPERIMENTAL RESULTS

Column 1028, designed in accordance with the provisions of ATC-32 [1996], achieved a

displacement ductility of 9 and showed ductile response similar to that of Column 828. The load-

displacement history for this column is shown in Figure 3.22.

C O L U M N  1028 - L oad vs. D isplacem ent
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Figure 3.22: Hysteretic Response of Column 1028

Figure 3.23 shows the displacement components at each displacement cycle as a

percentage of the total displacement for Column 1028.  For this slender column, the flexural

component deformation contributed approximately 65 to 70 percent of the total column

displacement.  Slip accounted for as much as 20 to 25 percent of the total displacement.  Less

than 5 percent of the total displacement was attributable to shear deformations.  An error of

approximately 15 percent exists at the lowest displacement levels for reasons described

previously.
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Column 1028:  Component Deformations vs. Displacement Cycle
(North Loading)
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Figure 3.23: Column 1028 Component Deformations

For Specimens 1028, the first flexural cracks were observed at a displacement of 0.80

inches, approximately 20 percent of the yield displacement and 0.33 percent drift.  Flexural

cracking within Column 1028 occurred at closer intervals than in Column 828.  The spacing

between cracks on the face of Column 1028 ranged between 4 and 5 inches, while flexural

cracking within Column 828 typically occurred at spacings slightly greater than 5 inches.  The

crack width at the interface of the column and anchor block of Column 1028 ranged from 0.03

inches at a displacement of 5 inches to 3/16 inches at a displacement of 35 inches.  Diagonal

cracks were observed to form in the vicinity of the transition zone of the transverse steel during

the first south displacement step of the 35-inch displacement cycle.

Initial concrete spalling for Column 1028 was observed at a displacement of 10 inches.

The spalled height at this displacement level reached 22 inches above the column base (Figure

3.24).  The height of spalling increased with increasing displacement.  Spalling stabilized at a

displacement between 25 and 35 inches, progressing to a height of 46 to 53 inches above the

interface between the column and anchor block (Figures 3.25 and 3.26).  The concrete cover

thickness was measured to range between 1.12 and 1.25 inches.



��

First yield of the south face longitudinal steel occurred at a displacement of 3.87 inches.

During the second displacement step to 35 inches north, plastic deformation of the spiral was

observed on the north face at a height of approximately 9.5 inches above the interface between

the column and anchor block.  In addition, buckling of the extreme longitudinal bars was

observed.  The center longitudinal bar appeared to be buckling over a length between 13.5 inches

and 17.5 inches above the column base.  During the third cycle to 35 inches north, buckling of

the longitudinal bars and fracture of the spiral reinforcement was observed at displacements of

15.5 inches and 16.4 inches, respectively (Figure 3.27).  Column 1028 at its final damaged state

is shown in Figure 3.28.

Table 3.10 summarizes the data obtained at the first north peak of the last seven

displacement cycles, including displacement and rotation ductilities, displacement components,

compressive and tensile strains, spalling height, and crack widths.  The yield displacement and

rotations provided are based on values measured at the first yield of the longitudinal steel, as

described in Section 3.1.
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Table 3.10: Column 1028 Performance History

Displacement Cycle North 2.50" 5.00" 7.50" 10.00" 15.00" 25.00" 35.00"

Displacement Ductility 0.6 1.3 1.9 2.6 3.9 6.5 9.0

Flexural Displacement (in.) 1.6 3.2 4.7 6.2 10.1 16.6 23.2

Slip Displacement (in.) 0.4 0.9 1.7 2.6 3.2 5.4 8.5

Shear Displacement (in.) 0.1 0.1 0.2 0.3 0.4 0.7 1.1

Rotation Ductility @ 6" el. 0.6 1.4 2.6 4.0 5.0 8.4 13.1

Rotation Ductility @ 24" el. 0.7 1.3 2.3 3.6 7.2 12.4 16.0

Nominal Compressive Strain1 -0.0012 -0.0022 -0.0044 -0.0085 -0.0255 -0.0381 -0.0320

Longitudinal Steel Tensile
Strain2

0.0015 0.0086 0.0234 0.0216 0.0302 0.0262 0.0108

Transverse Steel Strain3 0.0000 0.0001 0.0004 0.0009 0.0017 0.0024 0.0026

Spalled Height (in.) N/A N/A N/A 22 27.5 46 53

Max. Crack Width @ 12" (in.) N/A 0.016 0.04 0.06 0.04 0.03 0.03
1Nominal compressive strain determined by vertical potentiometer data, linearly interpolated back to center of spiral hoop;
obtained at a height of  6 inches.
2Longitudinal steel strain read by gage at base of column on south face.
3Transverse steel strains shown are from the first north peak of each respective displacement cycle at a height of 6 inches
above the column base.
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Figure 3.24: Column 1028 at a South Displacement of 10.0 Inches
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Figure 3.25: Column 1028 at a South Displacement of 25.0 Inches
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Figure 3.26: Column 1028 at a North Displacement of 35.0 Inches
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Figure 3.27: Buckling of Longitudinal Steel in Column 1028
at a North Displacement of 35.0 Inches, Third Cycle
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Figure 3.28: Final Damaged State of Column 1028
at a South Displacement of 35.0 Inches



4 Evaluation of Experimental Data

4.1 INTRODUCTION

This chapter explores analytical models for determining the load-displacement behavior and the

shear strength of reinforced concrete columns.  Comparisons are drawn between calculated

results and the actual behavior observed during testing.  Confinement length requirements

proposed by ATC-32 [1996], the Standards Assocation of New Zealand (NZS) [1982], and

Watson et al. [1989] are compared with the spalling observed during testing.  Finally, damage

progression as a function of loading is discussed.

In general, the ultimate moment strength of each test specimen was lower than the

strength calculated in the design analysis; thus, the maximum shear demands were less than

anticipated.  One explanation for the lower ultimate moment capacity is that the column

longitudinal steel exhibited less strain hardening and a lower ultimate strength, during monotonic

material testing, than was assumed during the design phase. Figure 4.1 shows a comparison

between the stress-strain relationships of the longitudinal steel used in the design analysis and

that obtained from material testing.
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Longitudinal Steel Stress vs. Strain Relationship:
Design vs. Actual
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Figure 4.1: Longitudinal Steel Stress vs. Strain Relationship

This over-estimation of strength in the design model had the most significant effect on

the design objectives of Specimen 328T.  Although the quantity of transverse steel outside the

zone of plastic hinging was designed to achieve minimal overstrength capacity in shear, the

amount of transverse steel provided was more than sufficient to resist the shear demands

imposed during testing.

4.2 FORCE-DISPLACEMENT RESPONSE

The ability to predict the force-displacement response of a reinforced concrete column from a

section analysis is a valuable design tool.  Ideally, the model should account for ineleastic

phenomena such as cracking, yielding, and slip of the longitudinal reinforcement.  The following

sections summarize a method for calculating the force-displacement response as proposed by

Lehman [1998].  The force and curvature demands used in the model are based on a cross-

sectional analysis of the test specimens using stress-strain relationships obtained from material

testing of the longitudinal steel.  The stress-strain relationships for the confined and unconfined

concrete are based on models proposed by Mander [1988] and Todeschini [1964], respectively,

using averaged compressive strengths obtained from material testing.  Results using the Lehman

model as applied to the columns in this experimental program are summarized in the following
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sections.  Results also are compared with results obtained from the ATC-32 [1996]

recommendations.

4.2.1 Response at Cracking

The response up to cracking is assumed to be linearly-elastic and can be computed for a

cantilever column with a point load at the free end as follows:

 
3

2Lcr
cr

φ
=∆ (Eq. 4-1)

L

M
F cr

cr = (Eq. 4-2)

where ∆cr is the column tip displacement at cracking, φcr is the curvature at cracking, L is the

column length, and Fcr and Mcr are the cracking force demand and moment demand,

respectively.  Based on a cross-sectional analysis of the columns in the test series, φcr and Mcr

were determined to be 1.10 · 10-5 inches-1 and 635 kip-inch, respectively.  The calculated

cracking responses for the columns in the experimental program are shown in Table 4.1.  Note

that cracking was first observed in the concrete at displacements significantly exceeding the

calculated values.

Table 4.1: Calculated Cracking Response

Column ∆cr Fcr

328 0.019 in. 8.8 kips

328T 0.019 in. 8.8 kips

828 0.14 in. 3.3 kips

1028 0.21 in. 2.6 kips

4.2.2 Response at Section Yield

The yielding of a circular-cross-section reinforced concrete column is progressive. Thus, models

that estimate the yield displacement of a column based on first yield of the longitudinal

reinforcement, while perhaps appropriate for rectangular columns, generally underestimate the

change in stiffness associated with section yielding of a circular-cross-section column.  Lehman
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computes the effective yield displacement as the sum of contributing component displacements,

including flexure (∆´fy), slip (∆´sy), and shear (∆´vy), expressed as follows:

vysyfyy ∆′+∆′+∆′=∆′ (Eq. 4-3)

where
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L is the column length, φ´y is the effective yield curvature, φy is the calculated curvature

corresponding to the first yield of the longitudinal steel, Mn is the calculated moment strength

corresponding to a compressive strain of 0.003, My is the calculated moment corresponding to

the first yield of the longitudinal steel, db is the diameter of the longitudinal bar,  fy is the yield

strength of the longitudinal steel,  f´c is the nominal compressive strength of the concrete, Vn is

the shear demand corresponding to reaching the moment Mn, Ec is the elastic modulus of the

concrete, and Ag is the gross cross-sectional area of the column.

Equation 4-4 defines the yield displacement due to curvature, which is assumed to have a

maximum value of φ´y at the column base and varies linearly to zero at the free end.  Equation 4-

5 defines the displacement due to slip of the longitudinal steel within its anchorage.  The

equation is based on the assumptions of a uniform bond stress of cf ′12 (psi) and that the slip

rotation occurs about the neutral axis of the column cross section.  Equation 4-6 defines the

displacement due to shear deformations, assuming uniform shear distortion over the column

height.  The term 0.4Ec represents the effective shear modulus, Gc, and the term 0.8Ag represents

an effective shear area.

Mn and My for the columns are 8220 kip-inch and 6000 kip-inch, respectively.  The

values for φy and φ´y are 0.00018 in.-1 and 0.00025 in.-1, respectively.  Table 4.2 lists the effective

yield displacement components as calculated by the preceding method.
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Table 4.2: Calculated Effective Yield Displacement of Test Columns

Column ∆´fy ∆´sy ∆´vy ∆´y

328 0.43 in. 0.13 in. 0.014 in. 0.57 in.

328T 0.43 in. 0.13 in. 0.014 in. 0.57 in.

828 3.07 in. 0.35 in. 0.014 in. 3.43 in.

1028 4.80 in. 0.44 in. 0.014 in. 5.25 in.

4.2.3 Estimated Maximum Response

The ultimate displacement of a reinforced concrete column can be computed as follows:

)5.0()( ppyuyu lLl ⋅−⋅⋅′−+∆′=∆ φφ (Eq. 4-8)

where φu is the curvature capacity of the column, lp is the plastic hinge length, and all other terms

are as defined previously.  The model proposed by Lehman is based on the premise that the

plastic displacement of the column is the sum of the bending and slip displacement components.

The plastic displacement is represented as follows:

spfpyup ∆+∆=∆′−∆=∆ (Eq. 4-9)
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∆p is the plastic displacement, ∆u is the ultimate displacement, ∆fp is the plastic flexural

displacement, ∆sp is the plastic slip displacement, φu is the ultimate curvature capacity, fu and fy

are the ultimate and yield strengths of the longitudinal reinforcement, respectively, and u is an

assumed average uniform bond stress taken equal to cf ′6 (psi).  All other terms are as defined

previously.  Rewriting the proposed model for determining the plastic displacement, the plastic

hinge length may be expressed as follows:
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+= (Eq. 4-12)
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The values for Mu, fu, and fy used in the calculations are 9730 kip-inch, 93,000 psi, and 67,000

psi, respectively.

Table 4.3 shows the ultimate displacement for each column as calculated by applying

Equation 4-8 using the plastic hinge length defined by Equation 4-12 and an ultimate curvature

capacity of 0.0049 inches-1.  This ultimate curvature capacity is based on a limiting tensile strain

demand of 0.075 in the longitudinal steel, which corresponds to approximately one third of the

ultimate tensile strain observed in monotonic testing of the steel coupons.  In turn, this limiting

steel tensile strain corresponds to an ultimate compression strain in the confined concrete of 0.03.

Note that this ultimate compression strain is approximately 50 percent greater than the limiting

compression strain of 0.019 obtained by the Mander model.

Table 4.3: Calculated Ultimate Displacements

Column ly lp ∆u lp ATC-32 ∆u ATC-32
1 ∆u ATC-32

2

328 13 in. 13.5 in. 4.6 in. 12.5 in. 4.5 in. 2.5 in.

328T 13 in. 13.5 in. 4.6 in. 12.5 in. 4.5 in. 2.5 in.

828 35 in. 24.5 in. 23 in. 22 in. 22 in. 13 in.

1028 44 in. 29 in. 35 in. 26 in. 33 in. 19 in.
1Ultimate displacement based on a limiting tensile strain demand of the longitudinal steel of 0.075.
2Ultimate displacement based on the ATC-32 limiting compressive strain demand of the confined concrete

ATC-32 [1996] has proposed a simplified approach for estimating the plastic hinge

length, which is composed of two components:

blcp dll  9   08.0 += (Eq. 4-13)

lc is the distance between the section of maximum moment within the plastic hinge and the

section of zero moment (i.e., the point of contraflexure).  For the test columns, lp is assumed to

be the column height, and dbl is the nominal diameter of the longitudinal reinforcement.  The first

component accounts for the spread of inelasticity as a function of the length between the critical

section and the point of contraflexure.  The second component accounts for the increased plastic

rotation due to strain penetration of the longitudinal reinforcement into the column footing.

Table 4.3 shows the calculated ultimate displacements for each column in the experimental

program based on the plastic hinge length provision of ATC-32, an ultimate curvature based on a

limiting tensile strain demand of 0.075 in the longitudinal steel, and the yield displacement

determined from the proposed Lehman model.
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The ATC-32 and Lehman models produce results that are similar for a limiting tensile

strain demand (εs) of 0.075.  Furthermore, the ultimate displacements calculated by the two

models are reasonably close to the maximum column displacements observed during testing.

The ATC-32 and Lehman models underestimated the ultimate displacements for Columns 328

and 328T by approximately 13 percent.  The two plastic hinge length models produced roughly

the same ultimate displacement capacities for Column 828 and Column 1028.  The ultimate

displacements calculated by the two models for Column 1028 were within 6 percent of the

maximum displacement observed during testing.  The ultimate displacement under cyclic loading

for Column 828 could not be readily determined from the experiment since failure of the test

specimen was not achieved.  Nevertheless, the ultimate displacements of 22 inches and 23 inches

calculated by the ATC-32 and Lehman plastic hinge length models, respectively, compare

favorably with the damage states of Column 828 at its maximum displacement of 18 inches.

It is noted that ATC-32 [1996] does not use εs = 0.075 as a limiting factor in the plastic

analysis of columns.  ATC-32 Paragraph 8.18.2.4.1 specifies that for designs based on plastic

analyses, the amount of transverse reinforcement provided in the plastic end region shall not be

less than

1000

(psi)
)004.0(09.0 cc

cus

f ′
⋅−= ερ (Eq. 4-14)

where )31(5151 ccecc 'f..f.f ⋅=′=′ , ρs is the transverse reinforcement ratio provided, εcu is the

ultimate compressive strain of the confined concrete, f´cc is the compression strength of the

confined concrete, f´ce is the expected concrete compression strength, and f´c is the nominal

concrete concrete compression strength.  Substituting the transverse reinforcement ratio provided

in the well-confined zones of the test columns (0.0092) into Equation 4-14 and solving for εcu

gives an ultimate compressive strain of 0.015 in the confined concrete.  Based on a moment-

curvature analysis of the column cross section, this ultimate compressive strain corresponds to a

steel tensile strain demand and an ultimate curvature of  0.041 and 0.0026 inches-1, respectively.

Using these limits prescribed by ATC-32 results in a significant reduction in the calculated

ultimate displacement.  Table 4.3 shows the calculated displacements of the columns in this

experimental program based on the limiting compressive strain of the confined concrete derived

from ATC-32.
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Based on an analysis of the column cross section and the Lehman model, a comparison of

the calculated force-displacement response and the actual response of the experimental columns

is shown graphically in Figures 4.2 and 4.3.  The Lehman model, used in conjunction with

appropriate methods for determining the column strength and curvature capacities, gives

reasonable estimates of the force-displacement response of these reinforced concrete columns.

While the force-displacement results of the Lehman model compare favorably with the

response of the test columns, it is of interest to compare the relative displacement components

(flexure, slip, and shear) computed by the Lehman model with those observed during testing.

Figures 4.4 through 4.7 show a comparison between the calculated and experimental

displacement components expressed as a percentage of the total displacement.  The calculated

displacement components were computed at φ´y, 5 φ´y, 10φ’y, and 15φ´y.

In general, the component deformation relationships calculated by the Lehman model

follow the same general trends as those obtained from the test data.  The displacement

components calculated using the Lehman model appear to compare more favorably with the

experimental displacement components for slender columns, such as Columns 828 and 1028,

than for short columns.  Beyond the effective yield displacement of the column, the Lehman

model neglects any additional shear deformation contributions to the total displacement.  While

this assumption appears to be appropriate for slender columns, such as Columns 828 and 1028

(Figures 4.6 and 4.7), the shear deformation contributions computed by the Lehman model

significantly underestimate the experimental shear deformations for Columns 328 and 328T

(Figures 4.4 and 4.5).  For each column, the Lehman model overestimates the apparent flexural

displacement contribution and underestimates the apparent slip displacement contribution.  The

difference between the calculated and experimental displacement components appears to

decrease with increasing column aspect ratio.
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Force-Displacement Response:  Columns 328 and 328T
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Figure 4.2: Columns 328 and 328T Force-Displacement Response

Force-Displacement Response:  Columns 828 and 1028
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Figure 4.3: Columns 828 and 1028 Force-Displacement Response
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Column 328 Component Deformations:  Predicted vs. Experimental
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Figure 4.4: Column 328 Component Deformations (Calculated vs. Experimental)

Column 328T Component Deformations:  Predicted vs. Experimental
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Figure 4.5: Column 328T Component Deformations (Calculated vs. Experimental)
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Column 828 Component Deformations:  Predicted vs. Experimental

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0.80

0.90

1.00

0 2 4 6 8 10 12 14 16 18 20

Displacement (in.)

% Flexure Experimental
% Slip Experimental
% Shear Experimental
% Flexure Lehman
% Slip Lehman
% Shear Lehman

Figure 4.6: Column 828 Component Deformations (Calculated vs. Experimental)

Column 1028 Component Deformations:  Predicted vs. Experimental
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Figure 4.7: Column 1028 Component Deformations (Calculated vs. Experimental)
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4.3 LENGTH OF CONFINEMENT REQUIREMENTS

In order to provide adequate ductility and energy dissipation under seismic loadings, it is

necessary to provide adequate confinement within the plastic hinge region(s) of reinforced

concrete columns.  There has been considerable debate regarding the necessary length of this

confined region to ensure that the ductility demand can be achieved.  An indicator of the spread

of inelasticity, or high strain demands, is the length over which spalling occurs.  Thus, it may be

prudent to provide confinement over the spalled length to ensure that premature failure of a

column does not occur outside the confined region.  ATC-32 [1996], NZS-3101 [1982], and

Watson [1989] have proposed methods for determining an appropriate length of confinement.

These methods are summarized below.

ATC-32:

for  Pe/f´cAg<0.3, Lc =  greater of (a) column cross-sectional dimension in the plane of loading and
(b) portion of column over which M ≥ 0.80 Mmax

for  Pe/f´cAg≥0.3, Lc = greater of 1.5 times the requirements listed above

NZS-3101:

for  Pe/f´cAg ≤ 0.25, Lc = greater of (a) column cross-sectional dimension in the plane of loading
and
(b) portion of column over which M ≥ 0.80 Mmax

for 0.25<Pe/f´cAg ≤ 0.50 Lc = greater of (a) 2.0 times the column cross-sectional dimension in the plane
of loading and
(b) portion of column over which M ≥ 0.70 Mmax

for  Pe/f´cAg>0.50, Lc = greater of (a) 3.0 times the column cross-sectional dimension in the plane
of loading and
(b) portion of column over which M ≥ 0.70 Mmax

Watson:

for all Pe/f´cAg, 









⋅′

⋅+⋅=
gc

e
c Af

P
DL 8.21 (Eq. 4-14)

where Lc is the length of confinement, Pe is the expected axial load, f´c is the nominal concrete

compressive strength, Ag is the gross cross-sectional area of the column, M is the moment

demand at the location in question, Mmax is the maximum moment demand at the critical section

of the column, and D is the gross diameter of the column.
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The length of confinement requirements proposed by ATC-32 [1996], NZS-3101[1982],

and Watson [1989] were compared against the spalled length observed during experimental

testing of Columns 328, 328T, 828, and 1028.  The results of this comparison are shown in Table

4.4.  The variables Lc and Lspall are the length of confinement provided and length of spalling

observed during testing, respectively.

Table 4.4: Length of Spalling vs. Length of Confinement Required

Column Lc Lspall

L

Lspall

32−ATC

spall

L

L

NZS

spall

L

L

Watson

spall

L

L

328T 24" 16" 0.22 0.67 0.67 0.53

828 36" 38" 0.20 1.05 1.05 1.26

1028 48" 53" 0.22 1.10 1.10 1.76

It is of interest to note that Watson [1989] concluded that the required length of a

confined region is independent of the column aspect ratio and is primarily a function of the axial

load ratio and section depth.  However, it is evident from the results of this experimental

program that the column aspect ratio has a significant effect on the length of spalling and the

spread of plastic hinging.  Based on these results, it is concluded that the confinement length

equation proposed by Watson yields results that are not conservative for slender columns.

The confinement length requirements of ATC-32 [1996] and NZS-3101 [1982] are

essentially the same for the four columns in this experimental program since the axial load ratio

for these columns is less than 10 percent.  Unlike Watson, the confinement length requirements

specified by ATC-32 and NZS-3101 indirectly account for aspect ratio by requiring confinement

over at least 20 percent of the column shear span, or where the moment demand exceeds 80

percent of the maximum moment demand.  This requirement appears to correlate well with the

spalling length observed in the test columns; however, the effect of higher axial loads on the

spalled length of slender columns was not identified in this test program and may be of interest

for future research.

In addition to the length of spalling, the compressive strain demands of the test columns

were approximated at the peak displacements.  Of particular interest was the assurance that the

compressive strain demands were not excessively high outside the confined regions of Columns

828 and 1028.  The approximate strain demands were determined by averaging the recorded

linear potentiometer displacements at each instrumentation level along the column height and
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interpolating linearly back to the column face.  Figures 4.8 and 4.9 show the compressive strain

demands for Columns 828 and 1028 plotted at various peak displacements.

Column 828:  Compressive Strain Demands
at South Peak Displacements
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Figure 4.8: Column 828 Compressive Strain Demands

Colum n 1028:  Com pressive Strain Dem ands 
at South Peak Displacem ents
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Figure 4.9: Column 1028 Compressive Strain Demands
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The maximum estimated compressive strain demands at the transition zone of the

transverse steel in Columns 828 and 1028 are 0.0025 and 0.0065, respectively.  Because the

nominal moment capacity of a column is typically regarded as the moment achieved at a peak

compressive strain of 0.003, it would be reasonable in design to preclude the compressive strain

demand from exceeding 0.003 outside of the well-confined region.  This postulation is satisfied

in Column 828.  However, the peak compressive strains in Column 1028 exceed 0.003 to a

height of 70 inches above the critical face.  Nonetheless, this column achieved a displacement

ductility of approximately 9.  The ductile behavior of Column 1028 can be explained by the fact

that the strain capacity provided by the transverse steel outside of the well-confined region is

well above the strain demand.  Using the expression yspcu fρε 02.0004.0 +=  [Qi and Moehle,

1991] to estimate the peak concrete compressive strain capacity, where fy = yield strength of

spiral not to exceed 60 ksi, and ρsp = volume ratio of spiral steel (≈ 0.0045), εcu is calculated to

be 0.009, which exceeds the measured strain at the transition.  Although the transverse

reinforcement ratio was relaxed by one-half at the transition, there was not an abrupt change in

the geometry of the column that potentially could have led to a premature failure outside of the

well-confined region.

Based on the experimental results of Columns 828 and 1028, it appears that the

provisional recommendations of ATC-32 [1996] are adequate for prescribing a zone of

confinement.  In addition, although ATC-32 permits a reduction in the transverse reinforcement

ratio along the column height, this reduction is not sufficient to cause an abrupt change in

geometry, which could prohibit a column from achieving reasonably ductile behavior and energy

dissipation during reversed cyclic loading.

4.4 SHEAR STRENGTH

Numerous methods have been proposed for calculating the shear strength of reinforced concrete

columns.  Six such methods were employed in this experimental investigation to ascertain their

validity in providing reasonable estimates of the shear strength of the columns tested.  Although

shear was not a major contributor to the failure mechanism of the four columns tested,

comparing the results of the proposed methods with the observed behavior, particularly that of

Column 328T, can provide a general indication of the validity of each shear strength model.  The

six models investigated included the following:  the American Concrete Institute (ACE-318)
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[1995], the Caltrans Bridge Design Specifications [BDS, 1993], ATC-32 [1996], Aschheim et al.

[1997], Ohtaki et al. [1997], and Konwinski [1996] models.  While most models specify the use

of nominal material strengths in the capacity calculations, actual material strengths were used for

the demand/capacity comparisons in this experimental program.  A summary of the

demand/capacity comparisons for each model is presented in Table 4.5.  Note that the nominal

shear strength (actually, nominal material properties and quantities) within the heavily confined

region is the same for each column, and the nominal quantities within the lightly confined region

of Columns 828 and 1028 are the same.

4.4.1 ACI 318-95 and BDS

The shear strength provisions of BDS [1993] and ACI [1995] are essentially the same.  The

nominal shear strength prescribed by BDS and ACI is the sum of two contributions, the shear

strength provided by the concrete (Vc) and the shear strength provided by the shear reinforcement

(Vs).

Vn = Vc + Vs

where

dbf
A

P
V wc

g

e
c ⋅′












⋅

+=
2000

12 (Eq. 4-15)

where f´c is the nominal concrete compressive strength in psi (pounds per square inch), Pe is the

expected axial load, Ag is the gross cross-sectional area of the column, bw is taken to be the

column diameter, and d is assumed to be 0.8 times the column diameter for simplicity.  The steel

contribution is given as follows:

s

dfA
V yv

s = (Eq. 4-16)

where Av is the area of shear reinforcement within a distance s (taken as two times the cross-

sectional area of a single spiral wire), fy is the nominal yield strength of the transverse steel, and s

is the spiral pitch.  For this study, d is assumed to be the core diameter of the column.

Based on the provisions of BDS and ACI using expected material strengths, the nominal shear

strength within the heavily-confined region of each column was calculated to be 266 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 123 kips and 145 kips, respectively.
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Based on the provisions of BDS and ACI using actual material strengths, the nominal

shear strength within the heavily confined region of each column was calculated to be 286 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 149 kips and 183 kips, respectively.

4.4.2 ATC-32

Like the BDS [1993] and ACI [1995], the shear strength provisions of ATC-32 [1996] are based

on the shear strength contributions of the concrete and the transverse steel.

Vn = Vc + Vs

where inside the column end region
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and outside the column end region
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f´c is the nominal concrete compressive strength in psi, Pe is the expected axial load, and Ag is the

gross cross-sectional area of the column.  The steel contribution is given as follows:

s

DfA
V ysp

s

′
=

2

π
(Eq. 4-19)

where Asp is the cross-sectional area of the spiral wire, fy is the nominal yield strength of the

transverse steel, D´ is the core diameter of the column, and s is the spiral pitch.

Based on the provisions of ATC-32 using expected material strengths, the nominal shear

strength within the heavily confined region of each column was calculated to be 182 kips.

Similarly, the nominal shear strengths within the lightly confined regions of Column 328T and

Columns 828 and 1028 were calculated to be 111 kips and 135 kips, respectively.

Based on the provisions of ATC-32 [1996] using actual material strengths, the nominal shear

strength within the heavily confined region of each column was calculated to be 199 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 117 kips and 144 kips, respectively.
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4.4.3 Aschheim Model

The shear strength model proposed by Aschheim [1997] is also composed of the contributions of

the nominal shear strength provided by the concrete and the nominal shear strength provided by

the shear reinforcement.
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where f´c is the nominal concrete compressive strength in psi, Pe is the expected axial load, Ag is

the gross cross-sectional area of the column, and k is a factor based on the displacement ductility

of the column as shown in Figure 4.10.

Factor k:  Aschheim et al. Concrete Shear Strength Model
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Figure 4.10: Aschheim Model—k factor

The shear strength contribution due to the transverse steel reinforcement is given by the

following relationship:

θ
π

tan2 ⋅

′
=

s

DfA
V ysp

s (Eq. 4-21)

where Asp is the cross-sectional area of the spiral, fy is the nominal yield strength of the transverse

steel, D´ is the core diameter of the column, s is the spiral pitch, and θ is the angle between the

diagonal compression strut of the truss mechanism and the longitudinal axis of the column.  For

assessment purposes, θ is typically assumed to be 30 degrees.

Based on the model proposed by Aschheim [1997] and using expected material strengths,

the nominal shear strength within the heavily confined region (k=0) of each column was
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calculated to be 272 kips.  Similarly, the nominal shear strengths within the lightly confined

region (k=1) of Column 328T and Columns 828 and 1028 were calculated to be 194 kips and

235 kips, respectively.

Based on the model proposed by Aschheim and using actual material strengths, the

nominal shear strength within the heavily confined region of each column was calculated to be

301 kips.  Similarly, the nominal shear strengths within the lightly confined region of Column

328T and Columns 828 and 1028 were calculated to be 203 kips and 250 kips, respectively.

4.4.4 Ohtaki Model

In the Ohtaki model, the nominal shear strength is composed of three contributions:  the

resistance of the transverse reinforcement resulting from the truss mechanism, the concrete shear

resistance, and the axial load contribution.  Based on this model, the nominal shear strength of a

reinforced concrete column is expressed as follows:

Vn = Vs + Vc + Vp (Eq. 4-22)

where

θπ
cot

2 s

cD
fAV ysps

−′
= (Eq. 4-23)

Asp is the cross-sectional area of the spiral, fy is the expected yield strength of the transverse steel,

D´ is the core diameter of the column, s is the spiral pitch, c is the depth of the compression

zone, and θ is the angle between the diagonal compression strut of the truss mechanism and the

longitudinal axis of the column.  For assessment purposes, θ is typically assumed to be 30

degrees.  The concrete contribution is given as follows:

gcc AfKV ⋅⋅′= 8.0αβ (Eq. 4-24)

where f´c is the concrete compressive strength in psi and Ag is the gross cross-sectional area of

the column.  The factors α, β, and K are dependent upon the column aspect ratio, the longitudinal

reinforcement ratio, and the section curvature ductility, respectively.  The relationships for

determining the values of these three factors are shown below and in Figure 4.11.

5.1121 ≤+




 −≤≤

VD

Mα (Eq. 4-25)

1205.0 ≤+= lρβ (Eq. 4-26)
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where M and V are the expected moment and shear demands, D is the column diameter, and ρl is

the longitudinal reinforcement ratio.  The axial load component is expressed as follows:

a

ercD
PPV p 2

cov
tan

−−== θ (Eq. 4-27)

where P is the column axial load, a is the shear span, and D and c are as previously defined.

k-Factor: Ohtaki Concrete Shear Strength Model
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Figure 4.11: Ohtaki Model—k factor

Based on the Ohtaki model using expected material strengths, the nominal shear strength

within the heavily confined region of each column was calculated to be 266 kips.  Similarly, the

nominal shear strengths within the lightly confined region of Column 328T and Columns 828

and 1028 were calculated to be 188 kips and 216 kips, respectively.

Based on the Ohtaki model and using actual material strengths, the nominal shear

strength within the heavily confined region of each column was calculated to be 286 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 195 kips and 225 kips, respectively.

4.4.5 Konwinski Model

The shear strength model proposed by Konwinski consists of two components, the shear strength

attributable to the transverse steel reinforcement and the shear strength of the concrete.  The unit

shear strength model proposed by Konwinski is expressed as vn = vs + vc, where
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vn is the unit shear strength of the reinforced concrete column (psi), vs is the unit shear strength

attributable to the transverse reinforcement (psi), fy is the yield strength of the transverse steel

reinforcement, Av is the total area of the transverse reinforcement within a distance s, s is the

spiral pitch, D is the column diameter, vc is the unit shear strength of the concrete (psi), f´c is the

concrete compressive strength (psi), a is the shear span, and σ is the expected axial stress (psi).

Note that the factor α accounts for the column aspect ratio.  The limits on α are as follows:

2 ≤ α ≤ 4.  The column shear strength may then be expressed as follows:

Vn = vn 0.85 Ag (Eq. 4-30)

where Ag is the gross cross-sectional area of the column.

Based on the Konwinski model using expected material strengths, the nominal shear

strength within the heavily confined region of each column was calculated to be 218 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 117 kips and 142 kips, respectively.

Based on the Konwinski model and using actual material strengths, the nominal shear

strength within the heavily confined region of each column was calculated to be 235 kips.

Similarly, the nominal shear strengths within the lightly confined region of Column 328T and

Columns 828 and 1028 were calculated to be 123 kips and 151 kips, respectively.

4.5 DISCUSSION OF SHEAR DEMAND/CAPACITY RESULTS

Table 4.5 summarizes the shear demand-capacity ratios for the four columns in the experimental

program based on the aforementioned shear strength models using actual material strengths.  The

shear strength within the well-confined zone of each column and within the lightly confined zone

of Columns 828 and 1028 are well above the shear demand imposed during experimental testing.

However, based on the results using ATC-32 [1996] and Konwinski [1996], the shear demand

exceeds the shear capacity within the lightly confined zone of Column 328T.  Although

significant shear cracking was visible in the lightly confined region of Column 328T, shear was

not a primary contributor to the ultimate failure of the column.  It appears that although the ATC-
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32 and Konwinski models are overly conservative for assessing the shear strength of a reinforced

concrete column, they may be suitable for design purposes since they appear to yield

conservative results.

Furthermore, the Konwinski model for determining the unit shear strength of the concrete

is independent of location along the column height.  Thus, the concrete shear strength is the same

inside and outside the plastic regions of the column.

Note that the concrete shear strength inside and outside the plastic end region is

prescribed to be the same value by ACI [1995] and BDS [1993].   This is the case since the axial

load ratio, Pe/Acore, exceeds 0.1 f´c.  If this were not the case, the concrete shear strength would

have been reduced inside the plastic hinge region in accordance with Paragraph 8.16.6.11.4.a of

BDS and Paragraph 21.4.5.2 of ACI.

The Ohtaki and Aschheim models for assessing the shear strength in the lightly confined

region of Column 328T appear to be overly optimistic.  Based on visual observation of the

shearing distortion across the cracks on the east and west column faces, as well as the increasing

crack widths above the transition zone in the transverse steel, it appears that the column might

have been close to achieving a balanced shear/flexure failure mechanism.  The design strengths

given by ACI and BDS appear to be more consistent with the degree of damage observed for

Column 328T.
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Table 4.5: Shear Demand/Capacity Ratios for Test Specimens

All Columns Heavily Confined Region

Shear Strength Model Vs Vc Vp V328/Vn V828/Vn V1028/Vn

ACI 318-95 206 80 --- 0.45 0.17 0.13

Caltrans BDS 206 80 --- 0.45 0.17 0.13

ATC-32 162 37 --- 0.64 0.24 0.19

Aschheim et al. 281 20 --- 0.43 0.16 0.13

Ohtaki et al. 184 58 44 0.45 0.17 0.13

Konwinski 168 67 --- 0.54 0.20 0.16

Column 328T Lightly Confined Region

Shear Strength Model Vs Vc Vp V328T/Vn

ACI 318-95 69 80 --- 0.86

Caltrans BDS 69 80 --- 0.86

ATC-32 54 63 --- 1.09

Aschheim et al. 93 110 --- 0.63

Ohtaki et al. 61 90 44 0.66

Konwinski 56 67 --- 1.04

Columns 828 & 1028 Lightly Confined Region

Shear Strength Model Vs Vc Vp V828/Vn V1028/Vn

ACI 318-95 103 80 --- 0.26 0.21

Caltrans BDS 103 80 --- 0.26 0.21

ATC-32 81 63 --- 0.33 0.26

Aschheim et al. 140 110 --- 0.19 0.15

Ohtaki et al. 91 90 44 0.21 0.17

Konwinski 84 67 --- 0.32 0.25

Vc = shear strength contribution of the concrete (kips)
Vs = shear strength contribution of the transverse reinforcement (kips)
Vp = shear strength contribution based on the axial load (kips)
V328 and V328T = 128 kips (actual shear demand on Columns 328 and 328T)
V828 = 48 kips (actual shear demand on Column 828)
V1028 = 38 kips (actual shear demand on Column 1028)
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4.6 PROGRESSION OF DAMAGE

Appendix A contains data on crack widths and visual damage patterns (Tables A.1-A.4). These

data can be used qualitatively to assess performance levels of the columns as a function of

loading history.  Such comparison can be useful in developing performance-based design

methodologies in which visual appearance and required repair may be qualitative performance

descriptors.  Of course, the indications from the test columns are limited to the specific loading

conditions and configurations used in this test program.

Crack width in a reinforced concrete section is related to several parameters, including

the reinforcement spacing, concrete cover, section curvature, and reinforcement tensile strain.

For the test columns, the main variable is the reinforcement tensile strain, which increases

progressively during a test.  Tensile strain was measured for the test columns using strain gages.

This measurement can be unreliable at small deformations because cracks may occur away from

gage locations, and may be unreliable at large deformations because of gage failure.  For these

reasons, rotation ductility measured in the lower 6 inches of the specimen was used as a

substitute for strain.

Figures 4.12 through 4.15 plot maximum crack widths as a function of rotation ductility.

Widths are plotted at each of three elevations along the column height (identified by A, B, and

C).  Widths measured at the peak of a displacement cycle are plotted with a continuous line, and

widths measured after the column was returned to zero tip displacement are plotted with a

discontinuous line.

Assuming that a column returns to an essentially plumb position following an earthquake,

which may be a prerequisite for a structure to provide continued function, the residual crack

widths corresponding to zero tip displacement probably are the more relevant for gaging

serviceability.  In a full-scale structure, a residual crack width of approximately 0.04 inches is

acceptable without repair.  Assuming that crack spacing and width scale in proportion with the

scale of the test specimens, this corresponds to a crack width of approximately 0.02 inches in the

half-scale test columns.  Residual crack widths reached this value at rotational ductilities of

approximately 5 for Columns 328 and 328T, and rotational ductilities of approximately 3 for

Columns 828 and 1028.
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Peak tensile steel strains measured by strain gages ranged from approximately 0.022 to

0.029 for the rotational ductilities cited in the previous paragraph.  These are localized strains,

and probably exceed values that would be calculated for a rotational ductility of 3 to 5 using a

plastic hinge length model.  Instead, for rotational ductilities of 3 to 5 one should anticipate

calculated strains on the order of 0.007 to 0.01 (that is, 3 to 5 times the yield strain).

The occurrence of spalling also signals the need for special repairs, and significant

spalling that exposes the core of the confined concrete may signal need for core concrete and

reinforcement repairs.  As described in Chapter 3, spalling initiated during the 1.2, 1.2, 7.0, and

10.0-inch displacement cycles for Columns 328, 328T, 828, and 1028, respectively.

Corresponding concrete compression strains inferred at the centroid of the hoop reinforcement

were 0.0138, 0.0129, 0.0134, and 0.0085, respectively.

Figure 4.12: Crack Widths Measured in Column 328, North Face (elevations A, B, and C are 0, 5, and
10.25 inches, respectively, above the top of the foundation block)
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Figure 4.13: Crack Widths Measured in Column 328T, North Face (elevations A, B, and C
are 0, 7, and 21 inches, respectively, above the top of the foundation block)

Figure 4.14: Crack Widths Measured in Column 828, North Face (elevations A, B, and C are 0, 12,
and 25.5 inches, respectively, above the top of the foundation block)
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Figure 4.15: Crack Widths Measured in Column 1028, North Face (elevations A, B, and C are 0,
12.75, and 23.5 inches, respectively, above the top of the foundation block)
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5 Summary and Conclusions

5.1 SUMMARY

Four columns were studied experimentally and analytically.  The columns were half-scale

models of circular-cross-section, spirally reinforced, concrete bridge columns.  The cantilever

columns were fixed at the base to large reinforced concrete anchor blocks.  Two of the columns

had an aspect ratio (height/diameter) of 3.0, one had an aspect ratio of 8.0, and the other had an

aspect ratio of 10.0.  Column diameter was 2 feet for all columns.

The columns were constructed of normal-weight aggregate concrete having compressive

strength at the time of testing equal to approximately 4800 psi.  Column longitudinal

reinforcement was No. 6 Grade 60 deformed bar conforming to A706 and having measured yield

strength of approximately 64,000 psi.  Transverse reinforcement was No. 2 plain bar conforming

to A82.  The longitudinal reinforcement ratio was 0.027.  Spiral reinforcement was provided at

variable pitch.  One of the objectives of the test program was to examine the effect of reducing

the spiral reinforcement ratio to just outside the defined flexural plastic hinge zone.  Longitudinal

and transverse reinforcement was provided without splices.  Specimens were cast in a vertical

position.

The test specimens were tested under constant axial load and reversed cyclic lateral

forces in a single horizontal direction.  The axial load corresponded to 0.092 Agf´c, where Ag =

gross cross-sectional area of the column, and f´c is the nominal concrete compressive strength of

4000 psi.  Lateral loads were applied near the free end of the cantilevered columns.  The load

history consisted of sets of deformation cycles at progressively increasing displacement

amplitude.  Each set of deformation cycles consisted of three cycles at constant displacement

amplitude followed by an additional cycle at a reduced amplitude.  For each cycle, a test column
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was displaced equally in both positive and negative directions.  Tests continued until (or, in the

case of one column, near) failure.  Data were recorded continuously throughout a test.

Test results for the four test columns are reported and discussed in relation to one another

and in relation to various analytical models. On the basis of the test results and their analyses,

several conclusions and recommendations can be made.

5.2 CONCLUSIONS

5.2.1 Column Behavior

Each column exhibited ductile behavior, with displacement ductility greater than 8, where

displacement ductility is defined as the ultimate displacement capacity divided by the

displacement at first yield.  An alternate definition of the yield displacement was obtained by

establishing a secant through the displacement at first yield and extending that secant to a

moment equal to the nominal moment capacity of the cross section.  Using this definition, the

displacement ductilities of the columns were reduced by approximately 30 percent.  Up to this

ductility level, the load-displacement hysteresis loops were relatively full and stable.

The primary failure mechanism of each column was the buckling of the longitudinal

reinforcement and the subsequent fracturing of that steel upon lateral load reversal.  It is possible

that using transverse reinforcement of lower strength would have reduced the confinement

strength of the spiral and would have led to buckling of the longitudinal reinforcement at lower

displacement levels; this hypothesis was not investigated.

Concrete cracking was predominantly horizontal, suggesting a predominance of flexural

action.  This was confirmed by the external instrumentation.  In addition to flexure, slip of the

reinforcement from the foundation block contributed significantly to the overall flexibility of the

columns.  Consistent with theory, the relative contribution of slip decreased with increasing

aspect ratio.  It is recommended that slip contributions to displacements be included where

design is sensitive to calculated displacements.

Crack widths generally grew with increasing displacement cycles.  As expected, residual

crack widths measured at zero displacement following a peak were less than crack widths
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measured at the peak.  A residual crack width of 0.04 inches was defined arbitrarily as the

maximum acceptable crack width not requiring repair in a full-scale column.  Assuming that the

crack widths scaled linearly, the maximum acceptable residual crack width for the half-scale

specimens was defined as 0.02 inches.  This residual crack width was observed at a rotation

ductility ranging between 3 and 5 for the test columns.  It is recommended that design rotation

ductilities not exceed these values where one of the performance objectives is to limit cracking

repair.  That performance objective is likely to be relevant only for events that occur frequently

during the design life of the bridge.

Concrete spalling did not occur until the inferred compression strain in the concrete at the

level of the spiral reinforcement exceeded 0.008.  Some design practices permit use of concrete

compression strains as high as 0.005 in unconfined concrete or in confined concrete where

spalling is to be avoided.  On the basis of these tests, the value 0.005 appears appropriately

conservative.

Spalling increased in depth, around the circumference, and up the height as testing

continued.  In addition, the length (height) of spalling was longer for columns with larger aspect

ratio.

5.2.2 Effect of Varying Spiral Reinforcement Spacing

All four columns were detailed with No. 2 spiral wire at 1-inch pitch in the region just above the

footing.  This quantity of transverse reinforcement satisfies the recommendations of ATC-32

[1996] and exceeds the requirement of the Caltrans Bridge Design Specifications [1993] in effect

at the time of this writing.  In Column 328, the transverse reinforcement extended over the full

column height at the same spacing.  In Column 328T, the spacing increased to 3 inches starting a

distance equal to one column diameter above the top of the footing.  In Columns 828 and 1028,

the spiral spacing was increased to 2 inches starting at 1.5 and 2.0 column diameters,

respectively, above the top of the foundation.  For these latter two columns, the location of the

transition was set equal to approximately 20 percent of the column length.  For the test columns,

ATC-32 [1996] recommends that the transition should be located not less than the larger of  one

column diameter and 20 percent of the column length from the top of the footing.
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The test results indicate that the transition in spacing of the spiral reinforcement did not

have a negative effect on behavior of the columns.

Table 5.1 below compares the height of the transition and the height to which spalling

extended during testing.  The increase in spalled length with increasing column height is

apparent in the tabulated results.  Note that the height of spalling for Column 828 is equal to 0.20

times the column length, while that for Column 1028 is equal to 0.22 times the column length.

Table 5.1: Comparison between Height of Transition and Height of Spalling

Column Height of Transition Above the Top
of the Foundation (in.)

Maximum Height of Spalling Above
the Top of Foundation (in.)

328 N/A 16

328T 24 16

828 36 38

1028 48 53

Although spalling extended beyond the transition zone for Column 1028, this did not

result in failure of the test column.  The quantity of spiral reinforcement above the transition

zone, equal to half that below the transition zone, apparently provided adequate confinement for

the low strain demands above the transition.

ATC-32 [1996] recommends that the length of the confined zone should be the larger of

(a) the section dimension in the direction considered and (b) the portion of the column over

which the moment exceeds 80 percent of the moment at the critical section.  For axial loads over

0.3fc
’Ag, the length of confinement is to be increased by 50 percent.  Although this

recommendation proved adequate for the test columns, some concerns remain.  One concern is

that the length of spalling is known to increase with increasing axial load [Watson, 1989].  The

test columns had an axial load level less than 0.1fc
’Ag.  It is possible that at higher axial loads the

extent of spalling would have extended to a height where it had a negative effect on the column

behavior.  A second concern is that the moment diagram in actual bridge columns is not so

precisely controlled as it was in the tests.  Simplified design models often misrepresent locations

of inflection points and may lead to erroneous definitions of required confinement length.  It is

recommended that the confinement transition occur at a greater distance from the foundation

level than recommended by ATC-32 or not at all.



��

5.3 SHEAR STRENGTH

Six proposed methods for calculating the shear strength of reinforced concrete columns were

investigated in this experimental program. Based on the observed behavior of the test columns,

the shear strength provisions proposed by ACI 318-95 [1995] and the BDS [1993] appear to give

reasonable estimates of column shear strength, particularly that of Column 328T.  The ATC-32

[1996] and Konwinski [1996] models appear to underestimate the shear strength of a reinforced

concrete column, while the Ohtaki [1997] and Aschheim [1997] shear strength models appear to

be overly optimistic.

5.4 FORCE-DISPLACEMENT RESPONSE

The predictive force-displacement model proposed by Lehman [1998] provided reasonable

results for the columns in this experimental program.  The ultimate displacements predicted by

the Lehman model compared favorably with the maximum column displacements observed

during testing.  While the component deformations predicted by the Lehman model followed the

same general trends as those obtained from the experimental data, there was a considerable

difference between the predicted and actual component deformations. The displacement

components calculated using the Lehman model compared more favorably with the experimental

displacement components for slender columns.

The ultimate displacements predicted by ATC-32 [1996] underestimated the actual

column displacements by more than 50 percent.  The plastic analysis limits prescribed by ATC-

32 are based on a limiting compressive strain demand in the confined concrete.  This limitation

results in an ultimate curvature capacity significantly less than that used in the Lehman model

[1998], which is based on an ultimate curvature capacity corresponding to a limiting tensile

strain demand of 0.075 in the longitudinal steel.  For a limiting tensile strain demand of 0.075,

the ATC-32 and Lehman models produced results that were similar for predicting the ultimate

displacement of the test columns.  It is known that the tensile strain capacity of reinforcement is

sensitive to strain history, including the number and magnitude of cycles as well as prior

buckling in compression.  Additional research is needed to determine a tensile strain limit that is

appropriate for other displacement histories.
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Appendix A

The following pages contain plots of various test data. See Chapters 2 and 3 for detailed

descriptions.
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Assumed Steel Stress-Strain Model for Analysis
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Figure A.1: Assumed Stress-Strain Relationships for Steel and Concrete Used in
the Cross-Sectional Analysis of Columns 328, 328T, 828, and 1028
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Longitudinal Steel Stress vs. Strain Relationship:
(Experimental)
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Columns 328 and 328T:  Concrete Cylinder
 Stress vs. Strain Data
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Figure A.3: Compressive Stress-Strain Relationships of Concrete Cylinder
Samples for Columns 328, 328T, 828, and 1028
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Figure A.16: Progression of Damage, Column 328, North Face



Figure A.16 (continued): Progression of Damage, Column 328, North Face
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Figure A.17: Progression of Damage, Column 328T, North Face
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Figure A.17 (continued): Progression of Damage, Column 328T, North Face
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Figure A.18: Progression of Damage, Column 828, North Face
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Figure A.19: Progression of Damage, Column 1028, North Face
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Figure A.19 (continued): Progression of Damage, Column 1028, North Face
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Table A.1: Measured Crack Widths (inches) for Column 328, North Face

Cycle Elevation A Elevation B Elevation C Elevation D Elevation E

Peak Zero Peak Zero Peak Zero Peak Zero Peak Zero

0.4” 0.016 0.003 0.009 0.0 0.007 0.0 0.005 0.0 0.003 0.0

0.6” 0.025 0.005 0.013 0.002 0.009 0.0 0.009 0.0 0.007 0.0

0.8” 0.04 0.007 0.02 0.005 0.01 0.0 0.01 0.0 0.007 0.0

1.2” 0.06 0.01 0.02 0.01 0.02 0.005 0.01 0.0 0.007 0.0

2.0” 0.125 0.02 0.013 0.02 0.025 0.013 0.01 0.0 0.005 0.0

2.8” 0.16 0.016 0.16 0.02 0.025 0.01 0.010 0.0 0.007 0.0

4.0” 0.187 - 0.03 0.04 0.04 0.02 0.025 0.005 0.007 0.0

5.2” 0.38 - 0.38 0.05 0.05 - 0.04 - 0.007 -

Notes:

1) Elevations A, B, C, D, and E are at 0, 5, 10.25, 21.75, and 33.25 inches, respectively, above the top of the foundation
block.

2) For each cycle, readings are taken at the peak displacement at after the test specimen is returned to zero
displacement.

Table A.2: Measured Crack Widths (inches) for Column 328T, North Face

Cycle Elevation A Elevation B Elevation C Elevation D Elevation E

Peak Zero Peak Zero Peak Zero Peak Zero Peak Zero

0.4” 0.013 0.002 0.003 0.0 0.003 0.0 0.005 0.0 0.002 0.0

0.6” 0.025 0.002 0.009 0.0 0.005 0.0 0.01 0.0 0.007 0.0

0.8” 0.03 0.007 0.01 0.002 0.007 0.002 0.013 0.0 0.007 0.0

1.2” 0.04 0.013 0.04 0.013 0.007 0.0 0.013 0.0 0.007 0.0

2.0” 0.156 0.02 0.016 0.016 0.007 0.0 0.013 0.0 0.007 0.0

2.8” 0.156 0.013 0.04 0.013 0.007 0.0 0.013 0.0 0.007 0.0

4.0” 0.187 - 0.02 0.013 0.02 0.007 0.016 0.002 0.007 0.0

5.2” - - 0.025 - 0.016 - 0.03 - 0.009 -

Notes:

1) Elevations A, B, C, D, and E are at 0, 7, 21, 24.25, and 36.25 inches, respectively, above the top of the foundation
block.

2)  For each cycle, readings are taken at the peak displacement at after the test specimen is returned to zero
displacement.
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Table A.3: Measured Crack Widths (inches) for Column 828, North Face

Cycle Elevation A Elevation B Elevation C Elevation D Elevation E

Peak Zero Peak Zero Peak Zero Peak Zero Peak Zero

1.75 0.016 0.005 0.009 0.0 0.005 0.0 0.005 0.002 0.003 0.002

3.5 0.03 0.009 0.009 0.002 0.007 0.0 0.010 0.002 0.010 0.002

5.25 0.13 0.025 0.04 0.009 0.02 0.003 0.013 0.0 0.016 0.002

7.0 0.15 0.035 0.06 0.025 0.025 0.005 0.016 0.0 0.02 0.002

10.5 0.16 0.04 0.12 0.04 0.06 0.01 0.01 0.002 0.016 0.002

17.5 0.19 - - - - - - - 0.06 -

Notes:

1) Elevations A, B, C, D, and E are at 0, 12, 25.5, 30.5, and 38.25 inches, respectively, above the top of the foundation
block.

2) For each cycle, readings are taken at the peak displacement at after the test specimen is returned to zero
displacement.

Table A.4: Measured Crack Widths (inches) for Column 1028, North Face

Cycle Elevation A Elevation B Elevation C Elevation D Elevation E

Peak Zero Peak Zero Peak Zero Peak Zero Peak Zero

5 0.03 0.005 0.02 0.003 0.01 0.0 0.013 0.002 0.013 0.0

7.5 0.06 0.016 0.04 0.013 0.015 0.0 0.025 0.005 0.016 0.003

10 0.09 0.04 0.125 0.013 0.01 0.0 0.03 0.002 0.016 0.0

15 0.14 0.06 0.03 - 0.05 0.01 0.04 0.005 0.027 0.0

25 0.16 - 0.04 0.007 0.02 0.009 0.03 0.009 0.05 0.002

35 0.19 - 0.04 - 0.04 - 0.02 - 0.03 -

Notes:

1) Elevations A, B, C, D, and E are at 0, 12.75, 23.5, 34.3 and 48 inches, respectively, above the top of the foundation
block.

2) For each cycle, readings are taken at the peak displacement at after the test specimen is returned to zero
displacement.



Appendix B

The following pages contain construction drawings, details, and specifications for the test

specimens.
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