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PREFACE
Considerable research is under way throughout the world to establish performance-based
assessment and design methodology for buildings. Japan and the United States are at the forefront
of this research effort, as well as efforts to implement the research results. The U.S.-Japan
Cooperative Research in Urban Earthquake Disaster Mitigation, sponsored in Japan by the
Ministry of Education, Science, Sports and Culture, and in the U.S. by the National Science
Foundation, is funding collaborative research in Japan and the U.S. The Pacific Earthquake
Engineering Research Center in the U.S. has established the development of performance-based
earthquake engineering methodology as its primary mission. Because of the importance of this
topic, it is timely for researchers and practitioners from the U.S. and Japan to meet to exchange
technical data and ideas as well as to identify issues of mutual concern and opportunities for
cooperative study.
The Second Workshop on Performance-Based Earthquake Engineering Methodology for
Reinforced Concrete Building Structures was organized to meet the needs and opportunities for
research and practice in performance-based engineering. The objectives of the workshop were
threefold: (1) to discuss different perspectives on performance-based engineering as it is applied to
new and existing concrete buildings in Japan and the United States; (2) to exchange the latest
findings related to the same subject; and (3) to enhance communications and promote
opportunities for new and continuing collaboration.
The Second Workshop was held 11 to 13 September 2000 in Sapporo, Hokkaido. It was
attended by 16 Japanese and 13 U.S. participants. The participants are identified on the
following page.
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DESIGN AND ANALYSIS OF A SIX-STORY
REINFORCED CONCRETE FRAME-WALL SYSTEM
WITH SOFT FIRST STORY FOR SHAKING TABLE TEST
Toshimi KABEYASAWA1,
Yasushi SANADA2 and Hiroshi KURAMOTO3

ABSTRACT
Three-dimensional pushover analysis of a reinforced concrete frame-wall system with soft
first story was carried out to propose a seismic design method for this system. A scaled
model of a structure designed for a shaking table test was analyzed to predict the response
behavior of the model. Because of the effect of three-dimensional wall-frame interaction on
the ultimate mechanism, the maximum base shear of the frame was much higher than
calculated by neglecting the shear transfer of slab. The shear wall in the soft first story
carried most of the base shear. A theoretical method for estimating the wall shear in the
frame was presented. The plan and the results of the shaking table were also outlined.

1. INTRODUCTION

It was pointed out by an inventory damage survey on reinforced concrete building
structures after the 1995 Hyogo-ken Nanbu Earthquake(AIJ, 1997) that the ratios of severe
damages were apparently higher in the buildings with soft first story ( pilotis-type building
structures) than in other regular buildings. Response properties of the pilotis-type buildings,
such as displacement concentration in the soft first story, have been investigated
analytically and experimentally(Komuro et al, 1996)(Ma et al, 1998). However, responses
of members in the soft first story, especially shear and axial forces of columns and walls,
have not been evaluated quantitatively in a simple design formula.
In this study, response properties of a frame-wall system with soft first story were
investigated through a pushover analysis. A one-third scale model was designed for a
_________________________________
1 Earthquake Research Institute, The University of Tokyo
Email: kabe@eri.u-tokyo.ac.jp
2 Department of Architecture, Graduate School of Engineering, The University of Tokyo
Email: sanada@eri.u-tokyo.ac.jp
3 Building Research Institute, Ministry of Construction
Email: kura@kenken.go.jp
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shaking table test based on a proto-type of six-story building. The analysis of the scaled
model was conducted to investigate the collapse mechanism, the base shear and the
distribution of the floor displacements of this system and the ratios of the column shear and
the wall shear in the soft first story. A simple method for estimating the wall shear in the
soft first story based on the collapse mechanism of this system was presented.

2. DESIGN OF ANALYZED FRAME

A reinforced concrete structure consisting of only columns in the soft first story
(Building-A) was designed, tested and analyzed(Nakatsuka et al, 2000). The arrangements
of columns in the first story and walls in the upper stories are shown in Fig. 1. In this study,
a frame-wall structure with soft first story (Building-B) was designed based on Building-A.
Building-B was supposed to have one wall for every three spans as shown in Fig. 2.

10.8m

10.8m

7.2m

7.2m

First story

Upper stories

Y-direction
X-direction

Fig. 1 Plan of Building-A

First story

Upper stories

Y-direction
X-direction

Fig. 2 Plan of Building-B

The member strength of Building-B was designed so that the ultimate base shear coefficient
of the building is equal to that of Building-A. The strength of Building-A was calculated
through the pushover analysis using the fiber model for the columns in the first story and
the elastic model for the walls in the upper stories. The strength of Building-B was
approximately calculated as sum of each frame strength neglecting shear transfer of the
slabs, which was used as a simple method in practical design. Specifically, the strength of
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the plane frame with the soft first story referred to as the pilotis-type frame below was
calculated using the same model used in the analysis of Building-A, while the width and the
depth of the columns were assumed to be 750×750mm, the bar arrangement in the
columns was 16-D25 and the weight per floor area was 11.8kN/m2. The required strength of
the plane frame with the shear wall in the first story referred to as the wall-type frame was
evaluated based on the concept mentioned above. However, these columns and walls were
assumed to fail not in shear but in bending, the compressive strength of concrete was
23.5MPa and the tensile strength of steel was 343.2MPa. The column and wall sections are
shown in Table 1.
The analyzed frame is a one-third scaled model representing the interior 3-span of the
Building-B as shown with mesh in Fig. 2. The model is designed as a specimen for a
shaking table test planned to be conducted in July of 2000. This study was conducted as a
part of the preliminary analysis of the experiment. Figure 3 shows the plan of the first and
the upper floors and Figure 4 shows the elevations of the analyzed model. Table 2 gives the
column and wall sections.

Table 1 Member sections of Building-A
Story

Column
X×Y 750×750

2〜6 Main bar
1

16-D25

X×Y

750×750

Main bar

16-D25

Table 2 Member sections of 1/3 scale

Wall

Story

Width

250

Wall
bar
Width

D10@100
double
300

Wall
bar

D10@100
double
Unit：mm

First story

Column
X×Y 250×250

2〜6 Main bar
1

12-D10

X×Y

250×250

Main bar

12-D10

Wall
Width

80

Wall
bar
Width

D6@75

Wall
bar

D6@75

300

Unit：mm

1.0m

3.6m

1.0m
1.0m
2.4m

6.4m

1.0m

Upper stories

1.0m
Y-direction

Pilotis-type frame

X-direction

Fig. 3 Plans of the analyzed frame

Wall-type frame

Fig. 4 Elevations of the analyzed frame

33

3. PUSHOVER ANALYSIS METHOD

The columns in the soft first story were subjected to large fluctuating axial forces due to
overturning moment at the second floor level. The fiber model was used for the columns to
consider the interaction between bending moment and axial force. The flexibility
distributions for bending and axial deformation of the columns were assumed to be
parabolic from the end of the member to the inflection point. The fiber slices at the ends of
the columns consisted of steel elements and five concrete elements divided along the Y-axis.
The detail of the fiber model is described with the verification of accuracy elsewhere
(Sanada and Kabeyasawa, 1998)(Sanada and Kabeyasawa, 1999).

Rigid beam

Diagonal
member

Perimeter
column

Diagonal
member

Perimeter
column

Shear
panel
Rigid beam

Fig. 5 Truss model for shear wall

σ

E1

σ
εc

εy εm

σy

σy
L0
L0

E1

σc

L

E0
σc'

σu

L

εy '

E0

E2

εy

ε

E2
σy'

εu ε

L = 3/4×L0，E1 = E0×(εy /εm)1/2 ，E2 = E1 /4

L = 0.75×L0，E1 = 0.01×E0，E2 = E1

Fig. 6 Hysteresis model of concrete

Fig. 7 Hysteresis model of steel

The truss model based on the material properties of concrete and steel (Matsumoto and
Kabeyasawa, et al 1993) was used for the shear walls. This model consists of three vertical
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members to resist bending moment, two diagonal members to resist shear force, and upper
and lower rigid beams to join these members as shown in Fig. 5. The hysteresis models of
the stress-strain relationships for concrete and steel used for the fiber model and the truss
model are shown in Fig. 6 and Fig. 7, respectively.
The slabs were assumed to be in-plane rigid while the vertical forces were to be transferred
only by the beams between the adjacent frames. The frames were subjected to static loading
of an inverted triangular distribution in Y-direction in the pushover analysis.

4. RESULTS OF PUSHOVER ANALYSES

Two cases of analyses were carried out and compared in this study: CASE1 was the
analysis of the frame considering the shear transfer of the slabs, and the other CASE2 was
the analysis of the frame neglecting shear transfer, in other words, the analyses of three
plane frames. Figure 8 shows the relation of the base shear and the overall rotation angle
with the base shear from CASE2 equal to the total base shear of the three plane frames.

1.5

Base shear(MN)

CASE1

1

0.5

CASE2
Wall: Shear crack
Wall: Bending yield*1
Tensile columns
: Bending yield*2
Compressive columns
: Bending yield*2
Tensile columns
: Tensile yield*3
Compressive columns
: Compression failure*4

0

0.005
Overall rotation angle(rad)

*1:
*2:
*3:
*4:

When
When
When
When

whole vertical bars yielded
whole main bars on tensile side yielded
whole main bars yielded
concrete on compressive edge failed

Fig. 8 Base shear vs. overall rotation angle
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This figure also shows the process of failure in both cases. The base shear in CASE1
exceeded that in CASE2, because the collapse mechanism of the pilotis-type frame in
CASE1 was different from that in CASE2 as illustrated in Fig. 9. In the center frame of a
continuous wall, the overall collapse mechanism formed in both cases. However, in the
pilotis-type frames, the overall collapse mechanism due to the yielding of tensile columns
formed in CASE1, while the story collapse mechanism formed in CASE2. Therefore, both
columns in the soft first story in CASE1 resisted higher overturning moment than those in
CASE2.

Pilotis-type frame

Wall-type frame

Pilotis-type frame

CASE1 considering shear transfer

Wall-type frame

CASE2 neglecting shear transfer

Fig. 9 Collapse mechanisms

1.5
Qyw

1.5
Total base shear

Shear in the wall-type frame

1

0.5

Shear in the wall-type frame
Wall: Shear crack
Wall: Bending yield

Shear force(MN)

Shear force(MN)

Qyw '
1

Formation of collapse mechanism
0.5

2Qyc
Shear in the pilotis-type frame

Shear in the pilotis-type frame
0

0

0.005

0.005
Overall rotation angle(rad)

Overall rotation angle(rad)

Fig. 10 Comparison of theoretical shear and analytical shear
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Figure 10 shows the relations between the shear forces carried by the pilotis-type frame
(columns ) and the wall-type frame ( wall ) and the overall rotation angle in the CASE1
analysis. The solid line in the figure is the same as the total base shear shown in Fig. 8. The
wall-type frame was subjected to 98 percent of the total base shear in the elastic region.
Most of the base shear force was carried by the wall-type frame until the wall cracked in
shear. As the shear stiffness of the wall degraded because of the shear crack, the shear
forces of the columns in the pilotis-type frame increased. However, 85 percent of the total
base shear was kept in the wall-type frame even after yielding of the frame. This shows that
the shear wall in the soft first story resisted not only the external forces in the wall-type
frame but also those in the pilotis-type frame transferred by the slab.

5. WALL SHEAR FOR SEISMIC DESIGN

The wall shear force in the soft first story for seismic design was investigated based on the
results from CASE1. When the collapse mechanism formed, bending yield hinges were
formed at both ends of the columns on the compressive side in the pilotis-type frames and
all the main bars in the columns on the tensile side had yielded. Therefore, the shear force
of the column on the compressive side Qyc is calculated as follows (AIJ, 1988):
Nc＞0.4･b･D･Fc
Myc ＝0.8･at･σy･D＋0.12･b･D2･Fc
＝0.064MN･m
Qyc ＝Myc /（h1 / 2）
＝0.102MN
where, Nc: axial force of column on the compressive side, Myc: yield moment of column on
the compressive side, b: width of column, D: depth of column, Fc: compressive strength of
concrete, at: sum of section area of tensile bars in column, σy: tensile strength of steel, h1:
height of first story.
Twice of Qyc was compared with the shear force in the pilotis-type frame from the analysis
in Fig. 11. The shear force from the analysis was simulated well by the twice of Qyc, which
corresponded to the shear approximated only for the two columns on the compression side.

37

This means that the wall-type frame is subjected to all the external shear force except for
the shear carried by the pilotis-type frames. Therefore, the shear force of the wall in the first
story for seismic design may be evaluated through estimating the ultimate base shear at the
overall yield mechanism.
The overall yield base shear of the pilotis-type frame Myp is calculated using the equation
for estimating the bending strengths of walls in AIJ guidelines (AIJ, 1990) as follows
Myp ＝at’･σy･lw＋0.5･N･lw＋Myc
＝2.208MN･m
where, at’: sum of section area of main bars in the column, lw: length between centers of
both perimeter columns, N: sum of axial forces of members in the plane frames.
The yield moment of the wall-type frame Myw is also estimated in the same way and that of
the whole frame My is calculated as follows
Myw ＝at’･σy･lw＋0.5･aw･σy･lw＋0.5･N･lw
＝3.014MN･m
My ＝2･Myp＋Myw
＝7.430MN･m
where, aw: sum of section area of vertical bars in the wall.
Therefore, the total external force, which is equal to the total base shear, is estimated as
follows
Qy ＝My / h
＝1.633MN
where, h: height of centroid of external force.
Because the total shear force except for 2Qyc is carried by the wall-type frame, the shear
force in the wall for the first story Qyw is evaluated as follows
Qyw＝Qy−2･Qyc
＝1.429MN
The thick solid line in Fig. 11 shows Qyw. Qyw exceeded by as much as 1.25 times the shear
in the wall from the analysis. This was caused by the difference between the estimated yield
moment of the wall-type frame Myw and the result of the analysis: Myw’＝1.701MN･m.
Qyw’, which is the estimation using Myw’, is shown by the thick dash-dot-dash line in Fig.
11. The result of the analysis was simulated well by Qyw’.
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6. OUTLINE OF THE SHAKING TABLE TEST

The shaking table test of the one-third scaled model in Figs. 3 and 4 was planned and
conducted in July, 2000, with the following specific objectives: (1) to prove expected
seismic performance and 3-D collapse mechanism of frame-wall pilotis buildings, (2) to
measure ultimate design shear and axial forces in column and wall to prevent story collapse,
(3) to verify analytical tools, such as wall model, and in addition, (4) to develop a method
of using seismograph for quick post-earthquake damage and safety evaluation. Based on
the simulation of the test, additional analyses and theoretical interpretation, a general
performance-based seismic design method in practice for will be proposed.
The total weight of the tested structure is 113.3ton above the base being sum of the self
weight of 49.1ton and the steel weight of 64.2ton in addition. The weight of the specimen is
140.5ton including the foundation of 27.2ton. The steel weight should be up to 100ton
(150ton in total above the base) to realize ideal scaling from the proto-type, by which the
vertical stress due to gravity load and the fundamental period could be equivalent. However,
the available weight was limited to 0.61 times of the required, therefore, the real scaling of
time and acceleration amplitude was modified considering the reduced weight as shown in
Table 3. Consequently, the time scale was made as (√0.61/√3) times and the acceleration
amplitude as 1/0.61 times from the original record.
On the other hand, the calculated ultimate base shear under the inverted triangular lateral
load is 1.4MN (140tonf) in CASE1 and 0.9MN (90tonf) in CASE2 as shown in Fig. 8.
Calculated shear strength of the wall is 2.0MN (200tonf) as non-yielding member, which
will be reduced to 1.5MN (150ton) due to the inelastic deformation with flexural yielding.
The ultimate base shear at the overall mechanism (CASE1) under high input acceleration
will be over 140ton due to the change of lateral load distribution, in other words, due to the
effect of higher mode on the dynamic force. Therefore, the mechanism is expected to be the
overall mechanism of flexural yielding at the base of the wall in the first stage but to
change story under the higher input acceleration level into the side sway mechanism due to
the shear failure of the wall in the first story. As the concrete strength was much higher than
the design nominal strength, the shear strength of the wall could be higher than the
calculated at the stage of design.
The elastic fundamental frequency identified from the response to white noise was 11.2 Hz,
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which is a little lower than calculated. The past accelerograms were used as the input
acceleration scaled in terms of time as (√0.61/√3) times from the original record. The
intensity of the input motion was selected considering the maximum velocity equivalent to
the prototype building. The maximum equivalent velocity levels to the prototype were
selected as 12.5, 25, 37, 50, 75 and 135, which were modified to the scaled model
considering the scaling as shown in Table 4. After these main tests, TAK were input with
three levels of 70, 100, 120 to observe the behavior to collapse.

Table 3 Ideal scaling and real scaling in the test
Dimension

Length

Area

Volume

ideal scale
real scale

1/3
1/3

1/32
1/32

1/33
1/33

Horizontal
Acceleration
1
1/0.61

Vertical
Acceleration
1
1

Horizontal
Stress
1
1

Vertical
Stress
1
0.61

Time

Velocity

Weight

1/√3
√0.61/√3

1/√3
1/√3√0.61

1/32
1/32×0.61

Horizontal
Force
1/32
1/32
Base shear
coefficient
1
1/0.61

Vertical
Force
1/32
1/32×0.61
Fundamental
Period
1/√3
√0.61/√3

Table 4 Plan of the actual and equivalent input accelerations
eVmax
(kine)

record

Amax

Vmax

Amp

Ampin

Ain

Vin

eA'max

eV'max

12.5
TOH
258.2
40.9
0.3
0.3/0.61 127.0
9.1
77.5
12.3
25
TOH
258.2
40.9
0.6
0.6/0.61 254.0
18.1
154.9
24.5
37.5
ELC
341.7
34.8
1.1
1.1/0.61 616.2
28.3
375.9
38.3
50
ELC
341.7
34.8
1.4
1.4/0.61 784.2
36.0
478.4
48.7
75
ELC
341.7
34.8
2.2
2.2/0.61 1232.4
56.6
751.7
76.6
75
TOH
258.2
40.9
1.8
1.8/0.61 761.9
54.4
464.8
73.6
75
JMA
820.6
85.4
0.9
0.9/0.61 1210.7
56.8
738.5
76.9
135
TAK
605.5
124.2
1.1
1.1/0.61 1091.9
101.0
666.1
136.6
70
TAK
605.5
124.2
0.6
0.6/0.61 595.6
55.1
363.3
74.5
100
TAK
605.5
124.2
0.8
0.8/0.61 794.1
73.5
484.4
99.4
120
TAK
605.5
124.2
1.0
1.0/0.61 992.6
91.8
605.5
124.2
Note: unit of acceleration in gal, cm/sec/sec, and unit of velocity in kine, cm/sec
eVmax: intended approximate maximum velocity equivalent to the proto-type building
TOH: Tohoku University record (NS) during 1978 Miyagi-ken-oki Earthquake
ELC: El Centro record (NS) during 1940 Imperial Valley Earthqauke
JMA: JMA Kobe record (NS) during 1995 Hyogo-ken-nambu Earthquake
TAK: JR Takaori record (NS) during 1995 Hyogo-ken-nambu Earthquake
Amax and Vmax: maximum acceleration and velocity of the original record
Amp: selected amplitude for the original record to the proto-type building
Ampin (=Amp/0.61): modified amplitude considering the scaling of the weight
Ain(=Amax*Ampin): maximum acceleration input to the scaled model on the shaking table
Vin(=Vmax*Ampin*(√0.61/√3)): maximum velocity input to the scaled model on the shaking table
eA'max(=Amax*Amp=Ain*0.61): calculated maximum velocity equivalent to the proto-type building
eV'max(=Vmax*Amp=Vin*(√0.61*√3)): calculated maximum velocity equivalent to the proto-type building
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The shaking tests were successfully conducted in July, 2000. The major findings derived
from direct observation on the tests are: (1) Due to 3-D and dynamic effects on the collapse
mechanism and lateral strength, the collapse mechanism changed from an overall flexural
yielding until run 7 (JMA75) into side-sway mechanism during and after run 8 under the
maximum input of (TAK135, Fig.11), (2) Base shear was much higher than the statically
computed due to the dynamic effect(Fig.12), (3) shear distribution on the wall, tensile and
compressive columns were measured: in inelastic stage the shear was carried as mostly by
the wall, and by the compressive columns, but not by the tensile columns, (4) axial loads on
the columns were varied up to the full yield strength of main bars in tension and the same
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Roof level (solid)

0
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Fig. 11 Overall and 1st story drift angles during TAK135
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Fig. 12 Base shear vs overall rotation relations during the main tests and collapse tests
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Analytical studies are being conducted on: (1) analytical simulation of the test, especially to
develop verify practical member models, including inelastic wall and slab model,. (2)
method of response and damage evaluation using seismographs, (3) general and practical
design procedure for pilotis-type structures: shear design of wall, taking dynamic and
three-dimensional behavior into account.

7. CONCLUSIONS

A reinforced concrete frame-wall system with soft first story was analyzed. A scaled model
of this system was designed for a shaking table test based on the proto-type building. A
preliminary pushover analysis was carried out to predict the seismic behavior. The ultimate
base shear of this system was much higher than calculated by neglecting shear transfer of
slab, which was caused by the collapse mechanisms of the pilotis-type frames due to the
interaction with the wall-type frame. The overall collapse mechanism formed in the
pilotis-frame considering shear transfer of slab, while the story collapse mechanism formed
in the frame without shear transfer. Therefore, the frame considering shear transfer resisted
higher overturning moment. Moreover, it was found that most of the base shear was carried
by the shear wall in the soft first story. A practical method of evaluating the wall shear force
in the soft first story based was presented on the collapse mechanism of this system. It was
confirmed that the shear force estimated theoretically simulated the shear from the
pushover analysis. The results of the shaking table test were also summarized.
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TREATMENT OF VARIABILITY AND UNCERTAINTY IN NUMERICAL
AND EMPIRICAL METHODS FOR GROUND MOTION ESTIMATION
Norman ABRAHAMSON1
ABSTRACT
Aleatory variability of ground motion represents randomness, whereas, epistemic uncertainty
represents scientific uncertainty as to the probability distribution of the ground motion. The
variability and uncertainty need to be treated differently in developing design ground motions. An
evaluation of the data from the 1999 Turkey and Taiwan earthquakes indicates that the variability
of the ground motion is reasonably well modeled based on existing attenuation relations, but there
is large uncertainty in the median ground motion values for large magnitude earthquakes,
particularly for near-fault ground motions.

1. INTRODUCTION
Variability and uncertainty are terms that are often used interchangeably in discussions of ground
motions. In many cases, the term uncertainty is used for both variability and uncertainty. In
developing ground motions for design, random variability and scientific uncertainty in ground
motions are treated differently. Variability is the randomness in the ground motions that a model
predicts will occur in future earthquakes. For example, variability in ground motion is often
quantified by the standard deviation of an attenuation relation. In contrast, uncertainty represents
the scientific uncertainty in the ground motion model due to limited data. For example, the
uncertainty in attenuation relations is often characterized by alternative attenuation relations.
That is, uncertainty is captured by considering alternative models.
In seismic hazard analyses, the terms “aleatory” and “epistemic” are used for variability and
uncertainty, respectively. To keep the notation clear, in this paper I will use the terms aleatory
variability and epistemic uncertainty.
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2.TREATMENT OF ALEATORY VARIABILITY AND EPISTEMIC
UNCERTAINTY
The distinction between aleatory variability and epistemic uncertainty is useful for seismic
hazard analysis; however, a further subdivision is needed for the practical estimation of these
two factors which is shown in Table 1. There are two ways that the variability of ground motion
models is evaluated. First the models can be evaluated against recordings from past earthquakes.
This is called the “modeling” term. The second way that a model is evaluated is by varying the
free parameters of the model. This is called the “parametric” term.
Table 1: Decomposition of Variability and Uncertainty
Aleatory Variability
Epistemic Uncertainty

Modeling

Variability between model
predictions of ground
motions and observations of
ground motion data.

Parametric

Variability of ground
motions due to variability of
additional earthquake
source parameters.
“Additional” source
parameters are those that
are not included in the
specification of the design
earthquake.

Select (and weight)
alternative ground motion
models.
Results in differences in
both the median ground
motion and the variability
of the ground motion.
Select (and weight)
alternative models for the
distributions of the
additional parameters.
Results in differences in
both the median ground
motion and the variability
of the ground motion.

The modeling component is a measure of the inability of the model to predict ground motions
from past earthquakes. In general, the cause of the modeling variability is not understood. It is
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assumed to be random. (If the cause of the modeling variability was understood, then the model
could be improved to fit the observations.
The parametric component is a measure of the variability of the ground motion from causes that
are understood. That is, there is randomness in the earthquake source process that is understood
and its effect on ground motion is part of the model.
In general, both the modeling and parametric terms need to be considered in a ground motion
model. As our understanding and modeling of earthquakes improves, there will be a trend of
reducing the modeling variability (unexplainable variability) but this will likely be offset by an
increase in the parametric variability (explainable variability).

While the total variability

(combination of the modeling variability and the parametric variability) may not be reduced
significantly with improved models, there is an advantage to understanding the causes of the
variability, particularly if the model is being extrapolated beyond the empirical data on which it
was evaluated.
2.1 Empirical Attenuation Relations
In empirical attenuation models, the standard deviation given for the model is modeling
variability. In most attenuation models, there is no parametric variability component to the
aleatory variability. As new attenuation models are developed, they may begin to include a
parametric variability component. For example, if an attenuation relation used the static stressdrop as an additional source parameter, then the variability of static stress-drop would be treated
as parametric variability.
Generally, for empirical attenuation relations, epistemic uncertainty is addressed by considering
alternative attenuation relations.
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2.2 Numerical simulation models
In numerical simulations, the total aleatory variability is often not presented. Typically, only the
parametric variability is presented and the modeling variability is ignored. This occurs because
it is straight-forward for modelers to exercise the model in forward predictions varying the input
parameters (e.g. parametric variability), but it is much more work to quantify the modeling
variability. To accurately represent the total aleatory variability from numerical simulations
requires both the modeling variability and the parametric variability (Wong and Stepp, 1998).
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Standard Deviation (natural log units)

0.7
0.6
0.5
0.4
0.3

Modeling Aleatory

0.2

Parametric Aleatory
Total Aleatory (numerical Simulation)

0.1

Total Aleatory (Empirical attenuation)

0.01
0

0.1

1
Period (sec)

10

Figure 1. Example of parametric and modeling contribution to the aleatory variability
for numerical simulation. This case is for a magnitude 6.5 strike-slip earthquake at a
distance of 5 km.

As an example, the modeling variability and parametric variability for a numerical simulation
method are shown in Figure 1. This example is for a magnitude 6.5 strike-slip earthquake at a
distance of 5 km. In this case, the modeling variability and the parametric variability are about
equal at short periods, and the parametric variability is larger than the modeling variability at
long periods. This indicates that the long periods are more sensitive to the model parameters
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than are the short periods.

Also shown on this figure is the standard deviation from the

Abrahamson and Silva (1997) empirical attenuation relation. The total variability from the
numerical simulation is similar to the standard deviation of the empirical attenuation relation.
That is, the aleatory variability has not been reduced by using a numerical simulation instead of
an empirical attenuation relation, but about half of the aleatory variability from the numerical
simulation can be explained by specific source parameters.

3. EVALUATIONS OF EMPIRICAL MODELS WITH THE 1999 TURKEY AND
TAIWAN DATA
The ground motions recorded in the 1999 Kocali and Duzce earthquakes in Turkey and the 1999
Chi-Chi earthquake in Taiwan were compared to the Abrahamson and Silva (1997) attenuation
relation for shallow crustal earthquakes. The mean residuals of the 5% damped response spectral
accelerations are shown in Figure 2 for stations within 20 km of the fault. The error bars shown
in this figure represent the standard error of the mean residual.
The aleatory variability of the response spectral values are compared to the Abrahamson and
Silva (1997) model in Figure 3. The aleatory variability computed for the three earthquakes
represent only the within event variability. Therefore, the event-to-event variability in the
Abrahamson and Silva (1997) attenuation relation was removed before comparing with the
observed variability. Figure 3 shows that the estimated standard deviations from the Chi-Chi
earthquake do not show the strong period dependence that is in the empirical model.
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Figure 2. Mean residuals for distances less than 20 km using the Abrahamson and Silva
(1997) attenuation relation.
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Figure 3. Comparison of the aleatory variability from the Chi-Chi earthquake with the aleatory variability
(within event) from the Abrahamson and Silva (1997) attenuation relation.

68

4. KEY AREAS OF GROUND MOTION UNCERTAINTY
4.1 Magnitude Scaling of Ground Motions for Very Large Magnitude
Earthquakes
The lower than expected near fault ground motions during the 1999 Turkey and Taiwan
earthquakes lead to a significant uncertainty in the prediction of median ground motions for large
magnitude earthquakes. In particular, these low ground motions may lead to a re-evaluation of
the magnitude scaling of ground motions. In current empirical attenuation relations for crustal
earthquakes used in the western United States, the magnitude scaling of the median ground
motion is reasonably well determined for magnitudes 6.0 to 7.0; however, the scaling above
magnitude 7 is not well constrained by data (before the Turkey and Taiwan earthquakes).
Somerville (2000) has compared ground motions from earthquakes with large surface rupture
with the ground motions from earthquakes with buried surface rupture and has found that buried
ruptures produce much larger ground motions. His interpretation of the lower than expected
near-fault ground motions (at periods less than 2 seconds) recorded in the 1999 Turkey and
Taiwan earthquakes is that the during large surface rupturing events, there is a reduction in the
normal stresses on the fault plane due to elevated fluid dynamic pressure. This suggests that
surface rupture or buried rupture should be a parameter in a ground motion attenuation relation
for crustal earthquakes.
4.2 Long Period Pulses
Over the last decade, there has been a lot of discussion of long period pulses observed in nearfault ground motion. These long period pulses have been called “fling”, directivity” and “killer
pulses”. There are two causes of long period pulses in near-fault ground motions. One is the due
to constructive interference of the dynamic shaking due to rupture directivity effects. The other
is due to the permanent offset of the ground close to faults with large amounts of fault offset.
These two causes of long period pulses attenuate very differently from one another. To keep
these to effects separate, we are using the terms “directivity pulse” and “fling-step” for these two
effects.
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Rupture directivity effects occur when the rupture is toward the site and the slip direction (on the
fault plane) is aligned with the rupture direction. For strike-slip earthquakes, rupture directivity
is observed on the fault normal component and static displacement effects are observed on the
fault parallel component. Thus , for strike-slip earthquakes, the rupture directivity pulse and the
permanent displacement pulse will naturally separate itself on the two horizontal components.
For dip-slip earthquakes, it is more complicated. The rupture directivity effect will be strongest
on the fault normal component at a location directively updip from the hypocenter. The fling
step will also be observed on the component perpendicular to the strike of the fault. Thus for dipslip faults, directivity-pulse effects and fling-step effects need to be separated from each other.
Prior to the 1999 Turkey and Taiwan earthquakes, nearly all of the observed large long period
pulses in near-fault ground motions were caused by rupture directivity effects. So this effect was
not a significant problem with the data. With the large amount of data from Turkey and Taiwan
that contain these permanent displacements, these different effects need to be addressed.
4.3 Rupture Directivity Models
A preliminary model quantifying effects of the directivity on ground motion was given by
Somerville et al (1997). This model used a smooth broad spectrum to describe the directivity in
terms of scale factors that are applied to standard attenuation relations without directivity. These
smooth factors are shown in Figure 4. As an example, the median spectra for a magnitude 6.5
and 7.5 earthquakes a distance of 10 km developed for forward directivity conditions are
compared to standard spectra in Figure 5. In this model, the median spectrum from the larger
magnitude (M=7.5) earthquake is greater than the spectrum from the smaller magnitude (M=6.5)
at all periods.

70

3
M=6.5 (Narrow band)
Forward Directivity Factor

2.5
M=7.5 (narrow band)
M=6.5 (smooth)

2

M=7.5 (smooth)
1.5
1
0.5

0.01

0.1

1

10

Period (sec)
0
Figure 4. Comparison of smooth vs narrow band adjustment factors for
directivity.

Abrahamson (2000) showed that including rupture directivity effects in ground motion models,
there can be a significant effect (up to a factor of 1.5) on long period design ground motions. In
a probabilistic analysis, if the return period of the design ground motion is greater than about
twice the mean recurrence interval of a large earthquake, then directivity effects will
significantly increase the probabilistic estimate of the long period (T>1 sec) ground motion;
however, if the return period of the design ground motion is less than the earthquake recurrence
interval then including directivity does not have a significant effect on the design ground motion.
The size of this effect on probabilistic analysis will strongly depend on the use of either broad
smooth directivity effects or narrow band directivity effects. This is a large outstanding
epistemic uncertainty in the prediction of near fault long period ground motion.
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Figure 5. Example of applying a smooth directivity effects model.
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Figure 6. Example of applying a narrow band directivity effects model.
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Direct Displacement-Based Design: Use of Inelastic Design Spectra
Versus Elastic Design Spectra
Rakesh K. Goel1 and Anil K. Chopra2
ABSTRACT
Direct displacement-based design requires a simplified procedure to estimate the seismic
deformation of an inelastic SDF system, representing the first (elastic) mode of vibration of the
structure. This step is usually accomplished by analysis of an “equivalent” linear system using
elastic design spectra. In this paper, an equally simple procedure is developed that is based on the
well-known concepts of inelastic design spectra. We demonstrate in this paper that the procedure
provides: (1) accurate values of displacement and ductility demands, and (2) a structural design
that satisfies the design criteria for allowable plastic rotation. In contrast, the existing procedure
using elastic design spectra for equivalent linear systems is shown to underestimate significantly
the displacement and ductility demands. The existing procedure is shown to be deficient in yet
another sense; the plastic rotation demand on structures designed by this procedure may exceed
the acceptable value of the plastic rotation, leaving an erroneous impression that the allowable
plastic rotation constraint has been satisfied.

1. INTRODUCTION
Direct displacement-based design is being advocated as a more rational and relevant approach to
seismic design of structures compared to traditional strength-based design (Shibata and Sozen,
1976; Moehle, 1992; Kowalsky, Priestley, and MacRae, 1994). Displacement-based design
involves several steps (to be described later), one of which is to estimate the seismic deformation
of an inelastic SDF system representing the first (elastic) mode of vibration of the MDF system.
In some of the present procedures, this step is accomplished by approximate methods in which
the nonlinear system is replaced by an “equivalent” linear system (Shibata and Sozen, 1976;
Priestley, Seible, and Calvi, 1996). The period and damping of this linear system are determined
by the secant stiffness method (Jennings, 1968) or its variants, e.g., the substitute structure
method (Shibata and Sozen, 1976).
The purpose of this paper is to demonstrate application of inelastic design spectra to direct
displacement-based design of structures. The resulting design procedure is shown to produce a
satisfactory structural design. In contrast, it is shown that the design produced by the procedure
that uses elastic design spectra and equivalent linear systems does not necessarily satisfy the
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design criteria. In particular, it can leave an erroneous impression that the allowable plastic
rotation constraint has been satisfied. Note that this paper is a summary of the full-length
manuscript recently submitted for publication (Chopra and Goel, 2000).
To focus on this theme, this presentation is intentionally restricted to structures idealized as SDF
systems with bilinear force-deformation relations (Figure 1). The distraction of approximations
inherent in a one-mode representation of MDF systems and bilinear idealization of a pushover
curve are thus avoided.
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Figure 1. Idealized SDF system with bilinear force-deformation relation.
2. DISPLACEMENT-BASED DESIGN USING ELASTIC DESIGN SPECTRA
2.1 Equivalent Linear System
Needed in existing displacement-based design procedures, the properties of the equivalent linear
system are summarized here. Consider an inelastic SDF system with bilinear force-deformation
relationship on initial loading (Figure 1b). The stiffness of the elastic branch is k and that of the
yielding branch is αk . The yield strength and yield displacement are denoted by f y and u y ,
respectively. If the peak (maximum absolute) deformation of the inelastic system is um , the
ductility factor µ = um / u y .
For the bilinear system of Figure 1b, the natural vibration period of the equivalent linear system
with stiffness equal to ksec , the secant stiffness, is
Teq = Tn

(1)

µ
1 + αµ − α
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where Tn is the natural vibration period of the system vibrating within its linearly elastic range
( u ≤ u y ).
The most common method for defining equivalent viscous damping is to equate the energy
dissipated in a vibration cycle of the inelastic system and of the equivalent linear system. Based
on this concept, it can be shown that the equivalent viscous damping ratio is (Chopra and Goel,
1999):

ζ eq =

2 (µ − 1)(1 − α )
π µ (1 + αµ − α )

(2)

The total viscous damping of the equivalent linear system is

ζˆeq = ζ + ζ eq

(3)

where ζ is the viscous damping ratio of the bilinear system vibrating within its linearly elastic
range ( u ≤ u y ).
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Figure 2. Elastic deformation design spectrum.
2.2 Elastic Design Spectra
To implement the existing displacement-based design procedure, an elastic design spectrum is
needed. For this purpose, we have used a median-plus-one-standard-deviation spectrum
constructed for peak values of the ground acceleration, velocity, and displacements of ugo = 1g ,
u go = 122 cm/s (48 in/s), and ugo = 91.4 cm (36 in), respectively, by the procedure of Newmark
and Hall (1982). The displacement (or deformation) design spectrum needed in the
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displacement-based design is determined from the standard pseudo-acceleration design spectrum,
using the well-known relationship between pseudo-acceleration A and deformation D:
2

(5)

T 
um = D =  n  A
 2π 
Figure 2 shows such spectra for several values of the damping ratio.
2.3 Step-By-Step Procedure

Adapted from Priestley and Calvi (1997), a direct displacement-based design procedure for
bilinear SDF systems (Figures 1a and 1b) using elastic design spectra is outlined as a sequence of
steps:
1. Estimate the yield deformation u y for the system.
2. Determine acceptable plastic rotation θ p of the hinge at the base.
3. Determine design displacement um
u m = u y + hθ p

(6)

and design ductility factor µ = um / u y .
4. Estimate the total equivalent viscous damping, ζˆeq , for the design ductility factor from
Equations 2 and 3.
5. Enter the deformation design spectrum for elastic systems with known um and ζˆeq to read
Teq (Figure 2). Determine the secant stiffness
ksec = 4π2 m
T eq

(7)

2

where m is the mass of the system.
6. Determine the required yield strength f
fy =

y

from Figure 1b:
(8)

ksecum
1 + αµ − α
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7. Estimate member sizes and detail (reinforcement in R/C structures, connections in steel
structures) to provide f y . Calculate initial elastic stiffness k and u y = f y / k .
8. Repeat steps 3 to 7 until a satisfactory solution is obtained.
2.4 Example
Consider a portion of a long reinforced-concrete viaduct that is a part of a freeway. The total
weight of the superstructure, 190 kN/m, is supported on identical bents 9 m high, uniformly
spaced at 39.6 m. Each bent consists of a single circular column 1.5 m in diameter (Figure 3a).
Using the design procedure described earlier, we will design the longitudinal reinforcement of

w = 7517 kN

•

9m

•

the column for the design earthquake defined by Figure 2 scaled to ugo = 0.5g .

k=

3EI
h3

•

•

h
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Figure 3. Example single-column bent and idealized SDF system.
For the transverse ground motion, the viaduct can be idealized as an SDF system (Figure 3b)
with its lateral stiffness computed from k = 3EI / h 3 , where E is the elastic modulus of concrete,
I is the effective moment of inertia of the reinforced-concrete cross section, and h is the column
height. Based on the American Concrete Institute design provisions ACI 318-95, the effective EI

(

)

for circular columns subjected to lateral load is given by EI = Ec I g 0.2 + 2 ρ t γ 2 E s / Ec where I g
is the second moment of inertia of the gross section, Ec and Es are the elastic moduli of concrete
and reinforcing steel, ρ t is the longitudinal reinforcement ratio, and γ is the ratio of the
distances from the center of the column to the center of the outermost reinforcing bars and to the
column edge.
The system properties selected are: concrete strength = 27.6 MPa (4 ksi), steel strength = 413
MPa (60 ksi) and γ = 0.9. The mass of the idealized SDF system is the tributary mass for one
bent,

i.e.,

the

mass

of

39.6

m

length
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of

the

superstructure,

m = w/ g =

(7517 × 1000 N)/ 9.8 m/s2 = 767041 kg . The initial elastic vibration period of this system is 1.82
s, which falls in the velocity-sensitive region of the design spectrum.
The step-by-step procedure described earlier in this section is now implemented as follows:
1. An initial estimate of u y = 4.5 cm.
2. The plastic rotation acceptable at the base of the column is θ p = 0.02 radians.
3. The design displacement given by Equation 6 is um = u y + hθ p = 4.5 + 900×0.02 = 22.5 cm
and the design ductility factor is µ = um u y = 22.5 / 4.5 = 5 .
4. For α = 5% and µ = 5, Equations 2 and 3 give ζˆeq = 45%.
5. The deformation design spectrum for elastic systems is constructed for ζˆeq = 45%.
Corresponding to um = 22.5 cm this spectrum gives Teq = 2.81 s and ksec is computed by
Equation 7, ksec = ( 2π / 2.81) 2 × 767041 = 3.835 × 106 N/m = 38.35 kN/cm.
6. The yield strength is given by Equation 8, f y = (38.35 × 22.5) /(1 + 0.05 × 5 − 0.05) = 719.1
kN.
7. The circular column is then designed using ACI318-95 for axial load due to superstructure
weight of 7517 kN plus column self weight of 375 kN and the bending moment due to lateral
force = fy: M = hf y = 6472 kN-m. For the resulting column design, ρ t = 1.19% , flexural
strength

=

7395

kN-m,

and

lateral

strength

=

821.7

kN.

For

ρ t = 1.19% ,

EI = 2.22 × 106 kN − m 2 , k = 91.3 kN/cm, and u y = f y k = 821.7/91.3 = 9 cm.
8. Since the yield deformation computed in Step 7 differs significantly from the initial estimate
of u y = 4.5 cm, iterations are necessary.
The procedure converged after three iterations giving a column design with ρ t = 1.3% . This
column has an initial stiffness, k = 95.17 kN/cm and lateral yield strength, fy = 839.7 kN. The
deformation demand um = 26.8 cm. Due to reason of brevity, results of intermediate iterations
are not presented here; they are available in Chopra and Goel (2000).
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3. DISPLACEMENT-BASED DESIGN USING INELASTIC DESIGN SPECTRA
Presented next is a direct displacement-based design procedure that uses the well-known
constant-ductility design spectra instead of the elastic design spectra for equivalent linear
systems.
3.1 Inelastic Design Spectrum
A constant-ductility spectrum for an elastoplastic hysteretic system is a plot of Ay versus the
initial elastic period T n for selected values of µ. The pseudo-acceleration Ay is related to the
yield strength f

y

by f y = ( Ay / g )w where w is the weight of the system. The yield strength

reduction factor is given by R y = f o / f y = A / Ay where f o = ( A / g )w is the minimum yield
strength required for the structure to remain elastic during the earthquake; A is the pseudoacceleration ordinate of the elastic design spectrum at (T n , ζ ) .
A constant-ductility design spectrum is established by dividing the elastic design spectrum by
appropriate ductility-dependent factors that depend on Tn ; detailed procedure is described in
Chopra (1995, Chapter 7). The Newmark and Hall (1982) recommendations for the reduction
factor, R y , are

2  − 1 in the acceleration-sensitive region, and  in the velocity- and

displacement-sensitive regions. In recent years, several other recommendations for the reduction
factor have been developed (Krawinkler and Nassar, 1992; Vidic, Fajfar, and Fischinger, 1994;
Miranda and Bertero, 1994).
The peak deformation um of the inelastic system is given by:
2

2

(9)

1 T 
T 
um = µ  n  A y = µ  n  A
 2π 
R y  2π 

Computed by using Equation 9 and R y − µ relations of Newmark and Hall (1982), the
deformation design spectrum is shown in Figure 4.
3.2 Step-By-Step Procedure
The first three steps of this procedure are identical to those in the previously-described
displacement-based design procedure, and steps 4 to 8 are replaced by the following steps based
on the deformation design spectra for inelastic systems (Figure 4).
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4. Enter Figure 4 with known um and µ to read Tn . Determine the initial elastic stiffness:
k = 4π2 m
Tn

(10)

2

5. Determine the required yield strength
f y = k uy

(11)

6. Estimate member sizes and detail (reinforcement in R/C structures, connections in steel
structures, etc.) to provide the strength determined from Equation 11. For the resulting design
of the structure, calculate the initial elastic stiffness k and yield deformation u y = f y / k .
7. Repeat steps 3 to 6 until a satisfactory solution is obtained.
500
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Figure 4. Inelastic deformation design spectra.
The graphical implementation of Step 4 in the modified design procedure may be attractive for
its similarity to the previous procedure. However, the graphical feature is not essential and the
Step 4 can be implemented numerically; from Equation (9)
T n = 2π

(12)

um R y
A µ

where R y and µ are related, for example, by relations of Newmark and Hall (1982). Because
this relation depends on T n , iteration may be necessary to determine T n from Equation 12.
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3.3 Example
The step-by-step procedure described in this section is now implemented for the system designed
previously by the displacement-based design procedure using the elastic design spectra.
1. An initial estimate of u y = 4.5 cm.
2. The plastic rotation acceptable at the base of the column is θ p = 0.02 radians.
3. The design displacement given by Equation 6 is um = u y + hθ p = 4.5 + 900×0.02 = 22.5 cm
and the design ductility factor is µ = um u y = 22.5 / 4.5 = 5 .
4. The deformation design spectrum for inelastic systems is constructed for µ = 5.
Corresponding to um = 22.5 cm, this spectrum gives Tn = 1.01 s and k is computed by
Equation 10, k = ( 2π / 1.01)2 × 767041 = 29.9 × 106 N/m = 298.7 kN/cm.
5. The yield strength is given by Equation 11, f y = ku y = 298.7 × 4.5 = 1344 kN.
6. The circular column is then designed using ACI318-95 for axial load due to superstructure
weight of 7517 kN plus column self weight of 375 kN and the bending moment due to lateral
force = fy: M = hf y = 12096 kN-m. For the resulting column design, ρ t = 3.62% , flexural
strength = 12976 kN-m, and lateral strength = 1441 kN.

For

ρ t = 3.62% ,

EI = 4.24 × 106 kN − m 2 , k = 174.4 kN/cm, and u y = f y k = 1441/174.4 = 8.27 cm.
7. Since the yield deformation computed in Step 6 differs significantly from the initial estimate
of u y = 4.5 cm, iterations are necessary.
The procedure converged after five iterations giving a column design with ρ t = 5.5% . This
column has an initial stiffness, k = 238.6 kN/cm and lateral yield strength, fy = 1907 kN. The
deformation demand um = 26.0 cm. Due to reason of brevity, results of intermediate iterations
are not presented here; they are available in Chopra and Goel (2000).
4. EVALUATION OF EXAMPLE DESIGNS
The column design resulting from both procedures is evaluated in this section. Whether a design
is satisfactory will be judged by calculating the deformation demand and plastic rotation demand
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imposed by the design earthquake. These demands can be computed for a system with known
properties (initial elastic stiffness, k, mass, m, and yield-strength f y ) by the following procedure:
1. Calculate the initial elastic period, Tn , from the known mass, m, and the initial elastic
stiffness, k.
2. Determine the pseudo-acceleration A from the elastic design spectrum; the elastic design
force, f o = ( A / g ) w .
3. Calculate the yield-strength reduction factor, R y = f o / f y , in which f o is computed in Step 2
and f y is known yield-strength of the designed system.
4. Determine the ductility demand µ using the R y − µ − Tn relations.
5. Calculate um from Equation 9, and θ p from Equation 6, where u y = f y / k and f y is known
yield-strength of the system.
The deformation and plastic rotation demands are computed by this procedure for the example
system and compared with those estimated by the two afore-mentioned design procedures.
4.1 Structural Design Using Elastic Design Spectra
In designing the structure by using the elastic design spectra for equivalent linear systems, the
deformation of the designed structure was estimated to be 26.8 cm. However, when the designed
structure is analyzed, the deformation demand is 39.7 cm. Which of the two values is more
accurate? Clearly it is the latter value because it comes from inelastic design spectra which are
based on nonlinear response history analyses of inelastic systems considering a wide range of
system parameters and many ground motions (Krawinkler and Nassar, 1992; Vidic, Fajfar, and
Fischinger, 1994). In contrast, the former value comes from an approximate procedure based on
equivalent linear systems, a procedure that is known to be inaccurate (Chopra and Goel, 2000).
Thus the design procedure has underestimated the deformation demand by 32.6%.
The displacement-based design procedure based on elastic design spectra for equivalent linear
systems has additional deficiencies. Although the structure was designed for an acceptable value
of the plastic rotation θ p = 0.02 radians, the plastic rotation demand = 0.0343 radians, 72% more
than the acceptable value. Thus the design procedure leaves an erroneous impression that the
allowable plastic rotation constraint has been satisfied.
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4.2 Structural Design Using Inelastic Design Spectra
In designing the structure by the procedure based on inelastic design spectra, the deformation
demand for the designed structure was estimated to be 26.0 cm. When the designed structure is
analyzed, the deformation demand is 25.9 cm. Clearly the design procedure has estimated the
deformation demand consistent with that predicted by well-established concepts of inelastic
design spectra. Furthermore, the plastic rotation demand of 0.0199 radians is essentially identical
to the acceptable value of 0.02 radians that was imposed on the design, and the proposed
procedure has produced a satisfactory design.
Note that for the examples considered, the displacement-based design procedure using inelastic
design spectra leads to a structure with more longitudinal reinforcement and thus higher strength
compared to the design based on elastic design spectra for equivalent linear systems. A stronger
column is necessary to satisfy the selected design criteria.
5. CONCLUSIONS
Direct displacement-based design requires a simplified procedure to estimate the seismic
deformation of an inelastic SDF system, representing the first (elastic) mode of vibration of the
structure, an MDF system. A simplified procedure that uses the well-known inelastic design
spectra has been presented in this paper. With the aid of examples, it has been demonstrated that
the procedure (1) provides displacement estimates consistent with those predicted by the wellestablished concepts of inelastic design spectra, and (2) produces a structural design that satisfies
the design criteria for acceptable plastic rotation.
The displacement-based design procedure proposed by several researchers in recent years uses
elastic design spectra for equivalent linear systems based on the secant stiffness method or its
variations like the substitute structure method. In this paper, we have demonstrated that the
deformation and ductility factor that are estimated in designing the structure by this procedure
are much smaller than the deformation and ductility demands determined by nonlinear analysis
of the system using inelastic design spectra. Furthermore, it has been shown that the plastic
rotation demand on structures designed by this procedure may exceed the acceptable value of the
plastic rotation. Thus, the design procedure leaves an erroneous impression that the allowable
plastic rotation constraint has been satisfied.
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ABSTRACT
The effects of soil-structure interaction (SSI) on the seismic response demand of the buildings
are studied through observation and simulation. Dense observation system of seismographs
has been set up in school buildings and shallow soil to identify the effect of SSI on the
response of the buildings including inelastic behaviour of soil. The observed response under a
moderate earthquake is analysed by the detailed frame model with and without SSI. A better
correlation is observed in case of the analysis with SSI. A parametric study on the effects of
SSI was conducted using a simple model with elasto-plastic behavior of both structure and
soil. The results indicate that SSI effects are higher only in the cases with inelastic behaviour
both in structure and soil. The theoretical background based on energy distribution is being
studied.

1. INTRODUCTION
Analytical studies on the dynamic response of soil-structure interaction (SSI) systems have
been well conducted in the past decades. Theoretical backgrounds in simple cases of elastic
behavior and stationary response have been understood with various numeral analyses
(Jennings and Bielak, 1973, Veletsos and Meek 1974). In these cases, the response including
SSI is generally smaller than that which would occur in the cases if the structures were on the
fixed base. This is mainly because of the energy dissipated by radiation and internal friction
into the soil. However, the rocking and lateral swaying of the foundation would also increase
the response of building due to the resonance of the SSI system to the peculiar frequency of
the input motion. The result of numerical analyses where the latter effect is dominant has
been reported for nonlinear SSI systems(Bielak, 1978).
On the other hand, the effects of soil-structure interactions have not verified well yet neither
through shaking table tests nor through site observations with actual SSI systems. It is very
difficult to conduct the dynamic test on SSI system, whereas the observation data available
___________________________________________________________________
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for the verification of the effect of SSI is very much limited. As for the observation, only the
accelerogram observed on the base of the building is not enough for the verification of the
SSI effect, although it is the record as a result of SSI response. In that case the motion which
would have occurred without SSI system, in other words, recorded in a comparable free field,
must be estimated. The records in the structure with those in the soils and on near free field
are very few so far.
The purpose of this study is to investigate the effects of soil-structure interaction (SSI) on the
seismic response demand of the buildings through observation and simulation. Dense
observation system of seismographs on school buildings and shallow soil developed by ERI
research group are introduced. The results of the SSI analysis on the observed responses
under a moderate earthquake are presented. Collaterally, a parametric study with simple SSI
model is conducted taking elasto-plastic behavior in both structure and soil into account.

2. OBSERVATION IN EXISTING BUILDINGS
2.1 Description of the observed buildings
Dense observation system of seismographs on building and soil has been set up at school
buildings of Seisho High School in Odawara city. The observation started from August of
1999. Two buildings called as D-building and E-building of the school were selected for the
instrumentation. The E-building is a pilotis-type (soft-first story) structure and is observed
with other objective than the research on SSI. The observation only for the D-building is
reported here.
The D-building of the Seisho High School is a 4-story reinforced concrete frame structure
which has a rectangular plan of 48.0m in longitudinal (E-W) direction and 9.6m in transverse
(N-S) direction. The total height of the building is 18m. Figure 1 shows a view of this
building from south.
The floor plan, which is common from the first to the third floor, is shown in Fig. 2. The
structural system is typical as standard school buildings in Japan. Three frames in the
longitudinal direction are regular open frames with 4.8m span beams. Seven frames out of the
eleven frames in the transverse direction have wall panels. Incidentally, the lateral stiffness or
fundamental periods in the two directions were almost identical, 2.5 second, both by
calculation and by observation, despite of the different structural types.
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The building is supported by the foundation of PC-piles. The soil classification by a boring
inspection is shown in Figure 2. The ground is relatively soft soil with silt. P-wave and Swave velocities were reported as 90m/sec to 200m/sec down to 8m from the ground level and
230m to 1700m below 8m.

Figure 1. A south view of D-building
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Figure 2. A typical floor plan of D-building

Figure 3. Soil conditions

2.2 Instrumentation of seismometers on the building and soil
The strong-motion instrumentation was implemented as shown in Figure 3. Six triaxial
accelerometers (six sensors of 18 channels in total) are located in the building and soil: (1)
GL-6m under the nearby free field at 17m east from the building, (2) GL-1m at the nearby
free field, (3) GL-6m underneath the building, (4) the south end on the foundation beam at the
east side of the building, (5) the north side of the same foundation beam, and (6) roof beam
level above the location(5). Data is recorded at a rate of 100 Hz per channel. From these
seismographs, differences between motions at the base of the building and at the free field,
the response of the structures and rocking of foundation, shear strains of soils, from which
SSI model will be verified.
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Figure 4. Location of accelerometers in D-building and near free field

2.3 Recorded data
A moderate earthquake motion was recorded on September 13, 1999. The acceleration data
filtered with Butterworth order 4 at 0.1 Hz. The maximum accelerations of all the channels
are listed in Table 1. The waveforms of the only NS component, which are used for the SSI
analysis, are shown in Figure 5 with their Fourier spectrum.

Table 1. Maximum accelerations in gal

Free field GL-6m
Free field GL-1m
Beneath Building GL-6m
1st floor of building(south)
1st floor of building(north)
Roof level of building

component
NS
10.05
23.20
13.44
26.39
26.85
60.70

EW
11.30
22.29
14.98
27.89
28.65
52.20

UD
5.25
5.47
5.70
8.40
8.60
7.64

2.4 Analysis of the building considering soil-pile-building interaction
The recorded data were simulated by the SSI model shown in Fig. 6. The building was
idealized using three-line-element model for the wall. The sway and rocking are considered
by the springs and dashpots connected to the rigid base.
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Figure 6 . SSI model for the simulation of the observed data
The characteristics of these springs for sway and rocking are determined as follows
considering lateral stiffness of the piles in the soil(Novak, 1974). The response of buildingfoundation systems including seismic soil-pile-superstructure interaction (SSPSI) can be
computed as the superposition of two effects: (1) a so-called kinematic interaction effect and
(2) an inertial interaction effect. This superposition is exact for linear soil, pile and structure,
and could be applied to moderately non-linear systems. For computational convenience and
conceptual simplicity, each one of the above two stages can be further subdivided into two
independent analysis steps, as follows:
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(1) For the kinematic response: (a1) analysis of the free-field soil response (i.e. without the
presence of piles) to vertically incident S-waves; and (a2) analysis of the interaction of the
single pile or pile group with the surrounding soil, driven by the free-field response of step
(a1).
(2) For the inertial response: (b1) computation of the dynamic impedances at the pile head or
the pile-group cap, associated with the swaying and rocking motion of the foundation; and
(b2) analysis of the dynamic response of the superstructure supported on the springs and
dashpots of the step (b1), subjected to the kinematic pile-head motion of the step (a2). The
damping coefficients of the superstructure and the foundation were assumed as 0.05 and 0.10
respectively.
The calculated responses by the SSI model and the fixed base model are compared with the
observed for the time-history of the roof level acceleration as shown in Figure 7. Figure 7(a)
compares the analytical case where the responses are calculated by the fixed base model using
the accelerogram (CH13) recorded at the base, on the foundation beam of the building. A
good correlation is observed, from which it may be concluded that the modelling of the
superstructure is rigorous. Figure 7(b) compares the analytical case where the responses are
also calculated by the fixed base model using the accelerogram (CH4) recorded at the surface
(GL-1m) of the free field. The calculated response are generally smaller than the observed.
Figure 7(c) compares the analytical case where the responses are calculated by the SSI model
using the accelerogram (CH7) recorded in the soil of GL-6m. under the building. A much
better correlation is observed in the case (c) than in the case (b) where the free field motion is
used.
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(a) Fixed base model under the accelerogram on the base of building
Figure 7 Calculated and observed responses of roof level acceleration
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(b) Fixed base model under the accelerogram on the free field
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(c) SSI model under the accelerogram in the soil of GL-6m
Figure 7. Calculated and observed responses of roof level acceleration

In the observed system, the fundamental frequencies of the ground and the SSI system are 2.5
Hz and incidentally identical as shown in Figure 5. Therefore, it is estimated that the response
with the SSI system becomes larger than that of fixed base model under the free field record
as is observed and calculated in above cases. As for the displacement response calculated
from the accelerogram, the ratio of the roof level displacement due to the rocking was about
half of the total deformation.

3. SIMPLE NON-LINEAR SSI ANALYSIS
It is well known that the earthquake response of the soil-structure interaction (SSI) system is
generally smaller than that of the fixed base system, because the input energy to the SSI
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system is dissipated by both radiation and hysteretic action in the soil. However, this is not
always the case because of the hysteretic behavior of the structure and soil in the SSI system.
That is, in case of elastic structure and elastic soil system (ESESo) or elastic structure and
inelastic soil system (ESISo), the response would generally be smaller by the effect of SSI.
However, the responses of inelastic structure and elastic soil system (ISESo) could be
different. Furthermore, few studies have been conducted on the inelastic structure and
inelastic soil system (ISISo), for which the effect has not yet been formulated in general. The
specific objective of this study is to compare the earthquake responses of the four different
SSI systems (ESESo, ESISo, IPESo, ISISo), characterized by the hysteretic behavior of the
structure and soil, with the associated fixed base system in terms of energy dissipation.
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Figure 8. Single-degree-of-freedom system on flexible soil

A simple model was used for the SSI response analysis as shown in Figure 8, which consists
of two masses: M representing superstructure is lumped at the height of H from the ground
level and M 0 representing foundation with the radius of r . The inelastic springs of the
superstructure and the soil are assumed to have a bilinear hysteretic restoring force with the
yield strength of Q y ,str . and Q y ,soil . . The shear coefficients of the structure and the soil may be
expressed

using

the

total

mass

above

the

spring

as C y ,str . (= Q y ,str . / Mg )

and

C y ,soil ( = Q y , soil /( Mg + M 0 g ) ) , respectively. In this study, the initial stiffness, K H , and

damping factor, C H , associated with the soil are assumed to be frequency-independent,
because the hypothesis of frequency-independent oil parameters leads to results with
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sufficient accuracy for most of buildings and the values used herein as follows (Parmelee,
1970);
KH =

6.77
Gr
1.79 − ν

CH =

6.21
ρ Vs r 2
2.54 − ν

where, ν : poisson’s ratio for soi, G : shear modulus of soil, Vs : shear wave velocity of soil,

ρ : mass density of soil.
As can be seen from Figure 8, only sway motion of foundation is considered. Hence, the
equation of motion of the structure-foundation model in coupled horizontal translation can be
written as follows:
M (u + v + vg ) + cu + Q(k , u , u ) = 0
M 0 (v + vg ) + C H v + Q0 ( K H , v, v) − cu − Q(k , u, u ) = 0

In these equation, u is the horizontal displacement of the top mass relative to the base, which
results from the deformation of the superstructure. Q(k , u, u ) and Q0 ( K H , v, v) is the
restoring force function of the structure and the foundation springs respectively, assumed as
bilinear. The coefficients c and CH are for the damping of the structure and the soil. v is the
translation of the base mass in addition to the free field motion, whereas v g is the field
horizontal ground displacement. And the total energy dissipation in the SSI system, E SSI is
decomposed as follows:
ESSI = Estr + Esoil = ED , str + EY , str + ED , soil + EY , soil

where, E str is the total input energy to the structure, which is dissipated by the viscous
damping ( E D ,str ), and the hysteretic energy ( EY ,str ) in structure; E soil is the total energy to the
soil spring dissipated by the viscous damping ( E D ,soil ) and the hysteretic energy ( EY , soil ) in the
soil.
A preliminary parametric study was conducted by using the parameters frequently discussed
in the analysis of SSI system: (1) the ratio Vs / r of the shear wave velocity of the soil to the
radius of the foundation, which characterizes the foundation properties, the ratio H / r of the
height of the structure to the foundation radius, the ratio M 0 / M of the foundation mass to the
mass of the superstructure, the percentage of critical damping of the structure in its fixed-base
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condition, ζ , Poisson’s ratio for the soil,ν , and the relative mass density for the structure and
the soil, δ = M / ρ π r 2 H .
Though the results obtained from these preliminarily parametric study are not presented here
except for those from major parameters, Vs / r and H / r , because they are consistent with
those of previous studies. As can be seen in Figure 9(a) resulted from the analysis of ESESo,
the SSI effect on the maximum displacement response increase with H / r and decrease with
Vs / r .
In terms of the energy dissipation in the soil, these results can be interpreted as follows: with
increasing H / r and decreasing Vs / r , the energy dissipated by radiation damping in the
soil, E D ,soil is increased. This also means that the energy input to the structure, Estr . is reduced
(Figure 9b) and the response of the building therefore becomes small. The tendency of the
effect was generally observed in the other SSI systems (ESISo, ISESo, ISISo) with inelastic
properties of the springs, though the effect become smaller that in the elastic SSI system. It
should be noted that the ratio H / r , known to the key parameter governing the rocking
motion of the foundation, affects the SSI effect, although the rocking motion component is
not considered here.
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Figure 9. Effects of the parameter, H / r and Vs / r (ESESo)

Based on these results, a rather small value of Vs / r , 10 sec −1 is used for the analysis
conducted herein, and M 0 / M is taken as 1.0; ζ as 0.02; and ν as 0.45. The rocking motion
of the foundation not considered herein. A small value of H / r , 1 is used, for which the effect
of rocking motion would be negligible compared to that of sway motion. Therefore, the main
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parameters used in the following analysis are the elastic or inelastic properties of the SSI
systems and their shear coefficients, C y ,str . , C y ,soil .
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Figure 10. Displacement response and energy spectrum

Several earthquake records are used for the analysis with the original acceleration levels, from
which the responses to JMA Kobe(NS) are discussed in detail below. The displacement
response spectrum and energy input to the four SSI systems are presented in Figure 10 with
those of the fixed base system, from which the followings may be observed: (1) In the system
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with inelastic soil, the differences of displacement response and the energy input to the
structure between SSI system and fixed base system increase with decreasing C y ,soil (Figure
10a). (2) SSI effect is less significant in case of inelastic response of the superstructure rather
than in case of elastic response. (3) The responses of the system with inelastic structure and
soil (ISISo) are not so different from those of the fixed base system. The response of SSI
system exceeds that of the associated fixed base system in some period region (Figure 10b,c).
(4) The displacement response of the fixed base system is not always larger than that of SSI
system, though, in all systems, the energy input to the fixed base system is larger than that to
the SSI system.
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Figure 11. Displacement response and energy spectrum
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It is revealed from these results that the SSI effects due to energy dissipation in the soil are
dependent on the elastic or inelastic characteristics of the superstructure and soil of SSI
system (ESESo, ESISo, ISESo, ISISo). Furthermore, it is greatly affected by the inelasticity of
SSI system and the ratio of C y ,soil / C y ,str governing the ratio EY ,soil /( EY ,soil + EY , str ) of yielding
energy dissipated in the soil to both in the soil and structure. For this reason, it is more
instructive to plot the spectra for the value of C y ,ratio ( C y ,soil / C y ,str ) rather than C y ,soil and
needed to plot the spectra for E SSI in addition to the input energy to the structure, E str for the
SSI system of ISISo. Such plots are given in Figure 11 for ISISo with C y ,str = 0.4, 0.8.
It is clear from Figure 11c,d that the total energy input to the SSI system, E SSI is larger than
that of the fixed base system and the influence of C y ,ratio on E SSI is more significant in short
period region rather than long one. And same as the above results, the dissipated energy in
soil, E soil ( E SSI − E str ), becomes large in the small value of C y ,ratio and in the region of short
period, which results in the small energy input to the structure, E str and consequently small
displacement response. The relationships between C y ,ratio and E str can be seen more clearly
from Figure 12a and those between E str and displacement response from Figure 12a and 12b.
These relationships can be seen in other periods. From these facts, it is confirmed that
whatever the value of C y ,str is, the SSI effect in ISISo is mainly affected by C y ,soil / C y ,str .
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4. CONCLUSION
The effects of soil-structure interaction (SSI) on the seismic response demand of the buildings
are studied through observation and simulation. Dense observation system of seismographs
on a school building and shallow soil has been set up. The observed responses under a
moderate earthquake are analysed by the detailed frame models with and without SSI. A
better correlation is reported in case of SSI analysis. A simple model is used to conduct a
parametric study on the effects of SSI, taking elasto-plastic behavior in both structure and soil
into account. The results indicate that SSI effects are much higher in case of inelastic soils.
The SSI effect on the displacement response is interpreted based on the input energy
dissipation by the structure and the soil. The theoretical background on the energy distribution
need be studied further.
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VALIDITY OF DEFORMATION DEMAND ESTIMATES USING
NONLINEAR STATIC PROCEDURES
Sashi K. Kunnath1 and Balram Gupta2
ABSTRACT

Static pushover methods are slowly gaining popularity as a viable alternative to
fully nonlinear time-history analyses. Despite concerns over the potential
drawback of the method for systems with high-mode effects, there appears to be
some degree of confidence in using the technique for regular buildings. The
objective of this paper is to explore the validity of nonlinear static methods,
particularly those recommended in FEMA-273, in estimating seismic deformation
demands and to further investigate the ability of these methods to predict potential
story mechanisms across the height of the building. It is shown that for static
procedures to reasonably reproduce the results of a nonlinear dynamic action, it is
necessary to use fairly complex methods which consider the variation in lateral
force distribution as a function of changing system characteristics. Innovative
schemes which magnify the effects of critical high mode response parameters can
also result in acceptable deformation demand predictions.

1. INTRODUCTION
Structural engineers in high seismic zones are faced with the daunting challenge of choosing an
alternative approach to traditional force-based design procedures. The motivation for the move
away from force-based design stems from numerous reasons, the most significant of which, in
the context of this paper, are the following: (i) they do not account for force-redistribution
following yielding, and (ii) they do not consider potential failure modes that result from mid and
upper story mechanisms caused by the influence of higher modes. There is consensus among the
research community that a more rational approach for seismic evaluation should be based on
inelastic displacements rather than elastic forces (Bertero et al., 1991; Moehle, 1992; Nassar and
Krawinkler, 1991; Miranda, 1993; Wallace, 1995).
It is not surprising, therefore, that the development of the NEHRP Guidelines for the Seismic
Rehabilitation of Buildings, FEMA-273 (1997) brought into focus the importance of inelastic
1
2
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analysis methods to achieve better estimates of deformation demands. The significance of this
document is that it is a precursor to future performance-based seismic design codes.

The

publication of FEMA-273, however, is only a first step in the goal of advancing performancebased seismic design. The guidelines need to be systematically and critically evaluated before
engineers can begin to use such methodologies with confidence.

A crucial step in the FEMA-273 evaluation process is the analysis of the building model which
provides estimates of force and deformation demands in the various lateral force resisting
elements in the building. Four analytical approaches are listed: two static procedures and two
dynamic procedures. Of the two nonlinear procedures suggested in FEMA-273, it is reasonable
to assume that structural engineers will prefer to use the nonlinear static procedure (NSP) over
fully nonlinear time-history analyses. Three lateral force distributions are recommended to carry
out the pushover analysis: an inverted triangular pattern, a uniform load pattern, and a lateral
load pattern resulting from a modal combination of those modes that result in over 90% mass
participation. These lateral load patterns will be evaluated in the first part of this study.
1.1 Objectives and Scope of Study
The main objective of this study is to examine the effectiveness of pushover procedures, based
on the three FEMA-273 load patterns, to predict the seismic response characteristics of a typical
building.

A regular medium-rise reinforced concrete building with ductile non-degrading

connections will constitute the baseline structure for all comparative evaluation tasks. Reasons
for the inability of NSP to reproduce inelastic dynamic behavior will then be explored. An
advanced pushover technique which overcomes these drawbacks will be presented. The sample
structure will then be re-evaluated using the advanced pushover procedure.

In each case, the

predicted deformation demands and story mechanisms will be compared to results from a fully
nonlinear time-history analysis. Finally, some simple yet effective lateral load patterns based on
unique modal combinations will be investigated.
1.2 Typical Building Considered in Evaluation Studies
An 8-story office building with plan configuration shown in Figure 1 was used in a systematic
evaluation study of different pushover methods. The lateral force resisting system consists of
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four Special Moment Resisting Frames (SMRFs) in the longitudinal direction and six SMRFs in
the transverse direction. A story height of 12 feet (3.66m) was assumed through out. The
seismic design of the buildings was based on UBC-88 (1988) with RW of 12, seismic zone factor,
Z, of 0.4, and importance factor, I, of 1.0. Live loads on typical floors were assumed as 50 psf
(2392.5 Pa). All concrete was assumed normal-weight with a specified compressive strength (fc’)
ranging from 4 to 6 ksi (27.6 – 41.4 MPa). The yield stress for all reinforcement was assumed as
60 ksi (414 MPa). All columns were assumed fixed at the base. P-delta and torsional effects were
ignored. All buildings were designed to satisfy the drift criterion and the strong column-weak
beam philosophy. Table 1 presents the member details for a typical frame. A typical longitudinal
frame was considered for detailed evaluation in the present study.

Effective stiffness values, corresponding to secant stiffness at first yield of reinforcement, were
used for the initial stiffness of all components. Moment curvature plots were generated using
program BIAX (Wallace and Moehle, 1989) for all elements using expected strengths which
were assumed at 120% of the specified strengths for concrete and 115% for reinforcement. Axial
forces due to gravity loads were included in the moment-curvature computations of columns.
The effective stiffness values used for columns varied from 45% to 55% of gross section
properties while those for beams were in the range of 50% to 55%. FEMA-273 suggests effective
stiffness values for columns and beams as 70% and 50% of gross values, respectively. Post-yield
stiffness was assumed as 5% of the initial stiffness for all elements. Table 2 displays the dynamic
properties of the building computed by eigenvalue analysis using effective stiffness properties.

3 Bays @ 24' = 72'

The values of periods appear to be high but are conservative for a displacement-based design.

5 Bays @ 24' = 120'

Figure 1: Typical plan of prototype structure used in evaluation study.
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Table 1: Details of members for various frames used in validation study
# of Stories

Levels

Column Details

Beam Details

'

Steel

Size

5-8
18x24
4
1-4
18x30
5
a All dimensions are in inches

12-#8
14-#9

18x24
18x24

Size

a

fc

8

a

'

Top Steel

Bottom Steel

4
4

4-#8
3-#9+2-#8

2-#8
3-#8

fc

Table 2: Lateral vibration modes
Mode

1

2

3

4

5

Period (sec)

1.75

0.60

0.34

0.23

0.17

% Mass

81.8

10.6

3.5

2.0

1.0

2. EVALUATION OF FEMA-273 LATERAL LOAD PATTERNS

The target building selected for evaluation is a regular moment frame structure. Well-detailed,
non-degrading connections were assumed so as to limit the variables in the study and allow a
relatively simple comparison of the different methods being evaluated.

2.1 Benchmark Solution: Nonlinear Time History Analysis
It is assumed that the benchmark solution against which all other methods will be compared is a
fully nonlinear time-history analysis. Program IDASS (Kunnath, 1995), a derivative of IDARC,
was used in the time-history evaluation. Only a typical frame in the longitudinal direction was
considered. The building was subjected to a magnitude-scaled S48W component of the Rinaldi
Receiving Station free field motion recorded during the 1994 Northridge earthquake.

The

original record used in the analysis was taken from the SAC database and is classified as an
event with a 10% probability of exceedance in 50 years. The accelerogram and spectra of the
free field motion as used in the study are displayed in Figure 2. Results of the nonlinear timehistory analysis are reported in succeeding sections along with the pushover response. The
objective of selecting this record was to identify an earthquake that would induce high mode
response in the system and produce deformations and damage of reasonable magnitude to
facilitate a meaningful comparison of the different analytical methods.
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Figure 2: Strong motion duration and spectra of earthquake used in evaluation studies

2.2 Pushover Analyses
The structural model used in the time-history analysis was then subjected to equivalent lateral
forces based on FEMA-273 load patterns. The following notation is used in representing the
results of the different pushover procedures:
NSP-1: corresponds to the inverted triangular pattern with the period-dependent k-factor
NSP-2: represents a uniform pattern with lateral loads directly proportional to the floor mass
NSP-3: is based on a lateral load pattern proportional to the story shears obtained from a modal
combination using a response spectrum analysis in conjunction with the earthquake spectra
shown in Figure 2. All eight lateral modes were included in determining the story forces.
The target displacement used in each of the pushover procedures is the maximum roof
displacement predicted by the nonlinear time history analysis (NTH).

The results of the

evaluation are summarized in Figure 3. The first plot in this figure shows the peak displacement
profile. The peak displacements are generally well represented by load pattern NSP-2. The
remaining two patterns underestimate the displacements at almost all levels. The adjacent plot
which displays the peak inter-story drift clearly highlights the inability of nonlinear static
methods to predict this critical deformation parameter.

The importance of the inter-story drift

demands in the upper stories is further demonstrated in Figure 4 which shows the predicted
plastic hinges in the frame. The potential for the formation of a story mechanism in the upper
stories can be overlooked with traditional pushover techniques. It is clear that the contribution of
higher modes has not been captured in these static methods.

121

8
7

N TH

7

N S P -1
N S P -2

6

N S P -1
N S P -2

6

N S P -3

S TOR Y LE VE L

STOR Y LEV EL

8

N TH

5
4
3

5
4
3

2

2

1

1

0

N S P -3

0
0

5

10

15

20

0

D IS P L A C E M E N T (IN )

1

2

3

4

S TO R Y D R IF T (% )

Figure 3: Displacement and drift profile using various analysis methods

(a) NTH

(b) NSP-1

(c) NSP-2
o: plastic hinge

Figure 4: Plastic hinge locations predicted using various analysis methods

3. DYNAMIC VS. STATIC METHODS
A clearer understanding of the behavior of the building under seismic loading is presented in
Figure 5 which shows the variation of inter-story drift during the dynamic analysis. It is obvious
that the peak drifts at different story levels occur at different times indicating the varying nature
of the modal contributions to the response. Figure 6 contains the peak drifts of the building
subjected to nine different earthquake motions. In each case, the profile is different suggesting
that the contribution of the higher modes is not consistent and is a function of the frequency
characteristics and magnitude of the earthquake.
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4. ADAPTIVE PUSHOVER PROCEDURE
The primary differences between existing pushover methods and the proposed procedure are (i)
the present method includes ground motion characteristics as part of the evaluation process; and
(ii) the applied load pattern changes from one step to the next depending on the instantaneous
dynamic properties of the system. The process consists of first specifying a hazard level using a
design response spectrum and then carrying out the step-by-step lateral load analysis. Complete
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details of the method including a comprehensive validation of the procedure for a variety of
structural types and configurations can be found in Gupta and Kunnath (2000).
4.1 Loading
A unique feature of the proposed method is the specification of the seismic load in terms of a
response spectrum. This will be used to determine the spectral accelerations for different modes
as the analysis progresses and the dynamic properties of the system change due to yielding of
elements. Two possible loading scenarios are possible: a response spectra based on actual
recorded motions at the site, if available; or a NEHRP-type design spectra that characterizes the
design earthquake. If actual ground motions are used, it is prudent to use several ground motions
in order to obtain a statistical demand distribution.
4.2 Procedure
1. Create a mathematical model of the structure.
2. Specify the nonlinear force-deformation (moment-curvature) envelope for various elements
in the structure. A bilinear or trilinear representation may be used depending upon the
capabilities of the software being used.
3. Condense out the rotational and vertical degrees-of-freedom to create a reduced stiffness
matrix which contains only the lateral floor degrees-of freedom. Perform an eigenvalue
analysis of the reduced structural model at the current stiffness state. Using the story weights
and the computed eigenvalues, determine the modal "participation" factors:
i=N

Γ j = ∑ miφ ij

(1)

i =1

where:
Γj = modal participation factor for jth mode

Φij = mass normalized mode shape value at ith level and jth mode
mi = Mass of ith story; and N = Number of Stories
4. Compute the story forces at each story level for each of the N modes (note that the number of
modes is equal to the number of stories) to be included in the analysis using:
Fij = Γj Φij Wi Sa(j)

(2)

where:
Fij = lateral story force at ith level for jth mode (1<j<n)
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Sa(j) = spectral acceleration corresponding to jth mode
5. The story forces computed in the previous step are applied in small increments, which can be
expressed as a fraction of the base shear. The magnitude of the force increments control the
equilibrium errors that result in a non-iterative analysis.
6. Perform a static analysis of the structure using the scaled incremental story forces. This
means that for modes other than the fundamental mode, the structure will be pushed and
pulled simultaneously.
7. Compute element forces and deformations for each mode and combine them using any
appropriate modal combination rule. In this study, an SRSS combination was used.
8. Check the accumulated member forces with their respective force-deformation envelopes. If
any member has changed state (due to cracking, yielding or softening), re-compute the
member stiffness, update the global stiffness matrix and return to Step 3.
9. Repeat the process until a limiting criteria, typically a specified story drift, is reached.
The above procedure is now applied to the target 8-story structure. To illustrate the difference in
the methodology used in the adaptive procedure, the applied story forces for the first 3 modes at
two stages of the analysis is shown in Figure 6. The values shown are the actual lateral loads
applied in a single step. The total base shear (using an SRSS combination) resulting from the
applied loads is the same in both stages. It is evident that the magnitude of the applied loads in
the higher modes increases as the higher mode periods move into the amplified region of the
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Figure 6: Applied lateral loads at different stages during adaptive pushover analysis
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Figure 7: Ratio of modal drift contributions due to changes in dynamic characteristics
The effect of this loading pattern on the resulting modal drifts are shown in Figure 7. The
cumulative effect of this “adaptive” lateral load distribution, as the stiffness characteristics of the
system change, accounts for the ability of the method to incorporate the effects of high mode
response in the analysis. The results of the adaptive pushover method are now compared to the
time history evaluation. Both story drifts and plastic hinge distributions are shown in Figure 8.
With reference to the time-history benchmark data presented earlier in Figures 3 and 4, it is
demonstrated that the adaptive method is successful in estimating both the drift demands and the
yielding in the upper stories of the building.
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Figure 8: Results of the adaptive pushover analysis
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4.2 Drawbacks and Limitations
The success of the adaptive method has been demonstrated in the previous section. However,
there are a number of factors that presently restrict its use in routine evaluation of structures: (i)
it requires a special purpose computer program to carry out the step-by-step analysis since
modern computer codes do not provide the user with options to vary the load interactively during
the analysis; (ii) equilibrium is not satisfied at every step since a modal combination is used,
however, equilibrium errors can be minimized when small force increments are used; (iii) the
SRSS combination tends to magnify certain modal contributions and results in over-conservative
estimates at some story levels and likewise can underestimate demands at other levels.

5. ALTERNATIVE STRATEGIES
The adaptive pushover procedure needs to be simplified if it is to find practical application in
routine structural analysis.

A number of

8
T im e H is to ry

alternative strategies to magnify the effects of

7

individual modes are possible. One such method

suggested load patterns based on a modal
combination of the difference and sum of the first
two modes. The application of this technique is

Mod e 1 + Mod e 2

6
STOR Y LEVEL

was proposed by Matsumori et al. (1999) who

5
4
3

shown in Figure 9. The modal difference results

2

in accurate drift predictions at the upper levels

1

but severely under-predicts the drift at the lower

0

levels. The modal sum produces the opposite
effect. However, the envelope of the two sets
provides useful information.
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Figure 9: Alternative pushover method

As an extension of the above concept, it is possible to consider several unique combinations of
modal shears so as to amplify the effects of selected modes. For taller structures, for example,
the modal sum and differences of the first and third mode may be considered. Additional work
on such combinations is underway.
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6. CONCLUDING REMARKS
It is unlikely that nonlinear static procedures can fully replace nonlinear time-history analyses.
However, given the current state-of-practice in seismic design, it is only reasonable to assume
that approximate inelastic methods will continue to flourish until automated nonlinear
computational tools for routine analysis of structures become commonplace.

Given the

complexity of interactions that govern a nonlinear response, the idea of a “simplified” pushover
method may be unreasonable. However, as demonstrated in the previous section, it may still be
possible to derive unique modal combinations that collectively “envelop” the expected seismic
response of a building.
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SUB-STRUCTURE PSEUDO DYNAMIC TESTING ON 6-STORY
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ABSTRACT
A sub-structure pseudo dynamic test for a six-story reinforced concrete frame with soft first story,
which consisted of a bare frame in the first story and shear walls in the upper stories, was
conducted to investigate the failure mechanism. The behavior of columns in the first story, which
were subjected to high varying axial forces and shears, was especially focused in the investigation.
The earthquake response analysis of the frame was also executed to confirm the possibility of
simulating the test results. This paper shows an outline of the test and analysis.

1. INTRODUCTION

Many buildings suffered great damage in the 1995 Hyogoken-Nanbu Earthquake. Mentioned
specially was the damage of reinforced concrete (RC) buildings with soft first story referred to as
“pilotis-type buildings” in which the strength and stiffness of the first story are extremely lower
than those of the upper stories. The damaged buildings were designed by not only the old seismic
code before 1981 but also the code used in those days. In view of this kind of damaged buildings,
the Ministry of Construction (MOC) immediately revised the Notification No.1997 that is related
to the provision on the distribution of story stiffness along a building height, and showed some
technical points to notice on the seismic design for RC buildings with soft first story

1)

.

Considering the immense damage of RC buildings with soft first story by the earthquake, the
measure by MOC seems to be appropriate. However, since this was an emergency measure just
after the earthquake, the technical points showed should be improved on the basis of the future
research results. In particular, the causes of collapse in RC buildings with soft first story are not
_____________________________________
1 Associate Director for International Research Cooperation, Building Research Institute, Ministry of Construction,
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made clear yet including the failure mechanisms, although the concentration of earthquake
energy at the first story with large varying axial force and shear in the columns is pointed out as
one of the causes in the past researches.

A sub-structure pseudo dynamic (PsD) test for a six-story RC frame with soft first story, which
consisted of a bare frame in the first story and shear walls in the upper stories, was conducted to
investigate the failure mechanism. The behavior of columns in the first story, which were
subjected to high varying axial forces and shears, was especially focused in the investigation.
The earthquake response analysis of the frame was also executed to confirm the possibility of
simulating the test results. This paper shows an outline of the test and analysis.

2. SUB-STRUCTURE PSEUDO DYNAMIC TEST

2.1 Test Specimen

A two-story plane frame specimen of about two-fifth scale was fabricated, which simulated the
lower two stories of the middle frame in a six-story RC residential building with soft first story
shown in Fig. 1. As shown in Fig. 2, the specimen is one-span frame of which the length is
4,000mm with a stiff loading beam and a foundation stub in the top and bottom, respectively.
The specimen had columns with a 400mm square section at the first and second stories and a
beam with a section of 250mm x 400mm at the second story, and was infilled by a shear wall
with a 80mm thickness at the second story. At the middle of each column at the first story, a load
cell shown in Fig. 3 was installed to measure directly the varying axial force and shear in the
columns. The details of bar arrangement in the specimen are listed in Table 1. The mechanical
properties of the reinforcing bars and concrete used are also listed in Table 2.

2.2 Loading Method and Loading Apparatus

The sub-structure PsD testing method was applied to a six-story RC building with soft first story
in which the lower two stories were an experimental portion (i.e. a specimen) and the upper four
stories were corresponding to an analytical portion.
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For conventional PsD tests, explicit integration schemes such as the central difference method
are normally used to avoid iterative computations and the corresponding load reversal. However,
when the explicit integration scheme is used for sub-structure PsD tests, the time interval applied
has to be very small to meet the constraint of stability and this could make the experiment
impracticable. About ten years ago, several unconditionally stable implicit and mixed
implicit-explicit integration schemes have been successfully implemented for sub-structure PsD
tests in the Building Research Institute (BRI)(Nakashima et al. 1990). Among them, it is found
that the mixed implicit-explicit operator splitting (OS) method, originally proposed by Hughes et
al. (1979) and successfully implemented for sub-structure PsD tests, is very convenient for
incorporation into many existing dynamic response analysis codes using implicit integration
procedures. The method of sub-structure PsD tests used in this study had been developed in BRI
based on the above research. The algorism is as follows:
(a) Input external forces in the next loading (i+1) step, Fi +1
(b) Predict the displacement and velocity at the i+1 step in both experimental and analytical
portions, d i +1 and v i +1 :

(

)

d i +1 = d i + ∆t ⋅ vi + ∆t 2 4 ⋅ ai

vi +1 = vi + (∆t 2 ) ⋅ ai

where, d i , vi and ai express the displacement, velocity and acceleration at the i step and
∆t is an interval from i to i+1 steps.

(c) Calculate restoring forces in the analytical portion, Riana
+1 :
ana
Riana
⋅ d i +1
+1 = K

where, K ana is the stiffness of a member in the analytical portion.
ana
(d) Calculate axial forces applied to the top of the experimental portion, Piexp
+1 , using Ri +1 .

(e) Apply lateral story forces with keeping the axial forces of Piexp
+1 for the experimental
portion, until the corresponding displacement reaches d i +1 .
(f) Measure restoring forces in the experimental portion, Riexp
+1
(g) Modify the external forces assumed in the i+1 step, Fi*+1
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exp
Fi*+1 = Fi +1 − C ⋅ v i +1 − Riana
+1 − Ri +1

[

(

)

ai +1 = M + (∆t 2 ) ⋅ C + ∆t 2 4 ⋅ K ana

]

−1

⋅ Fi*+1

vi +1 = vi + (∆t 2 ) ⋅ (ai + ai +1 )

(

)

d i +1 = d i + ∆t ⋅ vi + ∆t 2 4 ⋅ (ai + ai +1 )

(h) To next loading step.

In the developed method, the analytical portion is calculated using equivalent elastic frame
models. In order to obtain the equivalent stiffness of members including shear walls of the upper
four stories in the six-story frame, which is corresponding to the analytical portion, the inelastic
push-over analysis for the whole frames using the Multi-Spring (MS) Model (Gu et al. (1988))
was executed before the test. The results indicated that the behavior of the upper four stories was
almost elastic without occurring shear cracking in shear walls. Then, the upper four stories were
analyzed as bare frames with equivalent elastic columns considering the structural properties of
shear walls during the test. In the analysis during the test, the viscous damping was assumed to
be 3% for the natural period of the first mode and be proportional to the initial stiffness.

Four earthquake ground motion records were used in the test. One was NS component of the
1995 Kobe Marine Observatory record of Japan Meteorological Agency (JMA). Other three were
NS component of the 1940 El Centro records for which the level of the maximum velocity was
normalized to 10cm/sec, 25cm/sec and 50cm/sec (ElC-10, ElC-25 and ElC-50), respectively. The
input time was 7 seconds for each ElC motion and 4.5 seconds for JMA motion, respectively.
The earthquake waves used for ElC-50 and JMA motions are drawn in Fig. 4.

In loading, as shown in Fig. 5, two horizontal actuators applied lateral story forces at the floor
level of the third story which is 3,200mm in height from the column base, and two vertical
actuators applied varying axial forces at the top of each column in the second story with an initial
load of 441kN for each. As mentioned the above, the loading was conducted to be met the values
of varying axial forces for each column and lateral displacement at the floor level of the third
story calculated from the earthquake response analysis at each loading step.
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3. TEST RESULTS

3.1 Failure Process

The final failure situation of the specimen after JMA input is sketched in Fig. 6. No crack
occurred in the loading of ElC-10 input. In the loading of ElC-25 input, slightly flexural cracks
of columns at the first story were observed in the bottom of the east side at the story drift angle
of the first story, R1 , of 1/517 (1.8 sec), in the top of the west side at R1 of 1/388 (2.2 sec), in
the bottom of the west side at R1 of -1/609 (3.8 sec), and in the top of the east side at R1 of
-1/413 (4.2 sec), respectively. The occurrence and propagation of cracks were significant in the
loading of ElC-50 input. Flexural cracks in a beam and slabs and shear cracks in a shear wall at
the second story were observed at R1 of 1/366 to 1/179 (1.2 to 1.3 sec). The similar cracks in
the beam, slabs and shear wall also occurred at R1 of about -1/140 (about 1.6 sec) in the loading
of the opposite direction. In the loading of JMA input, crash of cover concrete in the top and
bottom of the west side column at the first story was observed at R1 of about -1/60 (0.9 sec).
Although the occurrence of new cracks was not so many, the propagation of cracks occurring in
ElC-50 input was significant in this loading. Finally, the story collapse mechanism at the first
story was formed with flexural yielding of columns.

3.2 Load versus Displacement Relations

Figure 7 shows the story shear versus lateral displacement relation for each earthquake motion
inputted. In this figure, the vertical axis expresses shear applied at the floor level of the third
story, and the horizontal axis shows story drift at the first story for dotted lines and the relatively
lateral displacement form column bases at the second story for solid lines, respectively.

In the loading of ElC-10 input, the behavior of the specimen was elastic without the reduction of
stiffness in both the first and second stories. The maximum story shear and drift for this input
were 163.7kN and 1mm ( R1 =1/400), respectively. In the loading of ElC-25 input, the stiffness of
the first story was slightly reduced due to the occurrence of flexural cracks in the top and bottom
of columns at the first story. This input induced the maximum story shear of 341.0kN and the
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maximum story drift of 4.2mm ( R1 =1/333). In the loading of ElC-50 input, the yield mechanism
at the first story was almost formed and the maximum story shear and drift were 544.9kN and
14.8mm ( R1 =1/95), respectively. The loading of JMA input induced large deformation in
columns at the first story for the west direction at which the maximum story drift was 58.9mm
( R1 =1/24) with the story shear of 543.9kN, although significant deterioration in load carrying
capacity was not observed even after forming the yield mechanism.

Figure 8 shows the shear versus lateral displacement relations for columns at the first story in the
loading of ElC-50 and JMA inputs. Chain and dotted lines in this figure give the flexural and
shear strengths calculated, respectively. The shear measured was from load cells installed in the
middle of each column. For both inputs, each column developed the flexural strength under both
axial tension and compression. This means the frame formed the yield mechanism at the first
story. The maximum lateral displacement of columns was about 14mm ( R1 =1/100) for ElC-50
input and about 56mm ( R1 =1/25) for JMA input, respectively. These values almost coincided
with the maximum story drift at the first story.

3.3 External Force and Displacement in Each Story

Figure 9 shows the external force distribution at the maximum response for each earthquake
motion inputted. As shown in Fig. 5, the loading system in this test was designed to make the
external forces at the first and second stories concentrated at the second story, in order to avoid
that the failure situation at the first story is affected by the existence of a loading stub which is to
be installed at the floor level of the second story to apply the external force of the first story. In
this reason, analyses in the sub-structure PsD test were executed for a five-story building model
in which the mass of the first story was twice that of the other stories. Therefore, the external
force applied at the second story is about twice that at the third story, while that at the first story
is zero, as shown in Fig. 9. It is also indicated that the external forces at the third to sixth stories
are almost the same value regardless of the level of earthquake motion inputted. This result
implies that the external force distribution of the six-story frame tested was almost uniform at the
maximum response.
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The distributions of story drift along the building height at the maximum response for each
earthquake motion inputted are shown in Fig. 10. The story drifts at lower two stories are
measured and those at upper four stories are calculated. With an increase of the input level of
earthquake motions, the drift at the first story increased extremely, while the increase of that at
the other stories was not so much.

4. Comparison between Preliminary Analysis and Test Results

In this sub-structure PsD test, as mentioned before, lateral shear forces were applied for the
specimen to be attained to the objective story displacement and axial forces of columns at the
floor level of the third story obtained from the earthquake response analysis for the upper four
stories in the six-story frame in each loading step. Therefore, the accuracy of the analysis during
tests may seriously affect the test results. In order to confirm the accuracy of both the testing
method and analytical tools used, a preliminary analysis was executed before the test, where
modeling for the upper four stories was the same as that used in the sub-structure PsD test and
the MS modeling was applied for the lower two stories, the experimental portion, as shown in
Fig.11.

Figure 12 shows the time histories of story displacement at the first story, story shear at the
second story and axial force of the east column at the first story for ElC-50 and JMA inputs.
Solid and dotted lines in the figure express experimental and analytical results, respectively.
Good agreement between experimental and analytical results was obtained for responses of not
only the story shear and displacement but also the axial force of the column. These results give
high reliability for the accuracy of the testing method and the validity of modeling in the
analytical tools used.

5. CONCLUSIONS

For a six-story reinforced concrete plane frame with soft first story, sub-structure pseudo
dynamic tests were conducted to investigate the failure mechanism. The maximum story drift
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angle at the first story reaches to 1/95 for ElC-50 input and 1/24 for JMA input, respectively. The
story collapse mechanism at the first story with the flexural yielding of columns was observed in
the final stage. Almost uniform distributions for the external force of each story were formed at
the maximum response for all earthquake motion inputted. The axial force of columns at the first
story roughly ranged from –250kN to 980kN.

The preliminary earthquake response analysis executed in advance of the sub-structure pseudo
dynamic test gave good predictions for experimental results on the story shear, the story drift and
the axial force of columns at the first story. This implies high reliability for the accuracy of the
testing method and the validity of modeling in the analytical tools used.
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Table 1 Detail of Bar Arrangement
Member

Story

b x D (cm)

Long. Reinf.

Trans. Reinf.

Column
Beam

1 and 2
2

40 x 40
25 x 40

16-D13
12-D13

D6@50
D6@80

Shear Wall

2

Thickness (cm)
8

Arrangement
D6@80

Table 2 Mechanical Properties of Materials Used (Unit: N/mm2)
σB

Concrete
εc

Ec

29.8

0.213

2.64 x 105

Reinforcing Bar
σy
εy

Diameter
D6
D13

376.9
396.4

σu

0.221
0.236

1) elevation in X-direction
Center Line

515.8
542.0

2) elevation in Y-direction
(loaded direction)

1,160
1,160
1,160
1,160
1,400

1,800
3) plan

4,000
Y

Center Line
unit:mm
test specimen
X

2,280

2,280

2,280

6,840=13,680/2

Fig. 1

Outline of Prototype Building
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THE PRIMACY OF THE YIELD DISPLACEMENT
IN SEISMIC DESIGN
M. A. ASCHHEIM and E. F. BLACK1
ABSTRACT
Although seismic design traditionally has focused on period as a primary design
parameter, relatively simple arguments, examples, and observations discussed herein
suggest that yield displacement is a more stable and more useful parameter to begin
the seismic design process with. The stability of the yield displacement is illustrated
for four detailed examples, consisting of moment-resistant frame buildings. Each
frame is designed to limit roof drift for a specific ground motion using an “equivalent”
SDOF model in conjunction with Yield Point Spectra. The success of the simple
design methodology is established by nonlinear dynamic analysis. Yield
displacements were stable and consistent while fundamental periods of vibration (and
lateral stiffness) varied substantially.

1. INTRODUCTION
Since the introduction of the response spectrum by Benioff (1934) and Biot (1941) (according
to Miranda, 1993) it has become second nature to think of the seismic design task in terms of
the fundamental period of vibration of a structure. For elastic response this is quite sensible,
but when considering the design of structures responding nonlinearly, evidence suggests other
views are better suited. This paper develops the idea that the yield displacement is a more
natural and more useful parameter to use in seismic design. Relatively simple arguments,
observations, and detailed examples are provided to support this claim. A displacement-based
design approach having the objective of limiting system ductility and drift is discussed, and
examples using Yield Point Spectra are provided that illustrate that design may be begun
using an estimate of the yield displacement, without considering period as would be done in
contemporary and traditional design approaches.

2. DESIGN AND THE KINEMATICS OF YIELD
The design process has meaning when focused upon an object, whether real or contrived. The
design of the elements of the lateral force resisting system begins only after the type of lateral

1

Mid-America Earthquake Center, Department of Civil and Environmental Engineering, University of Illinois, Urbana.
Email: aschheim@uiuc.edu

1671161716767

force resisting system and its geometric configuration have been determined. Approximate
member depths and materials usually are identified early in the design process. Proportioning
of members is typically directed at satisfying code requirements for strength. Code
requirements on interstory drift may also influence member proportioning for flexible
systems. Member depths usually change little as their strengths and stiffnesses are tailored to
satisfy code requirements.
Consider first the yield displacement of a bracing member loaded in tension. The yield
displacement is a function only of the length of the brace and the yield strain of the material.
Increasing the strength of the brace by increasing its cross-sectional area has no effect on the
yield displacement. For a beam in flexure, the yield displacement involves curvature
contributions over the length of the beam, with the yield curvature being the ratio of the yield
strain of the material and the depth to the neutral axis. Increases in the flexural strength of the
beam achieved by increasing the longitudinal steel (if reinforced concrete) or the weight of
the section (if steel) while maintaining the nominal member depth has little effect on the yield
displacement. The addition or removal of material to affect strength causes concomitant
changes in stiffness, for both the brace and the beam. These observations are fundamental and
have been obvious to many (e.g. Priestley, 2000).
The treatment of multistory buildings responding to earthquakes is considerably simplified
when the response may be assumed to occur predominantly in a single mode. The “capacity
curve” is a plot of the base shear force versus roof displacement obtained in a nonlinear static
(pushover) analysis, and may be developed by customary procedures (e.g. FEMA-273 and
ATC-40) or alternative procedures (e.g. Gupta and Kunnath 2000). A yield displacement may
be defined as the breakpoint in a bilinear curve fit to the capacity curve. Recognizing the
inherent similarity between a building with structural walls and the behavior of a cantilever
beam, one may accept the statement that the displacement of the roof at the moment that the
wall reinforcement yields is primarily a function of the material yield strain and wall
geometry, and that this displacement is nearly independent of the lateral strength provided to
the wall. For moment-resistant frame buildings, supporting evidence may be of greater value.
Figure1, for example, shows the capacity curves obtained for two four-story momentresistant frames, each having the same nominal geometry and member depths, but with
section weights varied to affect a change in lateral strength. Yield displacements are nearly
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Figure 1. Nonlinear static (pushover) curves for two 4-story moment resistant frame,
illustrating the relative stability of the yield displacement as the lateral strength of the frame
is adjusted while member depths remain nominally constant.
invariant (about 0.75% of the height), while the strength and stiffness of the two frames
differ considerably.

The preceding example considers the influence of strength on yield displacement for fixed
geometry. It also is worthwhile to consider changes in geometry. Gupta and Kunnath (2000)
report the capacity curves obtained using three pushover techniques applied to 4-, 8-, 12-, and
20-story reinforced concrete moment frame buildings. Each building has the same nominal
floor plan, with 12-ft. (3.7 m) story heights and 24-ft (7.3 m) column spacings. Design was
based on the 1988 Uniform Building Code, with Rw= 12 and Z= 0.4, but using the effective
stiffnesses (corresponding to first yield) recommended by FEMA-273. The frames of the
lateral force resisting system are located along each column line, meaning that all beams and
columns are designated to participate in the lateral resistance. The fundamental periods of
vibration computed for the buildings, after design, were 0.90, 1.75, 2.21, and 3.31 sec,
respectively. The pushover curves, reproduced in Figure 2, display yield displacements of
about 0.6, 0.6, 0.5, and 0.5 % of the building height, respectively, using the FEMA-273
technique. Clearly, periods of vibration vary considerably over the four buildings, while the
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Figure 2. Capacity curves presented by Gupta and Kunnath (2000) for 4-, 8, 12, and 20story reinforced concrete frames designed to satisfy the 1998 Uniform Building Code.
yield displacement remained nearly constant, relative to height. It would be absurd to speak
of using an average period of 2.0 sec for design of the buildings, but it is feasible to design
any of these buildings assuming the yield displacement to be about 0.5 or 0.6% of the
building height.

Numerous other examples can be drawn from the literature or from readers’ personal
experience. Detailed examples are developed using steel moment-resisting frames in the
remainder of the paper. Design of the frames is based on an estimated yield displacement to
limit drift to satisfy a performance objective. The design is made using Yield Point Spectra,
described next.

3. DESCRIPTION OF YIELD POINT SPECTRA
In essence, YPS are constant ductility spectra plotted on the axes of strength and yield
displacement, for a range of oscillator periods and for a specified load-deformation
relationship. The yield strength of the oscillator, Vy, is normalized by its weight, W, to obtain
the yield strength coefficient, Cy. Figure 3 plots values of Cy versus the yield displacement ∆y
for displacement ductilities µ = 1, 2, 4, and 8, for a bilinear load-deformation response having
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post-yield stiffness equal to 5% of the initial stiffness and viscous damping equal to 5% of
critical damping. The classic 1940 NS El Centro record is used in this case. Periods are
constant along radial lines emanating from the origin, and have the values indicated (in sec).
Peak displacements ∆u of the oscillators relative to the ground are given by µ∆y, with the
value of µ estimated by interpolating between the curves of constant ductility. An example is
shown in Fig. 3 for an oscillator having a period of 1.0 sec, a yield displacement equal to
about 4 cm, and a yield strength coefficient equal to 0.18. Because the yield point falls on the

µ = 2 curve, the peak displacement is estimated to be twice the yield displacement. This
choice of variables allows the influence of changes in strength or stiffness on peak ductility
and displacement demands to be understood directly. A more complete description of Yield
Point Spectra is given by Aschheim and Black (2000).
The curve for elastic response (µ = 1) follows the 5% damped demand curve of the Capacity
Spectrum method. For higher values of ductility the curves differ, since YPS explicitly plot ∆y
while the Capacity Spectrum Method and recent variants (such as Chopra and Goel, 1999,
and Fajfar, 1999) explicitly plot ∆u. The preference for plotting ∆y comes from several
considerations: (1) The effects of changing the strength and stiffness on response are
apparent; (2) the yield displacement is at the boundary of the linear elastic and nonlinear
domains, and thus allows nonlinear response to be considered while working directly with
elastic quantities in design; (3) graphical methods are easily applied to handle multiple
seismic performance objectives (described by Aschheim and Black, 2000), assuming the
objectives can be stated in terms of limits on peak roof displacement and system ductility;
and (4) design methods that make use of the stability of the yield displacement are easily
implemented, allowing the strength required to control response to be determined directly
using Yield Point Spectra.

Some additional benefits result, such as being able to handle varied load-deformation and
hysteretic relations and avoiding the need for iterative solutions. It is not necessary to project
back from ∆u to ∆y along a slope, representing the post-yield stiffness, as is required with
capacity spectrum-type approaches. Oscillator response characteristics can be handled
directly in the computations used to determine YPS (when ground motion records are
available) or may be handled by applying suitable R-µ-T relationships to smoothed design response.
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Figure 3. Yield Point Spectra computed for the 1940 NS El Centro record. The response of a
1-sec period oscillator with yield point on the µ=2 curve is illustrated, schematically.
spectra. Direct computation has the benefit of revealing the sensitivity of SDOF demands to
oscillator properties and ground motion variability.

4. DESIGN TO LIMIT DRIFT AND DUCTILITY
Performance-based seismic design aims to control the damage or loss of function that may
occur under ground motions having varied probabilities of occurrence. Performance
objectives stated as limits on drift and system ductility for a designated earthquake hazard
level allow control, at a gross level, of the degree of damage to structural and nonstructural
components. Estimates of the yield displacement for a particular structural system may be
made based on a previous nonlinear static analysis, experience, or explicit formulae that
consider the framing system, geometry, yield strain, and an approximate mode shape or
displacement profile. The minimum lateral strength that satisfies both drift and ductility
limits is the greater of the lateral strengths that separately satisfy these limits. The general
situation is described graphically by the concept of an admissible design region, as discussed
by Aschheim and Black (2000). For design of specific structures, simple algebraic relations
are more useful, and these are used in the following design procedure:
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Step 1: Estimate the yield displacement that would be observed in a nonlinear static
(pushover) analysis of the building. In the four examples that follow, the yield
displacement is estimated to be 0.75% of the height.
Step 2: Based on the performance objectives, determine the allowable ductility for the
system. This is the minimum of (1) the system ductility limit associated with the
performance level, and (2) the ratio of the drift limit associated with the performance
level and the yield displacement estimated in Step 1.
Step 3: Determine properties of the “equivalent” single-degree-of-freedom structure.
This requires an estimate of the term Γ1, often referred to as the modal participation
factor, and an estimate of the term α1, referred to as the mass participation factor.
Often the use of reasonable assumptions leads to good results; no attempt is made
here to recommend best practices. Tabulated ranges of these parameters for the case
of uniformly distributed mass are provided by Abrams (1985) and Black and
Aschheim (2000).
Step 4: Using Yield Point Spectra or other techniques, determine the yield strength
coefficient, Cy, required to limit the ductility demand of the SDOF oscillator to the
value determined in Step 2, for a demand consistent with the earthquake hazard level.
The required base shear coefficient for the building is α1Cy.
Step 5: Distribute the base shear over the height of the building and design the
building according to the equivalent static lateral force procedure of a modern
building code. Black and Aschheim (2000) used the UBC (ICBO 1997) lateral force
distribution for design of the beams and employed additional criteria for sizing the
columns to ensure that weak story mechanisms did not result.
If multiple performance objectives are to be considered, Steps 2 and 4 are repeated for each
performance objective, and design (Step 5) continues with the largest of the base shear
coefficients determined in Step 4. Design need not require the benefit of nonlinear static
(pushover) analysis. For example, the beam strengths required for the lateral forces of Step 5
were provided while ensuring the fundamental period of the frame matched the period of the
equivalent SDOF system (a function of Cy and the estimated SDOF yield displacement). Only
after the frames were designed was a nonlinear static (pushover) analysis done, as part of the
documentation and validation of the methodology. While nonlinear static (pushover) analysis
was not required for design, pushover analyses are useful for validating design assumptions
and for accounting for sources of overstrength.

5. DESIGN EXAMPLES
To test the above design methodology, four regular moment-resistant frame buildings were
designed. Steel was chosen for simplicity to permit bilinear load-deformation models to be
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used, but the findings are equally applicable to reinforced concrete frames, for which
stiffness-degrading responses ideally should be embodied in the Yield Point Spectra. The
frames were designed and analyzed only for lateral load to test the design methodology
without introducing complications resulting from overstrength, such as would result if load
factors were applied to gravity loads. Details are provided in Black and Aschheim (2000).
Each frame was designed to limit roof drift to 1.5% of the building height for a specific
earthquake ground motion. Two 4-story frames were designed, one for a relatively weak
earthquake and one for a relatively strong earthquake. Two 12-story buildings also were
designed for this drift limit, again for a relatively weak and a relatively strong earthquake.
The 1.5% drift limit corresponds to peak drifts of 25.5 and 73.5 cm for the 4- and 12-story
buildings, respectively. Frames designed for relatively weak earthquakes were relatively
flexible, and were designated “Flexible-4” or “Flexible-12,” while the others were designated
“Rigid-4” and “Rigid-12.”
For design purposes, yield displacements were estimated to be 0.75% of the height. Because
peak roof displacements were limited to 1.5% of the height, the ductility response of the
frames were to be limited to a target value of 1.5/0.75 = 2. This controlled over any ductility
limits associated with limiting structural damage to the frames. Mass was uniformly
distributed over the height of the frames. As a simple approximation, the mode shape
assumed for Step 2 was triangular, leading to Γ1= 1.33 and 1.44 and α1= 0.86 and 0.79 for the
4- and 12-story frames, respectively, following tabulated data provided by Abrams (1985)
and reproduced by Black and Aschheim (2000). These values are based on mode shapes
normalized to unit amplitude at the roof. Table 1 identifies the design parameters for each
frame, and Figures 4 and 5 identify the members that comprise the lateral-force-resisting
systems.

Designation
Flexible-4
Rigid-4
Flexible-12
Rigid-12

Table 1: Frame Design Parameters
Design Motion-Component
Peak Roof
Base Shear
Drift, cm
Coefficient
1992 Landers-Lucerne-250
25.5
0.258
1994 Northridge-Newhall-360
25.5
0.688
1985 Michoacan-SCT-270
73.5
0.174
1995 Kobe-Takatori-360
73.5
0.474
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Fundamental
Period, sec
1.13
0.70
2.18
1.32

Nonlinear static (pushover) analyses were done using Drain-2DX (Prakash et al. 1993) using
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Figure 4. Framing configurations determined for (a) Flexible-4 and (b) Rigid-4 frames.
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Figure 5. Framing configurations determined for (a) Flexible-12 and (b) Rigid-12 frames.
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resulting capacity curves, leading to the values of base shear coefficient and yield
displacement shown in Table 2. Nonlinear dynamic analyses of the frames subjected to the
design ground motions resulted in the peak roof drifts shown in Table 2.
Table 2: Frame Characteristics and Performance Based on Nonlinear Analysis
Designation
Yield DisBase Shear Coefficient Fundamental
Peak Roof
placement, cm
(at Yield)
Period, sec
Drift, cm
Flexible-4
12.9
0.265
1.16
24.1
Rigid-4
13.3
0.681
0.71
22.3
Flexible-12
35.3
0.173
2.17
66.7
Rigid-12
33.5
0.469
1.25
65.0
The yield displacements (Table 2) range between 0.68 and 0.78% of the height of the
building. These values are relatively stable despite large differences in the lateral strengths
(0.17 to 0.68 times dead load), heights (17 and 49 m), and fundamental periods (0.71 to 2.17
sec). The peak roof drifts determined by nonlinear dynamic analysis for the design ground
motions were within 13% of the target values (25.5 and 73.5 cm) for the four frames.
The present examples suffice to demonstrate control of drift and ductility demands for a range
of building heights and earthquake intensities using a simple methodology that is based on
assuming the yield displacement to be stable. Simple assumptions are employed and no
nonlinear analyses were done to refine the designs. The success of the methodology suggests
it is robust. Extensions to consider overstrength, irregularites, eccentricities, and second-order
effects merit further consideration.

6. CONCLUDING REMARKS
Evidence in the form of logical argument and empirical data were presented that show that:
(1) for a given structural configuration, yield displacements remain approximately constant as
lateral strength is adjusted, and (2) for a given structural composition (bay sizes, member
spans and depths, etc.) the yield displacement as a fraction of the height of the structure is
nearly invariant as the number of stories varies. On this basis it appears feasible to approach
design from the perspective of constant yield displacement. The examples provided illustrated
the effectiveness of a yield displacement approach in satisfying performance objectives for 4and 12-story frames subjected to earthquake records of varied intensities. Fundamental
periods of vibration varied significantly, even among frames of a given height. Yield
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displacements were nearly constant, and were close to the values assumed in design. Peak
displacement responses computed in the nonlinear dynamic analyses were within 13% of the
target values associated with the design objectives. Design approaches based on an assumed
or computed period would not have been as simple and effective.
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ABSTRACT
Under an earthquake, structures might vibrate not only horizontally but also vertically due to
the vertical excitation. Now the effect of the vertical excitation however is not considered
directly or with scientific justification. The effect of the vertical excitation must be studied to
improve the seismic capacity of structures under real earthquakes. In this paper, the
characteristics of the vertical excitation are discussed comparing with the horizontal excitation
using 12 ground acceleration records including 1995 Hyogo-ken Nanbu Earthquake records as
the first step. As the results, these can be said that the maximum vertical ground acceleration is
generally smaller than the horizontal, the vertical input energy due to ground motion is less
than the horizontal, but the vertical response acceleration is larger than the horizontal, and the
simultaneity of the horizontal and vertical responses should be considered so that the
horizontal and vertical maximum response acceleration should occur at the same time.

1. INTRODUCTION

The earth would quake not only horizontally but also vertically under earthquake. Recently
vertically high ground accelerations were recorded especially at sites close to the epicenter.
For example, the horizontal and vertical maximum ground accelerations at the
Northridge/San Fernando Valley Earthquake of January 17, 1994 (CSMPI, 1994) are shown
in Table 1. The vertical maximum ground acceleration is almost the same or even larger than
the horizontal at some sites. Structures would vibrate vertically by this large vertical
excitation, and additional varying axial force might act on columns due to the vertical
vibration. The restoring moment force of column would vary caused by this additional
varying axial force.
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In Japan, the effect of the vertical excitation is considered in Technical Guideline for
Generation of Design Basis Earthquake (JEA, 1987) and Technical Guideline for Generation
of Design Basis Earthquake (BRI, JBC, 1992). In first reference, the effect of the vertical
excitation is considered as the static force of which intensity is a half of the horizontal
depending on the importance of structures. However, it does not have scientific justification;
why the vertical intensity is a half of the horizontal. And in second reference, this is not for
the static design but to make an artificial ground motion record for analysis. The vertical
response acceleration spectrum is proposed in this guideline of which natural period is 0.0〜
10.0. Since the vertical natural period of structure is generally very short, the vertical response
spectrum of short natural period range is needed for the structural design. And the
relationships between horizontal and vertical response characteristics of structures must be
taken into consideration.

And the other guidelines or standards do not consider the effect of the vertical excitation
directly. It is not considered also in Japanese Standard for Structural Calculation of
Reinforced Concrete Structures (AIJ, 1991). One of the reasons why the effect of the vertical
excitation is not considered in this standard is that redundant strength of allowable unit stress
for long sustained loading would include the effect of vertical excitation if assumptions that
the maximum vertical ground acceleration is a half of the horizontal and vertical response
magnification ratio is less than horizontal, are true.

Also in Design Guidelines for Earthquake Resistant Reinforced Concrete Buildings Based on
Ultimate Strength Concept (AIJ, 1990), the effect of the vertical excitation is not taken into
consideration. Especially in this guideline of which concept is yield mechanism shall be the
beam-yielding type, column can yield based on the axial force-moment curve of a section due
to the additional axial load by the vertical excitation. The reason why is that the dimension
and bar arrangement of a member section are usually decided based on the ultimate strength
concept so that the axial force-moment curve of the restoring force would be comprehend the
maximum stress when the collapse mechanism is formed. If the varying axial force due to the
vertical excitation would act on the column, it depends on the redundant strength of the
column but there is a possibility of yielding as shown in Fig. 1.

Followings must be studied to improve the seismic capacity of buildings against the
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earthquake real ground motion.
1. Comparison the characteristics of the vertical ground motion with the horizontal.
2.

Comparison the vertical response characteristics of structures with the horizontal.

3.

To study the effect of the vertical excitation especially on the response of column
with non-linear Dynamic response analysis under bi-axial ground motion.

Finally, the design method must be established based on the ultimate strength concept
considering the vertical excitation from results of above three subjects. In this paper, the first
subject, comparison the characteristics of the vertical ground motion with the horizontal one,
is discussed.

Table 1 Maximum ground acceleration at each site
at the Northridge/San Fernando Valley Earthquake of January 17, 1994 (CSMIP, 1994)
Maximum Acceleration (G)

Place

Horizontal

Vertical

Tarzanna Codar Hill Nursery

1.82

1.18

Arleta Nordhoff Ave. Fire Station

0.35

0.59

Pacoima Kagel Canyon Fire Sta.

0.44

0.19

Sylmar 6-story County Hospital

0.91

0.60

Century City LACC North

0.27

0.15

0.41

0.19

Los Angels Hollywood Strange Bldg.

0.41

0.19

Santa Monica City Hall Ground

0.93

0.25

LA-Baldwin Hilla

0.24

0.10

Los Angels Pico and Sentous

0.19

0.07

Los Angels Temple and hope

0.19

0.10

Los Angels Hollywood Strange Bldg. Free
Field
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Axial Force

Maximum Stress against
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Yield Stress of member
against one horizontal external force

Bending Moment

Fig. 1 The effect of additional varying axial force due to vertical excitation
on axial force-moment curve

2. COMPARISON THE CHARACTERISTICS OF VERTICAL GROUND MOTION
WITH HORIZONTAL

2.1 Maximum Ground Acceleration

To compare the characteristics of the vertical ground motion with the horizontal, 12
earthquake records were studied. The maximum ground accelerations of each direction and
maximum ground acceleration ratio (vertical / horizontal) are shown in Table 2. Chiba was
recorded at 1987 Chibaken-Toho-Oki Earthquake in Chiba Experiment Station of Institute of
Industrial Science (Ryoichi TAMURA, 1984). El Centro was recorded at 1940 Imperial
Valley Earthquake, Hachinohe was recorded at 1968 Tokachi-Oki Earthquake and Taft was
recorded at 1952 Kern County Earthquake. These records are usually used for the structural
design. And Kobe1〜Kobe7 were recorded at 1995 Hyogo-ken Nanbu Earthquake in JMA
sites[7] and KPI was also recorded at 1995 Hyogo-ken Nanbu Earthquake in Kobe Port Island
(artificial land) (CEOR,1995). City names, latitude north and longitude east of each JMA site
are shown in Table 3. There were two records for the horizontal ground motion (EW and NS
components). In Table 2, the underlined ratios were calculated with the horizontal record of
which maximum ground acceleration was larger than the other.
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As shown in Table 2, the maximum vertical ground acceleration of KPI record was larger
than the horizontal because of the effect of the liquefaction, but it can be said that the
maximum vertical ground acceleration is generally less than the horizontal. It is also generally
spoken that the maximum vertical ground acceleration ratio against the horizontal depends on
the following three factors (Katsuhiko ISHIDA, et. al, 1976).
1.

Soil Condition

2.

Distance between site and epicenter

3.

Earthquake intensity

Since these factors are correlated each other and only twelve records were studied in this
paper, so not general characteristics of vertical excitation using statistical inference but
comprehensive characteristics of these records are discussed.

Table 2 Maximum ground acceleration and ratio of each record

Record

Max. Acceleration

Ratio

EW

NS

UD

UD/EW

UD/NS

Chiba

222.7

401.4

118.2

0.53

0.29

El Centro

210.1

341.7

206.3

0.98

0.60

Hachinohe

182.9

225.0

114.3

0.62

0.51

Kobe1

41.5

33.0

10.1

0.24

0.31

Kobe2

146.9

136.7

39.1

0.27

0.29

Kobe3

617.1

817.8

332.2

0.54

0.41

Kobe4

52.2

66.9

39.4

0.76

0.59

Kobe5

59.1

77.3

35.9

0.61

0.46

Kobe6

65.9

80.8

64.5

0.98

0.80

Kobe7

74.2

76.7

14.7

0.20

0.19

KPI

284.3

341.2

555.9

2.00

1.63

Taft

175.9

152.7

102.9

0.58

0.67
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Table 3 JMA records at 1995 Hyogo-ken-Nanbu Earthquake (JMA, 1995)
Record

Longitude East

Latitude North

Location

Trigger Time

Kobe1

136’14’’

36’03’’

JMA Fukui

05:46:54

Kobe2

136’15’’

35’16’’

JMA Hikone

05:46:46

Kobe3

135’11’’

34’41’’

JMA Kobe

05:46:27

Kobe4

135’19’’

35’27’’

JMA Maizuru

05:46:40

Kobe5

135’55’’

34’39’’

JMA Okayama

05:46:40

Kobe6

135’31’’

34’41’’

JMA Osaka

05:46:31

Kobe7

134’14’’

35’29’’

JMA Tottori

05:46:43

2.2 Response Acceleration Spectrum

At first, the period Tmax at the maximum response acceleration of each record as shown in Fig.
2 was calculated to compare the characteristics of frequency. The Tmax of each record are
shown in Fig. 3. From this result, it can be said that the superior period of the vertical

Response Absolute Acceleration (gal)

excitation is shorter than that of the horizontal.

Tmax

Horizontal Natural Period (sec)

Fig. 2 The Period Tmax when the response acceleration is maximum
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Fig. 3 Tmax of each record

To discuss the effect of the vertical excitation on the response characteristics of structures, the
difference between the vertical and horizontal natural periods of structures must be taken into
account. The horizontal natural period ratio to the vertical can be calculated easily as the ratio
of the length to the depth of column, H/D (Equation (2)), with following six assumptions.

ASSUMPTIONS
1. horizontal and vertical stiffness have no correlation each other
2. floors are rigid
3. dimensions of all members are the same
4. moment distribution of column is antimetric
5. shear deformation of member is negligible
6. sections of columns are rectangular

The ratio H/D is calculated as follows. The horizontal stiffness KH and the axial stiffness KV
of one column are calculated as Eq.1.
12 EI
ì
ï KH = H 3
í
EA
ï KV =
H
î

(1)
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Horizontal and vertical eigen-value equations can be calculated independently as follows. In
these equations, ωH and ωV are the horizontal and vertical natural angular frequency, [M]
is the mass matrix, and {UH} and {UV} are horizontal and vertical eigenvectors.

(
(

)
)

ìï − ω H 2 [ M ] + [ K H ] {uH } = 0
í
2
ïî − ωV [ M ] + [ KV ] {uV } = 0

Then, these two stiffness matrix [KH] and [KV] have the relationship as [KV]=a･[KH] with
Equation (1) and assumptions. The relationship between ωH and ωV is derived from the
vertical eigenvalue equation as follows.
∴ ωV = aω H

The horizontal natural period ratio against vertical can be calculated as Equation (2).

TH
1
=
=
TV
a
=

KV
=
KH

EA
H =
12 EI
H3

AH 2
=
12 I

bDH 2
bD3
12
12

H
D

(2)

The ratio of vertical maximum response acceleration to the horizontal was studied
considering the difference of the horizontal and vertical natural periods with Equation (2).
The ratio of the vertical maximum response acceleration to the horizontal (referred to be as
Response Acceleration Ratio) at H/D=6.0 of each record are shown in Fig. 4. Since two
directional accelerations (EW and NS components) were recorded as horizontal ground
motions, the record of the direction of which maximum ground acceleration is larger than the
other was used for calculation. The value of Response Acceleration Ratio is larger than 1.0
within the wide range of the natural period except extremely short period. From this result, it
can be said that the vertical response acceleration is generally larger than the horizontal of
structure.
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Fig. 4 The ratio of vertical maximum response acceleration
to horizontal of each records
2.3 Response Velocity Spectrum

Response Velocity Ratio was studied considering the difference of horizontal and vertical
natural periods of structure as Response Acceleration Ratio. The Response Velocity Ratio is
shown in Fig. 5. The ratio is less than 1.0 within all natural periods. From this result, it can be
said that the vertical response velocity of structure is generally less than the horizontal, then
the vertical input energy due to earthquake is generally less than the horizontal because the
response velocity is correspondent to input energy due to earthquake.

2.4 Simultaneity of horizontal and vertical response

The other important factor to discuss the effects of the vertical excitation on the response
characteristics of structures is the simultaneity of the horizontal and vertical responses. To
study the simultaneity of the horizontal and vertical elastic responses, one mass and
two-degree-of-freedom (horizontal and vertical) model was used as a structure (Fig. 6). The
way to study the simultaneity is described as follows. At first, the time history of horizontal
response absolute acceleration was calculated at each horizontal natural period TH with each
horizontal record. In this study, the horizontal natural period TH was varied from 0.0 to 2.0
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sec. Secondly, the time history of vertical response absolute acceleration was calculated at
each vertical natural period TV with each vertical record. At this time, TV can be calculated as
TH･D/H based on the natural period ratio as mentioned before. H/D of 6.0 was used in this
æ A
ö
A
study. The R( t ) = 0.5ç h ( t ) + V ( t ) ÷ was used as the index of the simultaneity depends on
AV max ø
è Ah max

time using the horizontal and vertical maximum response absolute accelerations AhMAX,
AvMAX and the horizontal and vertical response absolute accelerations Ah(t), Av(t). In this
equation, the absolute value of Av(t) was not used as because of the assumption that only
additional tensile axial force due to vertical excitation would decrease the seismic capacity of
structures. R(t) can vary from 0.0 to 1.0 depending on time, the maximum of R(t) was used as
the index of the response simultaneity.

The results of the response simultaneity of El Centro, Kobe1(JMA Fukui) and Kobe3(JMA
Kobe) are shown in Fig. 8, Fig. 9 and Fig. 10. From these figures, the response simultaneities
of each record were grouped into three classes as follows.
Ⅰ. The simultaneity is not so high at all natural period of structure.
Ⅱ. The simultaneity is high at only the particular natural period of structure.
Ⅲ. The simultaneity is high within the wide natural period region.

1.0

chiba
kobe1
kobe4
kobe7
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kobe2
kobe5
kpi

0.5

1.0

hach
kobe3
kobe6
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0.6

0.4

0.2

0.0
0.0

1.5

2.0

Horizontal Natural Period (sec)

Fig. 5 Maximum Response Velocity Ratio
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2.5

3.0

The classifications of each record are shown in Table 4. The simultaneity of JMA Kobe was
especially high within the region of TH=1.0〜1.5 sec. But it is difficult to get the general
tendency of the simultaneity. It can be said that it is safe to use R as 1.0 so that the maximum
horizontal and vertical response acceleration would occur at the same time.

Table 4 Result of simultaneity of response
Simultaneity

Records

Ⅰ

El Centro，Hachinohe

Ⅱ

Kobe1，Kobe2，Kobe4，Kobe5，Kobe6，Kobe7，
KPI

Ⅲ

Chiba，Kobe3，Taft

Vertical Response
Acceleration Av

Horizontal Response
Acceleration Ah

Fig. 6 Model to study simultaneity
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Fig. 7 Index of response simultaneity R(t)
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Fig. 8 Simultaneity of El Centro
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Fig. 9 Simultaneity of Kobe1 (JMA Fukui)
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Fig. 10 Simultaneity of Kobe3 (JMA Kobe)

3. CONCLUDING REMARKS

To compare the characteristics of the vertical excitation with the horizontal, 12 earthquake
ground motion records were studied. The following main conclusions can be drawn for the
emphasis.
193

1. The maximum vertical ground acceleration is generally less than the horizontal.
2. The vertical response due to the vertical ground acceleration is superior in shorter natural
period than the horizontal.
3. In a structure, the vertical response acceleration is superior to the horizontal in wide natural
period range.
4. The vertical input energy due to earthquakes is generally inferior to the horizontal.
5. There are some records that the simultaneity of the horizontal and vertical response is high.
However, it is difficult to get the general tendency of the simultaneity. So it is safe to use
R as 1.0 so that the maximum horizontal and vertical response acceleration would occur at
the same time.
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SUGGESTED IMPROVEMENTS TO PERFORMANCEBASED SEISMIC DESIGN GUIDELINES
Joe MAFFEI1
ABSTRACT
Recent performance-based seismic guidelines have improved structural engineering practice in
the United States, and a number of further improvements can be made. Based on the author’s
experience over the last four years on several seismic evaluation and retrofit projects, this paper
gives recommendations for simplifying and clarifying performance-based guidelines. The paper
advocates more explicit instruction on the capacity-design approach, which is a prerequisite to
considering nonlinear structural behavior. This involves clarifying key definitions and
simplifying the basic seismic evaluation procedure. The recommended procedure emphasizes the
capacity side of seismic evaluation rather than the demand side. The procedure highlights six
essential steps that should be common to any analysis procedure from linear-static to nonlinear
dynamic time-history. The procedure applies to either force-based or displacement-based
methods of determining acceptability. An example is given on how, beyond the framework of
general performance-based guidelines, specific structural criteria can be defined. The example
provides detailed recommendations for the evaluation of concrete wall buildings for immediate
occupancy performance.

1. INTRODUCTION
In the United States, recent performance-based seismic guidelines such as FEMA 273 [ATC
1997] and ATC 40 [ATC 1996] have improved the awareness of practicing engineers on
important issues in structural engineering for earthquakes. The codification of nonlinear static
procedure of analysis contributes to an improved appreciation of mechanisms of nonlinear
response. The tabulation of acceptability limits can lead to a better understanding of the
behavior modes of structural components.
The new guidelines represent a landmark advance over previous practice, and may provide the
best available engineering framework to date for seismic retrofitting. The documents are
relatively new, however, and there is significant opportunity for improving the guidelines.
Case studies of the FEMA 273 guidelines were recently carried out on some 40 buildings of
various structural characteristics spread throughout the United States. Engineering consultants
conducted seismic evaluations and retrofit designs for each building.
A number of
recommendations were made towards improving the guidelines. [Merovich 1999, Maffei 1999].
The findings of these case studies, plus my experience over the last four years with performancebased seismic evaluation and retrofit design of buildings in California, lead me to suggest
improvements to our practice. Some of the most important recommendations and areas of study
are outlined in this paper. They include suggestions to:
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•

Clarify and simplify key definitions and procedures of performance-based design, according
to the principles of capacity design.

•

Correlate, compare, and simplify force-based and displacement-based methods of
determining the acceptability of a structure to seismic criteria.

•

Consider the appropriateness of using nonlinear analysis methods.

•

Develop detailed criteria for the performance-based design of specific structure types and
performance levels.
2. CAPACITY DESIGN BASIS

For new structures, capacity design is a seismic design approach in which distinct structural
components, such as member plastic hinges, are chosen and detailed for energy dissipation
according to a desired mechanism of nonlinear lateral deformation. All other structural
components and actions are provided with sufficient strength to prevent failure under the chosen
mechanism. When capacity design is applied to the evaluation of existing structures, the
expected strength of structural components is determined and then the mechanism of nonlinear
lateral deformation is identified.
The evaluation and retrofit guidelines FEMA 273 [ATC 1997] and ATC 40 [ATC 1996]
establish, in part, this approach. As pointed out by Powell [1994], a capacity-design approach is
in fact a prerequisite to using a nonlinear static procedure. However, the Case Studies project
[Merovich 1999] has shown that the FEMA 273 document does not clearly explain to users that a
capacity-design approach must be followed. The FEMA 273 and ATC 40 guidelines should
provide more explicit instruction in this regard.
Central to the use of FEMA 273 and ATC 40, and to the issue of clearly explaining the capacitydesign basis, are the definitions of the terms “force-controlled” and “deformation-controlled.”
Even the authors of the documents and the expert reviewers on the Case Studies project were not
clear or in agreement as to the meanings of these terms. Users of the documents are invariably
confused by the lack of clarity in the definitions.
I recommend that the terms force-controlled and deformation-controlled be defined along the
lines of capacity-design principles as shown below:
Deformation-controlled action: A component action that reaches its capacity under
the governing mechanism. Deformation-controlled actions are the weak links or
fuses of the structural response. The demand on deformation-controlled component
actions derives from the deformation caused by the earthquake motion. Deformationcontrolled actions must be ductile for the response of the structure to be ductile.
Force-controlled action: A component action that does not reach its capacity under
the governing mechanism. Force-controlled actions are not the weak links of the
structural response. The demand on force-controlled component actions derives from
the forces delivered by deformation-controlled actions. Force-controlled actions need
not be ductile for the response of the structure to be ductile.
Governing mechanism: The mechanism of inelastic lateral deformation —
determined from a plastic analysis, a nonlinear analysis, or a comparison of relative
strengths — that establishes which component actions reach their capacity under the
expected pattern of seismic lateral forces.
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3. RECOMMENDED EVALUATION PROCEDURE
Another improvement that can be made to seismic evaluation and retrofit guidelines is a
simplification and clarification of the evaluation procedure. I recommend the seven-step
procedure shown in Table 1.
The procedure can be used with either a computer analysis or hand/spreadsheet calculations. In
my experience, the procedure tends to lead engineers to using more simplified analysis
procedures than they had at first contemplated. This is because the procedure emphasizes the
“capacity side” of the evaluation rather than the “demand side.”
Table 1 Recommended Procedure for Seismic Evaluation
Procedure

Remarks

1. Establish expected material
strengths.

See Table 3 for an
example.

2. Calculate the strength of critical
sections (i.e., of deformation
controlled actions).

See proposed
definition of
“deformationcontrolled actions.”

3. Identify the governing post-elastic
mechanism and the associated base
shear, V.

See proposed
definition of
“governing
mechanism.”

4. Calculate V/W, equal to base shear
divided by seismic weight.
5. Determine the fundamental period,
T, and the effective initial stiffness.

Given T and V/W, a
simplified envelope
of the nonlinear
force deformation
response can be
constructed.

6. Determine the governing behavior
modes of the components (e.g.,
flexure, shear, sliding shear,
boundary compression, foundation
rocking) to verify the mechanism.

This step requires
checking that
capacity exceeds
demand for all forcecontrolled actions,
and thus that the
assumed mechanism
indeed governs.
FEMA 306 (ATC
1999) provides
guidance on
Behavior modes for
concrete and
masonry walls.
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7. Given the mechanism, behavior
mode, V/W, T, and response spectra,
determine acceptability.

Acceptability can be
checked using either
force-based or
displacement-based
procedures.
Recommend studies
to simplify the
currently used
procedures.

The engineer begins with calculations of the strengths of the structural components, for example
in shear and in flexure, and from that information identifies the governing mechanism (Step 3).
This can usually be done by a hand plastic analysis, meaning that computer analysis, if used, is
not applied until the last step. By doing most of the hand calculations first, the engineer gains a
better understanding of the structure, and a greater ability to judge what the analysis model really
needs to include. It becomes easier for him or her to come to grips with modeling issues such as
the following:
•

What are the critical elements and locations for which forces and displacements must be
checked?

•

Can two-dimensional modelling be used instead of 3-D?

•

Given the location of the center of strength [Paulay 1996], does plan torsion need to be
specially addressed?

The earthquake demand, represented by the response spectra of the defined earthquake hazard
level, is not checked until the last step.
Comparison to Other Procedures
The procedure is somewhat opposite of a traditional structural engineering calculation, which
stems from the procedures used for an elastic gravity-load evaluation. In such an evaluation, the
loads are known quantities, which are input into an analysis and then checked against capacities.
For nonlinear response to earthquake forces, by contrast, the demands are more variable than the
capacities, and the forces in fact depend on the capacities. The procedure of Table 1 starts with
what (a) is known best and (b) provides the most information to the engineer: the capacities. As
a practical matter, the procedure tends to discourage engineers from getting bogged down in a
falsely precise analysis of demands.
The basic procedure is applicable to either force-based or displacement-based methods of
determining acceptability, which are discussed later in this paper.
The procedure is also
applicable to either static or dynamic analysis methods. The first six steps of the procedure are
in fact identical whether force- or displacement-based methods are used, and whether static or
dynamic analyses are carried out. Thus the procedure emphasizes six essential steps that should
be common to any analysis procedure: linear static, linear dynamic, nonlinear static, or nonlinear
dynamic time-history.
For most structures the procedure of Table 1 would require a similar level of effort to a
conventional linear analysis. However, the procedure also provides the essential insights that
218

would be gained with a nonlinear procedure — namely, that of identifying the governing
mechanism and behavior modes. Other aspects of nonlinear procedures can be incorporated if
displacement-based acceptance procedures are used.
As in any engineering procedure, iteration between steps may be required. The procedure here is
written for seismic evaluation, but it is also applicable to the subsequent phase of seismic retrofit
design by applying the same steps to a proposed design.
The procedure proposed in Table 1 was written based on the seismic evaluation work done by
Rutherford & Chekene Engineers on a number of buildings in the San Francisco Bay area [R&C
1999]. In practice the procedure as proven to be expedient and effective. The procedure is
similar to, but broader than, a force-based procedure proposed by Park [1997] for the seismic
evaluation of concrete moment-frame buildings.
4. FORCE-BASED OR DISPLACEMENT BASED ACCEPTANCE CRITERIA
Various procedures proposed for seismic evaluation are referred to as either force-based or
displacement-based. For example, the linear static and linear dynamic procedures of FEMA 273
[ATC 1997] are force-based, while the nonlinear static procedure is displacement-based.
Priestley [1995], among others, has recently proposed a displacement-based procedure. As
indicated in the previous section, most of the essential steps of seismic evaluation are identical
for both types of procedures — the method of determining acceptability is the central difference.
Inelastic Demand based on Elastic Demand
Both force-based and displacement-based methods require an estimate of inelastic demand based
on elastic demand. In force-based methods, a global reduction factor, R, has been used for new
buildings [ICC 1998, UBC 1997]. The linear procedures of FEMA 273 use component
modification factors, m, in combination with a number of global response factors. Essentially
these approaches are ductility-based — the R or m factors depend principally on assumed
ductility capacity. The New Zealand structural code [SANZ 1992] makes direct use of
displacement ductility, µ, and provides corresponding inelastic design spectra.
In displacement-based methods, two options are referred to in FEMA 273 [ATC 1997] and ATC
40 [ATC 1996], the Displacement Coefficient Method, and the Capacity Spectrum Method. As
shown in Figure 1, these two procedures can give divergent estimates of displacement demand
for the same building and earthquake input, sometimes by a factor of 2 or 3 [Aschheim et al
1998]. The basic technical assumptions behind the two methods also differ markedly. To reduce
displacement demands, the Coefficient Method leads the engineer to add stiffness to a building
with little concern for strength, while the Capacity Spectrum Method leads to the opposite
conclusion.
Under the category of performance-based design, there has been considerable attention paid to
various displacement-based and force-based methods, with different procedures each having
proponents. The different acceptability procedures have not been correlated with each other, and
often the algorithm for applying a procedure is more complicated than it needs to be. Given the
disparity of results, the recently proposed procedures may offer little advantage over simpler
methods such as the equal displacement and equal energy assumptions that were developed
nearly 40 years ago [Blume et al 1961].
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Figure 1

Comparison of Displacement Demands predicted by Displacement Coefficient
and Capacity Spectrum Method [Aschheim et al 1988]

Recommended Study
To resolve issues of what methods of determining acceptability are most appropriate, a more
direct comparison of different proposed methods is needed. Reformatting different procedures
towards a more common basis would facilitate this comparison. It appears, for example, that any
displacement-based procedure could be reformulated as a force-based procedure, and vice-versa.
The technical issue of how to relate inelastic demands to elastic demands should be investigated
in separation from how different procedures are formatted or presented. The input variables to
this problem (as indicated in Table 1, Step 7) are the five characteristics listed below:
•

Mechanism of response, which can affect the relationship between global and local
ductility.

•

Behavior mode of the critical (deformation-controlled) actions, which indicates strength
degradation and stiffness degradation.

•

V/W, the lateral strength of the structure divided by its weight.

•

T, the structure period, which indicates effective initial stiffness.

•

The response spectra of the design earthquake input.

The above recommendations characterize the problem of determining acceptability according to
a global basis, but the results of the proposed study could also be applied to component-bycomponent acceptability procedures.
5. APPROPRIATENESS OF ANALYSIS METHODS
Many engineers assume that, compared to conventional design, performance-based design
always requires a more complicated structural analysis, such as a nonlinear static procedure. This
should not be the case.
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In many instances, performance-based design is used when a building owner desires better than
life-safety performance: either immediate occupancy, or some measure of damage control.
Nonlinear procedures are actually less important to use for immediate-occupancy or damagecontrol performance levels than they are for life-safety or collapse-prevention performance
levels. The reason is that for the stricter performance levels such as immediate occupancy,
nonlinear response is limited, and thus an elastic model can acceptably capture the behavior. An
example of specific structural criteria for immediate occupancy performance, based on a linear
analysis, is discussed subsequently in this paper.
Currently in California, nonlinear procedures are used more frequently for existing buildings
than for new buildings. This is somewhat illogical because many of the existing buildings being
evaluated have little ability to achieve nonlinear deformations, whereas new buildings in high
seismic zones are intended to have high ductility capacities. Except for seismic-isolated
structures, nonlinear analysis procedures are not required for new buildings [ICBO 1997]. If the
capacity-design procedure proposed in this paper is used, few buildings, new or existing, should
require nonlinear analyses. When a nonlinear analysis procedure is used for an existing structure
with non-ductile components, the ability of the procedure to properly account for strength
degradation in the components should be carefully examined.
6. DEVELOPMENT OF DETAILED GUIDELINES
An example of specific performance-based structural criteria is given in Table 2 and Table 3.
The criteria were initially developed for a hospital building in California, for immediate
occupancy performance for the given design response spectra. The criteria are rewritten here to
apply to any typical concrete wall building with concrete beam and column gravity framing, as
shown in Table 2. The criteria are force-based, use a linear analysis, and include requirements
for component actions for the reinforced concrete walls, columns, and beams. The analysis is
made without reducing the input or results, for example by an R factor. The full elastic response
is used.
In a conventional evaluation, the walls of the building would be designated as the seismic-forceresisting system and the columns and beams would not be designated as part of the seismic
force-resisting system. For the criteria given here, this distinction is unnecessary. The columns
and beams do not need to be included in the computer model because they will have only a
small, and beneficial, effect on the force and displacement results. The actions on the columns
and beams can be approximated by a hand analysis that applies the displacement results of the
computer analysis.
Table 2 Example of Specific Performance-Based Structural Criteria
Performance
Objective:

Immediate Occupancy for the 10% in 50 year ground motion

Building Type:

Concrete wall building with concrete beam and column “gravity”
framing.

Analysis Method:

Linear static or response spectrum analysis using unreduced demand.
Beams and columns can either be explicitly included in the model, or
beam and column actions can be calculated subsequently from the
induced displacement, where the unreduced elastic displacement is
used.
221

Mechanism Check:

A comparison of member strengths, or a more formal plastic analysis,
verifies that a story mechanism (for example a weak-pier, strong
spandrel mechanism) does not occur. A range of possible vertical
distributions of lateral forces should be considered.

Acceptability
Method:

Force based, using actions (such as M and V) from analysis, compared
to component nominal strengths (such as Mn and Vn) using φ = 1.0 and
expected material strengths.

Acceptable
Displacement:

Nonstructural elements must be designed to accommodate the seismic
displacements, The unreduced elastic displacements can be used,
magnified somewhat for short-period buildings.

Displacement and nonstructural components
The design of nonstructural building components, such as cladding, partition, ceilings,
equipment, ductwork, piping, and electrical components can be a key part of achieving the
desired performance level. The nonstructural components must be designed considering both
seismic displacements and accelerations.
Components that connect across more than one level of a structure, such as cladding or
partitions, must be designed to accommodate the relative seismic displacements of the different
levels. Typically the designer should first calculate the displacements for the structure, and then
design or specify the nonstructural components accordingly. For concrete wall structures and
most other seismic systems, it is usually not practical or necessary to adjust the structural design
to achieve a displacement criterion. (Structures that use only moment frames to resist lateral
forces may need to be designed using displacement criteria.)
Nonstructural components must withstand the seismic accelerations that occur at the floor level
where they are located in the building. Unreduced floor accelerations resulting from a linearelastic analysis should provide an upper bound that can be used in design. Conventional code
requirements for forces on components can also be used, but further study is needed to determine
the seismic performance that results from such requirements.
Behavior Modes and Detailing
The proposed criteria explicitly consider a number of possible behavior modes that can occur in
concrete wall structures [ATC 1999, Paulay and Priestley 1992]. For brittle behavior modes
such as wall shear in diagonal tension, the criteria require the structure to remain elastic, or for
the behavior mode not to govern over ductile behavior modes. For ductile behavior modes such
as wall moment or foundation rocking, a limited amount of nonlinear response is permitted.
Generally, a displacement ductility of up to 2.5 is considered acceptable for ductile behavior
modes. At such a ductility level, flexural cracks that open upon yielding are likely to close again
and residual crack width will be small. If compression strains are kept below 0.003, spalling is
not expected. Strains can be estimated using the procedure of the SEAOC Blue Book [SEAOC
1999].
Detailing for confinement is required for collapse prevention in the maximum credible ground
motion, but it is not necessary for immediate occupancy performance. Because compression
strains are limited to 0.003 for immediate occupancy performance, the cover concrete is not
222

expected to spall, and thus there is no demand for confinement of the concrete core. The seismic
evaluation handbook, FEMA 310 [ASCE 1998] implies an opposite conclusion; the document
incorrectly requires confined wall boundaries for immediate occupancy performance but not for
life-safety performance.
Table 3
Action

Specific Performance Requirements and Acceptability Criteria
Performance
Requirement

Acceptability Criteria

Wall
Moment:

Flexural cracks to remain
small (e.g., 1/8 inch) and
no significant spalling
should occur.

M ≤ 2.5 Mn , and εc ≤ 0.003 (strain calculation
per 1997 UBC). Boundary confinement is not
required for immediate occupancy. Flexural
yielding to low ductility is acceptable.

Wall Shear
in Diagonal
Tension

Shear failure does not
occur. Any shear cracks
are minor.

V ≤ Vn = Vc + Vs + Vp , per FEMA 306 [ATC
1999]. Vc is based on 0.25√f’c MPa (3√f’c psi)
times factors α and β.

Wall Sliding
Shear

Sliding shear does not
occur

V ≤ Vnf (ACI 318 shear friction) and V ≤
0.67√f’c MPa (8√f’c psi)

Wall
Overturning

Foundation overturning
permitted to limited
displacement.

M ≤ 2.5 MR , use 1.0D for resisting moment.
Check for induced displacement on beams and
columns per criteria given below.

Wall
Diagonal
Compressio
n

Diagonal compression
(web crushing) failure does
not occur.

V ≤ 0.67√f’c MPa (8√f’c psi), based on FEMA
306 information

Lap Spice
Length

Allow only limited lapsplice slip.

Check for class A lap length per ACI 318-99
Section 12.2.3. If necessary consider references
given in FEMA 306.

Beam
moment:

Flexural cracks to remain
small (e.g., 1/8 inch) and
no significant spalling
should occur.

M ≤ 2.5 Mn

Beam Shear

Shear failure does not
occur. Any shear cracks
are minor.

V ≤ Vn = 3β√f’c + Vs , similar to FEMA 306

Column
Moment

Flexural cracks to remain
small (e.g., 1/8 inch) and
no significant spalling
should occur.

M ≤ 2.5 Mn , and εc ≤ 0.003

Column
Shear

Shear failure does not
occur. Any shear cracks
are minor.

V ≤ Vn = Vc + Vs + Vp , per Priestley and
Kowalsky
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Expected Strength
The criteria proposed here are based on expected material strengths, rather than lower-bound
strengths, and strength-reduction factors, φ, are not used. Typically, expected strength of
reinforcing steel is about 1.15 times the specified yield strength [ATC 1999, Park 1997]. Table 4
gives expected material strength values used for a 1960s-designed concrete building in
California. The values were based on test data that were available from other buildings of the
same era.
Table 4 Example of Expected Material Strengths
Material

Specifications given in the
structural drawings

Expected Strength

Reinfor
cing
Steel,
25mm
(#8)
and
larger

ASTM A432

fy = 450 MPa (65 ksi)

Reinfor
cing
Steel,
22mm
(#7)
and
smaller

none

fy = 340 MPa (49 ksi)

Concrete

25.8 MPa (3750 psi)
regular weight

f'c = 31 MPa (4500 psi)

Comparison to New Building Requirements
The criteria allow flexural demands up to 2.5 times greater than capacities, which is roughly
consistent, in the case of concrete wall buildings, with requirements for new buildings that are
essential facilities. By the Uniform Building Code [ICBO 1997] the building would be designed
with an R factor of 5.5 and importance factor, I of 1.5. With a φ factor of 0.85 and a ratio of
expected strength to nominal strength of 1.15, the proposed value of 2.5 compares to a value of
2.7 from by the UBC. The calculation is (5.5 x 0.85)/(1.5 x 1.15) = 2.7.
The value of 2.5 for flexural demands should possibly be reduced, to 2.0 say, in cases where
buildings have a shorter period than the site period. This is similar to the C1 variable of FEMA
273 [ATC 1997]. The proposed criteria for shear behavior modes is generally more restrictive
than what is used for new buildings that are essential facilities. These two points indicate that
codes for new essential facilities may not be sufficient to provide immediate occupancy
performance. The situation can be worse for structural systems such as moment frames that use
higher R values.

224

Recommendations
The proposed criteria tend to give much more specific requirements to the engineers than FEMA
273. I recommend that specific requirements such as in Table 3, focused on a particular building
types and performance levels, should be developed as part of a revision, expansion, and
calibration of FEMA 273. This would greatly improve the usability and reliability of the
document.
To my knowledge, no one has examined from a performance-based perspective whether the
codes for new essential facilities would provide immediate occupancy performance. This would
be a useful study.
7. CONCLUSION
Recent performance-based seismic guidelines such as FEMA 273 [ATC 1997] have been
developed in a “top-down” fashion, with issues being identified and characterized based on the
general experience of the contributors. Much of the effort to date on the guidelines has focused
on establishing definitions and categorizing structural systems and issues. Application of the
guidelines to real buildings shows that more work is needed to develop detailed criteria
applicable to specific building types and characteristics.
The performance-based seismic guidelines have succeeded in improving the awareness of
practicing engineers in considering nonlinear response and the behavior modes of structural
components. The guidelines have the potential to be much more useful to practitioners. The
recommendations given throughout this paper are some of the essential changes and expansions
that should be made to performance-based guidelines to improve their usability and effectiveness
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DAMAGE EVALUATION OF REINFORCED CONCRETE COLUMNS
UNDER MULTIAXIAL CYCLIC LOADINGS

Susumu KONO1 and Fumio WATANABE2

ABSTRACT
This study aims to propose a method to evaluate damage to reinforced concrete columns which
have experienced severe cyclic reversal loadings in multiaxial directions. In the experimental
program, eight column base models with 242 mm square section were tested under the
reversals of unidirectional or bidirectional lateral displacement with constant or variable axial
force. Damage progressed severely for specimens under variable axial force or bidirectional
horizontal displacement. In the analytical program, the stress-strain model of confined
concrete was modified and the hinge length was determined in order to accommodate effects
of strain gradient, intensity of axial force, and loading paths. The new analytical model was
validated by comparing the axial strain-curvature relations with experimental results. Based
on the modified stress-strain relation of confined concrete, a moment capacity damage index,
I(M), is proposed which can be evaluated from the maximum strain experienced by the
concrete without knowing the complete stress-strain history. The moment capacity damage
index, I(M), is compared to the reduction factor of moment capacity carried by the concrete, Rc,
which represents the degraded moment capacity of the concrete. The comparison showed
that the moment capacity damage index can be used reliably to evaluate damage of reinforced
concrete columns.

1. INTRODUCTION

After several large-scale earthquakes in the 1990’s, more post-earthquake interest has been
paid to evaluation of the damage level of buildings from the viewpoint of economics.
Damage evaluation is also important to establish criteria for a performance based design
method. For a building structure to have a reliable beam side sway mechanism, the most
critical section is a hinge zone at the base of ground level columns, which are subjected to
variable axial force with bidirectional lateral displacement. Extensive studies have been made
for years in order to predict the hysteretic behavior of column hinges.

However, it is still

difficult to correctly predict that behavior. Consequently, a method to assess the damage and
estimate the remaining capacity in displacement and strength after earthquakes has not been
1
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established. Rao et al. [1] and Park et al. [2] proposed damage models but their models need
the complete history of the load-displacement relation of members or frames and are not
necessarily developed for post-earthquake examinations.

In this study, eight column base

models with 242 mm square section were tested under multiaxial reversal cyclic loading to
investigate the sensitivity of the damage process to different loading paths and axial force
intensities.

A damage index, which is assessed in terms of the maximum axial strain

experienced by the concrete, is proposed to evaluate the degraded moment capacity carried by
the concrete.

2. EXPERIMENTAL PROGRAM

2.1 Test setup

Eight cantilever column models with a 242 mm square section and a shear span ratio of

L/D=2.5, as shown in Figure 1, were tested under quasi-static lateral displacements combined
with axial compression force.

All test columns were reinforced with twelve deformed bars

of 13 mm diameter, giving a longitudinal reinforcement content of 2.44%. The flexural
failure of core concrete was designed to precede shear failure in the plastic hinge zone. The
specimen was connected to a three-jack hydraulic system which enabled orthogonal
horizontal displacements to be applied at the top of cantilever columns as shown in Figure 2.
The major variables were horizontal displacement patterns and the intensity of axial force.

(I) Horizontal displacement patterns (See Figure 4 (a) for a history):
l

Linear pattern; Loading consisted of two cycles of linear path to displacement ±∆x
of ∆x/L = 0.25%, 0.5%, 1.5%, 2%, 3%, and 4% as shown in Figure 3(a), where L is
a shear span length of 625 mm.

l

Circular pattern; Loading consisted of two circles with a radius, ∆, of ∆/L = 0.25%,
0.5%, 1.5%, 2%, 3%, and 4% as shown in Figure 3(b).

(II) Intensity of axial force:
l

Constant force; Intensity was either N =0.3 f’c Ag or 0.6 f’c Ag , where f’c

is the

cylinder compressive strength of the column concrete and Ag is the gross sectional
area of the column.
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l

Variable force; Intensity was proportional to the sum of Mx and My as shown in
Figure 4(b), where Mx and My are moments about the two major axes.

In the

figure, point (0, 0.3) was fixed and the slope, k , was varied as shown in Table 1.

Displacements were measured by LVDT’s as shown in Figure 1(c).

The concrete for the test

units was a standard mix type, with a maximum aggregate size of 20 mm, supplied by a local
commercial ready-mix concrete company. Material strengths are included in Table 1.

Table 1 Variables of specimens and analytical results
Material properties

Control parameters

Constant
axial force

Fluctuating
axial force

Longitu
Shear
Condinal
Axial
Specimen crete reinforc reinforcement force Horizontal k in
loading
Fig. 3
ement
directions
f'c
fy
fyh
ph
N/D2f'c
(MPa) (MPa) (MPa) (%)
D1NvA
D1NvB
D2NvA

1
26.8

467

604

1.39 Varied
2

D2NvB
D1N3
D1N6
D2N3

0.3
37.6

461

1.53

486

D2N6

0.6
0.3
0.6

Analytical results
Confining
effect

Hinge
length

a

Lp
(mm)

1.39

2.7

250

2.79

2.0

250

1.04

2.6

250

1.66

2.5

250

2.6

230

4.9

160

3.8

170

7.1

230

1
0.0
2

ph: Volume ratio of shear reinforcement
242
Φ6 @25mm

600
242

242

Lateral
load

29
D13

Φ4 @40mm

206

375
760

78

65
54
65

250

Φ9 @85mm

Column section
Elevation
(Unit: mm)
800

(a) Specimen

375
545

29

Φ4

350

790

(b) Column section

250

There are total eight gages
to measure deformation of the
column bottom.

(c) Measurement system

Figure 1 Dimension and reinforcement of column specimens
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Specimen Load
cell

Load
cell

500kN
Jack

Universal
joint
2000kN
Jack

Plan
Elevation

500kN
Jack

Load
cell

Reaction
frame

Specimen

Figure 2 Loading system

∆y
∆y

Min.
Axial
Load

Max.
Axial
Load

Max.
Axial
Load

∆x

∆x
Min.
Axial
Load
(a) Linear pattern

(b) Circular pattern

Figure 3 Displacement patterns at the loading point
0.8

5

Interaction
curve
0.6

N/D f'c

0

0.4

2

∆ x/L or ∆ /L (%)

Circular

(0,0.3) is
fixed and slope
was varied.
k

0.2
Linear
0
-5

0

2

4

6
8
Cycle

10

12

-0.2

14

(a) Loading history in lateral direction

0
3
(M x+My)/D f'c

(b) Variable axial force

Figure 4 Dimension and reinforcement of column specimens
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0.2

2.2 Experimental results

All specimens showed ductile flexural behavior and their damage at the end of testing are
shown for four specimens in Figure 5. D1N3 and D2N3 had constant axial force and
damage patterns are symmetrical about the axis of bending. D1NVA and D2NVB, which
had variable axial force, showed asymmetrical damage.

The concrete subjected to large

axial force had more damage than that subjected to small axial force.

In Figure 6, the

average curvatures at the bottom of the columns are shown. The average curvature was
computed from the displacements measured with 8 displacement gages circled in Figure 1(c).
The average curvature for the measured height is large for large axial force and small for
small axial force. This is possible if the large curvature is distributed over the measured
height under large axial force and the even larger curvature concentrates over a shorter height
inside the measured height under small axial force, under the condition that both curvatures
create the same amount of lateral displacement at the loading point. The evidence in Figures
5 and 6 indicates that the hinge length under large axial force must be taken as larger than that
under small axial force.

It can be seen from the experimental axial strain-curvature

relations shown in Figure 7 that the bidirectional lateral displacement pattern shortened the
column much more than the linear displacement pattern. The shortening effect for large
axial force of N= 0.6 f’c Ag was also as large as that for the bidirectional lateral displacement.

<----Force----->

(a)D1N3

Circular pattern

<----Force----->

(b)D2N3

(c)D1NVA

Figure 5 Damage at the end of testing
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Circular pattern

(d)D2NVB
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Min. axial
force
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0
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2

D x φ x (%)

2

0
-2
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axial force

-4

Min. axial
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4
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3%
2%
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Jack stroke was not
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L=625mm

4

-4

(b) D2NvA

-2
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0
2
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4
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Figure 6 Curvature measured at the column bottom region
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-4
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0
D * φ (%)
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(c2) D2NvB (Axial strain)

Figure 7 Analytical results compared with experiment results

3. ANALYTICAL PROGRAM

3.1 Section analysis

Section analysis was carried out assuming Bernoulli’s theory (Plane section remains plane)
for concrete and longitudinal steel. The scheme is to subdivide the column cross section into
concrete and reinforcing steel fibers and obtain the section response from the integration of
fiber stresses and stiffnesses.

Each fiber follows the uniaxial stress-strain relation for
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reinforcing steel or concrete.

The skeleton curve of the stress-strain relation for concrete is

based on the study by Sakino and Sun [3]. The enhanced strength, fpeak, due to confinement
is expressed as follows.
f peak = f ' c +κ ⋅ ρ h ⋅ f hy

(1)

s ö
æ d öæ
÷
κ = 11.5aç ÷çç1 −
è C øè 2 Dcore ÷ø

(2)

where f’c is the cylinder compressive strength without confinement, k, the coefficient of
strength enhancement due to confinement, ph , fhy , d , and C

the volume ratio, yield strength,

diameter, and unsupported length of shear reinforcing bars, respectively, s the distance
between adjacent shear reinforcement, and Dcore the area of confined concrete.
a simple modification was made in the stress-strain relation.

In this study,

In Eq. 2, the coefficient, a , was

added to the original equation to take into account the effects of strain gradient.

Value a is

taken greater than 1.0 and used to increase the strength and ductility of confined concrete.
Without a, the analytical model gave moment capacities much lower than the experimental
results. The hinge length, Lp, was also adjusted for each specimen.

In the analysis, a and

Lp were varied so that the analytical results in axial strain-curvature relations that best fitted
the experimental results, where axial strain is the longitudinal strain at the centroid of the
column section. The optimized a and Lp values are listed in Table 1. The analytical
predictions for moment-curvature relations are compared with experimental results in Figure
6, together with axial strain-curvature relations.

3

M/D f'c

0.2

Total m om ent
Concrete
contribution

0

-0.2
D1N3
-4

-2

0
D* φ y(%)

2

4

Figure 8 Moment-curvature relations and concrete contribution
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f

peak

fmax: current attainable maximum stress
fmax = fpeak

m ax

for

εmax < εpeak

fmax =stress corresponding to εmax on the skeleton

S tre ss

f

εmax: maximum strain experienced

curve for εmax > εpeak

Er

fpeak: maximum concrete strength considering confinement
εpeak: strain corresponding to fpeak

εpeak

εmax

εu

εu: ultimate strain considering confinement

S tra in

Figure 9 Stress-strain curve for confined and unconfined concrete

3.2 Physical damage of columns

Since the major role of the column is to sustain the vertical load, the vertical load carrying
capacity was taken as an indicator of physical damage. As load is cyclically applied to the
column and concrete damage progresses, the column shortens and the load carried by the
concrete gradually shifts to the longitudinal reinforcement.

If this shifting progresses, the

vertical load carrying capacity of the column is finally lost because axial shortening becomes
excessive or the longitudinal reinforcement buckles. Based on this concept, the axial force
carried by the concrete was computed and its variation with respect to the number of cycles
was checked.

For a variable axial force, the axial force varies by a large amount and does

not seem to represent the physical damage to the columns.

Instead, the moment - curvature

relation was used to evaluate the damage to the column in this study.

Figure 8 show the total

moment and the moment carried by concrete with respect to the curvature.

It can be seen

that the maximum values of total moment for each cycle stay almost the same but the moment
carried by the concrete gradually decreases. The reduction factor, Rc, is defined as Equation
(3) and computed in terms of the moment carried by the concrete:

Rc =

Maximum value for each cycle
Maximum value for whole history

(3)

Since the experimental data were not sufficient to obtain Rc, Rc was computed from the
analytically obtained moment-curvature relation as shown in Figure 8.
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3.3 Damage index

If excitation gives the stress-strain history shown in Figure 9 at an arbitrary point in the
concrete at the column section, the moment capacity damage index, I(M), is defined as
follows:

I ( Mx) =

ò
ò

A

A

f max ⋅ y dA

and

f peak ⋅ y dA

I ( My ) =

ò
ò

A

A

f max ⋅ x dA
f peak ⋅ x dA

(4)

where A is the area of the column section, and x and y are coordinates from the center of
gravity of the section.

Figure 10 compares the variation of I(Mx) and Rc with respect to the

number of cycles. Here, index I(Mx)

was computed for each quadrant of the column

section and the most damaged value was used.

I(Mx) and Rc show similar degradation as

the number of cycles increases except for D1N6 and D2N6. Rc represents the damage to a
column from the viewpoint of moment carrying capacity and can be obtained if the whole
history of the moment-curvature relation is known.

On the other hand, I(M) can be

computed only if the maximum compressive strain experienced is known and the Rc value
can be predicted reliably.

Since recording the maximum experienced axial strain is more

practical and easier than recording the stress-strain history, I(M) can play an important role in
post-earthquake damage assessment.

The methodology to evaluate damage has been explained and that knowledge is important in
order to restore the original functions of reinforced concrete columns.

It is also equally

important to evaluate the remaining capacity of columns, that is, to assess the remaining
capacity with respect to axial force, moment, displacement, and energy in order to know the
risk for expected earthquakes. This assessment can be done, for example, by considering the
remaining strain energy absorption capacity, Er, shown in Figure 9 and such a study is
currently in progress.
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4. CONCLUSIONS

Eight column base models with 242 mm square section were tested under unidirectional or
bidirectional lateral reversal cyclic displacements with constant or variable compressive axial
force. The experimental results showed that the damage in plastic hinge zones was sensitive
to the moment history and axial load intensity.

Plastic hinge length needs to be determined

taking into account the loading history.

The experimental results indicated that the hinge length under large axial force must be taken
larger than that under small axial force.
The moment capacity damage index, I(M) , was proposed which can be computed from the
maximum experienced strain only.

It was shown that I(M) can predict the degraded

contribution of the concrete to the moment carrying capacity and can be used to evaluate the
remaining load carrying capacity and to consider the retrofit strategy in post-earthquake
damage assessment.
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SHEAR FAILURE AND AXIAL LOAD COLLAPSE OF
EXISTING REINFORCED CONCRETE COLUMNS

J. P. Moehle, K. J. Elwood, H. Sezen1

ABSTRACT
Earthquake reconnaissance has identified failure of reinforced concrete columns as a primary cause
of collapse of older existing reinforced concrete building frames during earthquakes. Apparent
column failure, however, does not always result in building collapse. A study of columns tested in
the laboratory examines loss of lateral and vertical load capacities. Correlations with geometric,
materials, and loading characteristics are identified.

1. INTRODUCTION
Before the introduction of special requirements in the 1970s, reinforced concrete building frames
constructed in zones of high seismicity in the US had details and proportions similar to frames
designed primarily for gravity loads. Columns generally were not designed to have strengths
exceeding beam strengths, so column failure mechanisms often prevail. Relatively wide spacing
of transverse reinforcement was common, such that column failures may involve some form of
shear or flexure-shear failure. As shear failure proceeds, degradation of the concrete core may
lead to loss of axial load carrying capacity of the column. As the axial capacity diminishes, the
gravity loads carried by the column must be transferred to neighboring elements. A rapid loss of
axial capacity will result in the dynamic redistribution of internal actions within the building
frame and may progressively lead to collapse. This sequence is the focus of the ongoing study
reported here.
Particular incentive for this research has been provided by the experience of engineers involved
in the seismic retrofit of buildings in California.

Many have found, using prevailing

rehabilitation methodologies, that it is not economically feasible to limit the building design
displacements such that the columns are protected from shear failure. Thus, there is a need to
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improve understanding of column shear strength, as well as to understand how the gravity loads
will be supported after a column fails in shear.
Reconnaissance of recent earthquakes provides evidence of the importance of column shear
failure on collapse, as well as the possibility that shear failure of individual columns need not
lead to collapse of the building. Laboratory experiments provide corroborating evidence, and
suggest improvements to methods for estimating shear strength and deformation at loss of gravity
load capacity. This paper summarizes the findings and the status of ongoing studies.

2. OBERSERVATIONS FROM EARTHQUAKES
Earthquakes [Northridge, 1994; Kobe, 1995; Kocaeli, 1999; Chi-Chi, 1999; and others] have
demonstrated that columns in older reinforced concrete building frames may be vulnerable to
shear failures (Figure 1). While several experimental programs have illustrated that the lateral
resistance of these columns is limited after shear failure, the residual axial capacity and stiffness
have not been adequately investigated. Methods for reliably assessing the conditions under
which axial load capacity is exhausted have not been identified.
In many cases, column damage in recent earthquakes has all but eliminated their axial capacity,
yet the building has not collapsed (Figure 2). These examples illustrate the need to consider the
whole system when evaluating a building for the collapse limit state. Mechanisms that may
contribute to the capacity of a system to resist collapse include:
•

catenary action of slabs and beams allowing gravity loads to span to adjacent elements,

•

vierendeel truss action from the moment frame above a damaged column, and

•

gravity load support provided by shear walls or non-structural elements such as partitions
and infills.

Some gravity load collapses during earthquakes can be attributed to shear failure, and the
subsequent loss of axial load carrying capacity, of multiple columns in a single story (Figure 3).
The story-wide failures may be the result of massive internal redistribution of internal forces,
possibly amplified by dynamic effects; however, the specific mechanisms leading to gravity load
collapse of reinforced concrete frames are not well understood.
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3. DEVELOPMENT OF A SHEAR STRENGTH MODEL
There is considerable uncertainty in calculating the shear strength of lightly-confined reinforced
concrete columns. A database of tests described in Moehle et al. (1999), and summarized in
Table 1, is used to evaluate a new shear strength model.
As with ACI 318, the model assumes the shear strength can be represented by:
Vn = Vc + Vs

(1)

The concrete contribution, Vc, is assumed to be related to the calculated nominal principal
tension stress in the column. Principal tension stress capacity was set equal to ftc =
0.5 f 'c (MPa). According to traditional stress transformation relations, the shear stress at
which the principal tension stress capacity is reached is given by Equation 5.

τ xy = 0.5 f c' 1 +

P
f c'

0.5 Ag

(MPa)

(2)

In a concrete column with flexure, this shear strength is reduced because of interaction with
flexural stress and redistribution of internal actions as cracking occurs. This effect can be
represented approximately by introducing an aspect ratio term, a/d, where a = distance from
maximum moment to inflection point. Multiplying by the cross-sectional area, Ag, results in
 0.5 f '
c
Vc = k 
 a
d


1+

P
0.5 Ag


A
g
' 
f c 

(3)

No bounds are placed on the aspect ratio a/d, though it is noted that the range of values was
limited to between 2.0 and 3.9 in the database. Some limits may be appropriate for columns
having aspect ratios outside this range.
In Equation 6, the term k is a modifier to account for strength degradation within the flexural
plastic hinges. Similar terms have been introduced in other shear strength models (Aschheim,
1993; Priestley, 1994). For this data set, k was defined as shown in Figure 4. Degradation
relations proposed by other researchers [Aschheim, 1993; Priestley, 1994], as developed from
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data sets including columns with higher quantities of transverse reinforcement, were found to
overestimate the rate of degradation for this data set.
The steel contribution, Vs, is defined by:
Vs = k

Asw f y d
s

(4)

The shear strength contribution associated with transverse reinforcement is assumed to degrade
with increasing ductility using the same coefficient k (defined by Figure 4) as was used for the
concrete contribution in Equation 6. Studies on the data in Table 1 showed that alternative
expressions such as proposed by Aschheim (1993) and Priestley (1994) overestimated the
contribution of hoops. It is noteworthy that for the columns considered in this study, the
calculated value of Vs typically was half or less of the calculated value of Vc. The reduction for
ductility is reasonable considering that the truss mechanism associated with steel and concrete is
likely to degrade in much the same way as does the concrete mechanism, especially (perhaps) for
small quantities of transverse reinforcement.
Work is currently being conducted by others to justify the choice of values for k applied in the Vs
term based on Baysian updating of the shear strength equation using a large database of
experimental data (Gardoni et al., 2000).
Figure 5 plots ratios of measured to calculated strengths using the alternative procedure. The
correlation is relatively uniform for the range of ductilities shown. The mean ratio of test to
calculated strength is 1.01; the mean minus one standard deviation is 0.90.

4. AXIAL CAPACITY OF CONCRETE COLUMNS AFTER SHEAR FAILURE
4.1 Experimental Evidence
Most tests of columns have been terminated shortly after loss of lateral load capacity. The
resulting data are useful for columns considered as part of the lateral-force-resisting system.
Considering traditional notions of safety (that is, once shear failure begins, axial load collapse
cannot be far behind), the data also probably define a practical upper-bound displacement
capacity even for columns not considered part of the lateral-force-resisting system in new
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building designs. For existing buildings, whether being evaluated for seismic resistance or for
seismic rehabilitation, a less conservative approach is required by economic and functionality
considerations. If a column can reliably carry gravity load after its lateral strength degradation
begins, it may be possible to achieve considerable savings by considering the column as a
secondary component. It was mainly for this reason that the tests by Lynn (1996) and Sezen
(2000) were conducted (see Table 1).
Figure 6 plots drift ratios corresponding to significant events for the twelve columns reported by
Lynn and Sezen. For columns having lower axial loads, the tendency is for axial load failure to
occur at relatively large drifts, regardless of whether shear failure had just occurred or whether
shear failure had occurred at much smaller drift ratios. For columns with larger axial loads, axial
load failure tended to occur at smaller drift ratios, and might occur almost immediately after loss
of lateral load capacity.
4.2 A Shear-Friction Model
A shear-friction model can be used to represent the general observation from Figure 6 that the
drift at axial load failure is inversely related to the magnitude of axial load. Figure 7 shows a
free-body diagram for the upper portion of a column under shear and axial load. The external
moment vector at the top of the column is not shown and will not enter the equilibrium equations
written here. The external shear force V will be assumed equal to zero, under the assumption that
the column has lost most of its lateral load resistance. The inclined free surface at the bottom of
the free-body diagram is assumed to follow a critical inclined crack associated with shear
damage. In this presentation, the “critical” crack is one that, according to the idealized model,
results in axial load failure as shear-friction demand exceeds the shear-friction resistance along
the crack.
Dowel forces from the transverse reinforcement crossing the inclined crack are not shown;
instead, the dowel forces are assumed to be included implicitly in the shear-friction force along
the inclined plane. Shear resistance due to dowel action of the longitudinal bars depends on the
spacing of the transverse reinforcement, and reasonably can be ignored for the columns
considered in this study.
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Relative movement across the shear failure plane tends to compress the longitudinal
reinforcement. Given the tendency for buckling, especially in the limit, the axial force capacity
of the longitudinal reinforcement will be assumed equal to zero.
In light of the above discussion, equilibrium of the forces shown in Figure 7 results in the
following equations:

∑F

y

→ P = N cosθ + Vsf sin θ

x

→ N sin θ = Vsf cosθ +

∑F

(5)

Asw f y h tan θ
s

(6)

The literature documents shear-friction models that relate Vsf and N (Mattock and Hawkins,
1972; Mau and Hsu, 1988). The classic shear friction model, included in ACI 318 since 1977,
idealizes the crack, across which shear must be transferred, as a flat plane with a coefficient of
friction, µ, and computes the shear capacity as:
Vsf = Nµ

(7)

Substitution of equation 7 into equations 5 and 6, and eliminating the case where µ = tanθ, gives
the following expression for the axial capacity of the column:
P=

Asw f y h
s

 cosθ + µ sin θ 

tan θ 
 sin θ − µ cosθ 

(8)

The inclination θ of the shear failure plane can be estimated by considering the magnitude of the
axial load in the column at the time of shear failure. A simplistic approach is to define θ as the
angle of the nominal principal tension stress at the instant when it reaches the tensile capacity of
concrete under combined shear and axial load, using the same model used to establish Equation
2. This approach, however, invariably results in an angle steeper than that observed in tests. An
empirical approach is suggested instead. Figure 8 plots observed average angle of critical shear
cracks observed in the tests by Lynn (1996) and Sezen (2000). (The authors estimated the angles
subjectively from photographs.) The angle could be approximated as 60 degrees relative to
horizontal, or could have the linear variation suggested by the unbroken line in the figure. The
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straight line has an intercept at 55° for zero axial load and passes through the angle 90° for P/Po
=

1.

In

Figure

8,

Po

is

the

pure

axial

capacity of

the

column

given

by

Po = 0.85 f c' ( Ag − As ) + f y As where As = area of longitudinal steel and the other variables are
defined previously. (The outlying datum at P/Po ≈ 0.21 was for Column 3CMH18 (see Table 1).
That column had a critical crack that was somewhat less steep over most of its length, with a
vertical segment near column mid-depth, resulting in the relatively large reported critical crack
angle.) All of the columns tested by Lynn and Sezen had a height to width ratio greater than 6.0.
For columns with low height to width ratio, it is expected that the maximum crack angle will be
limited by the aspect ratio of the column (that is, θmax = arctan(height/width) ).
An empirical approach was used to define the shear-friction coefficient in Equation 8, as follows.
The critical crack angle θ for each column was assessed visually (Figure 8). Knowing this angle
and all the other quantities in Equation 8, the value of the shear-friction coefficient was
calculated. Figure 9 plots the calculated values as a function of the lateral drift ratio at which
column collapse occurred. The data apparently follow a trend that can be approximated by a line.
The data of Figure 9 suggest that the apparent shear-friction coefficient is a function of the drift
angle at failure. This relation is plausible considering that increased deformation (and increased
sliding along the critical shear plane) degrades the roughness of the shear plane and reduces the
effective friction. It is worth recalling that the increased deformation capacities are associated
with reduced axial loads (Figure 6).
The presented relations lead to the hypothesis that the drift at axial load collapse decreases as the
axial load increases and as the quantity of transverse reinforcement decreases.

Figure 10

organizes the data by the approximate quantity of transverse reinforcement (the quantity
(Aswfyh/s)/Po ≈ 0.01, 0.02 and 0.03), and for that organization plots the drift capacity as a
function of axial load ratio. The hypothesized trend is clear in the plotted data.
The relation between axial load and crack angle (Figure 8), the relation between drift and friction
coefficient (Figure 9), and the relation among axial load, transverse reinforcement, crack angle,
and friction coefficient (Equation 8) can be combined to produce relations among column axial
load, column transverse reinforcement, and drift ratio at loss of axial load capacity.
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The

relations, which are plotted in Figure 11, also support the hypothesis that drift capacity at axial
load collapse decreases with decreasing transverse reinforcement and increasing axial load.
To convey a sense of the accuracy implicit in the relations of Figure 11, those relations were used
to estimate the drift capacity of ten of the twelve columns reported by Lynn and Sezen. Of the
remaining two columns, Column 2CVD12 was subjected to varying axial load and Column
2SLH18 sustained lap-splice failure, so they were not included in the comparison. The results
are plotted in Figure 12. The mean ratio of calculated to measured drift at collapse is 0.92; the
standard deviation is 0.36. The results of Figure 11, if applied, should be used only with full
understanding that a significant number of columns are likely to fail at drifts below the calculated
quantities. The relatively large scatter may be a product of inherent randomness associated with
the complicated failure mechanism. Additional data and analyses may well improve our ability
to predict the onset of gravity load failure of columns.

5. CONCLUSIONS
Shear failure of columns is identified as a primary cause of collapse of older reinforced concrete
building frames in earthquakes. Test data were gathered to understand the effects of materials,
geometry, and loading on failure mechanisms. A new shear strength equation is developed and
found to give accurate estimates of shear strength for the selected database of column tests.
Subsequent collapse of columns is examined using a shear-friction model. The model identifies
some variables controlling column collapse. Results of the model are compared with test results.
Significant scatter between calculated and measured results suggests that additional study may be
fruitful.
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Table 1 Test specimen materials and details
Specimen

b
mm

d
mm

a
mm

lsplice No. ρlong. Asw
bars
mm

mm2

no.

s

Tie
type

mm

f'c

fy-

fy-

P

long. tran.

MPa MPa MPa

fail.
mode

kN

Vu
kN

δy

δu

µδ

mm mm

Lynn and Moehle, 1996
3CLH18

457

381

1473

none

8

0.03

142

457 r90

25.6 331 400

503 SCF

271 19.3 30.5

1.58

3SLH18

457

381

1473

25

8

0.03

142

457 r90

25.6 331 400

503 SCF

267 17.3 29.2

1.69

2CLH18

457

381

1473

none

8

0.02

142

457 r90

33.1 331 400

503 FSCF

240 18.3 76.2

4.17

2SLH18

457

381

1473

20

8

0.02

142

457 r90

33.1 331 400

503 FSCF

231 17.3 45.7

2.65

2CMH18

457

381

1473 None

8

0.02

142

457 r90

25.7 331 400

1512 STF

316

7.9 15.2

1.94

3CMH18

457

381

1473 None

8

0.03

142

457 r90

27.6 331 400

1512 SCF

338

7.1 15.2

2.14

3CMD12

457

381

1473 None

8

0.03

245

305 d90

27.6 331 400

1512 SCF

356

9.1 22.9

2.50

3SMD12

457

381

1473

8

0.03

245

305 d90

25.7 331 400

1512 SCF

378

8.4 22.9

2.73

25

Sezen and Moehle, 2000
2CLD12

457

394

1473 None

8 0.025

245

305 d90

21.1 441 469

667 SCF

323 26.9 78.2

2.91

2CHD12

457

394

1473 None

8 0.025

245

305 d90

21.1 441 469

2669 SCF

347 13.5 51.6

3.86

2CVD12

457

394

1473 None

8 0.025

245

305 d90

20.9 441 469

Var. SCF

311 19.1 55.6

2.92

2CLD12M

457

394

1473 None

8 0.025

245

305 d90

21.8 441 469

667 SCF

300 30.5 91.2

2.99

289

209

4.8 14.5

3.00

Bett, Klingner and Jirsa, 1985
305

264

457 None

8

0.02

129

203 d135

29.9 462 414

43

200

173

500 None

6

0.02

58

100 r135

19.6 434 558

80 FSCF

73.9

3.0 15.0

4.84

44

200

173

500 None

6

0.02

58

100 r135

19.6 434 558

80 FSCF

76.3

3.0 15.0

5.00

45

200

173

500 None

6

0.02

58

100 r135

19.6 434 558

67 FSCF

82.2

3.0 15.0

4.87

62

200

173

500 None

10

0.02

58

100 r135

19.6 345 476

80 FSCF

57.7

2.5 13.2

5.28

63

200

173

500 None

10

0.02

58

100 r135

19.6 345 476

156 FSCF

68.5

2.3 14.0

5.79

64

200

173

500 None

10

0.02

58

100 r135

19.6 345 476

156 FSCF

68.5

2.0 16.8

8.00

4.3 13.0

3.07

3.3

6.4

1.88

2.5

1-1
Ikeda, 1968

Umemura and Endo, 1970
205

200

180

600 None

6

0.02

58

100 r135

17.6 462 324

156 STF

71.3

207

200

180

400 None

6

0.02

58

100 r135

17.6 462 324

156 STF

105.9

208

200

180

400 None

6

0.02

58

100 r135

17.6 462 324

391 FSCF

135.0

7.9

3.20

214

200

180

600 None

6

0.02

58

200 r135

17.6 462 324

391 SCF

82.7

3.8 10.7

2.86

220

200

180

400 None

6

0.01

26

120 r135

32.9 379 648

156 FSCF

78.3

2.3 23.9 10.00

231

200

180

400 None

6

0.01

26

100 r135

14.8 324 524

156 FSCF

50.9

1.8 16.3

9.00

232

200

180

400 None

6

0.01

26

100 r135

13.1 324 524

156 FSCF

58.2

2.8 23.9

8.89

233

200

180

400 None

6

0.01

26

100 r135

13.9 372 524

156 FSCF

69.1

2.8 13.7

4.93

234

200

180

400 None

6

0.01

26

100 r135

13.1 372 524

156 FSCF

67.0

2.8 16.0

5.71

372

200

170

500 None

4

0.01

65

100 r135

19.9 524 352

156 FSCF

74.4

2.5 10.7

4.12

373

200

170

500 None

4

0.02

65

100 r135

20.4 524 352

156 FSCF

88.1

3.6

9.9

2.78

Kokusho, 1964

Kokusho and Fukuhara, 1965
452

200

170

500 None

4

0.03

65

100 r135

21.9 359 317

391 FSCF

110.1

3.0

7.6

2.53

454

200

170

500 None

4

0.04

65

100 r135

21.9 359 317

391 FSCF

110.1

2.3

5.1

2.32

Notation: Asw = area of tie steel; a = shear span; b = square column dimension; d = depth to centerline of tension reinforcement; fy-long= long. reinf. yield strength; fy-tran =
trans. reinf. yield strength; ls = lap splice length; P = axial load (Var = varying axial load); s = hoop spacing; Vu = peak shear; δy = yield displacement; δu = displacement
when 20 percent of peak shear is lost; ρlong = total long. steel ratio; µδ = δu/δy. Tie types are: r90 - rect. w/ 90o hooks; r135 - rect. w/ 135o hooks; d90 - rect. and
diamond w/ 90o hooks; d135 - rect. and diamond w/ 135o hooks. Failure modes are: FSCF - flexural shear compression failure, several inclined cracks; SCF - shear
compression failure, many inclined cracks; STF - shear tension failure, very large inclined crack.
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Figure 1 Column shear failure
from 1999 Kocaeli Earthquake

Figure 2 Apparent loss of column axial load capacity
without collapse of building frame from 1999 Chi-Chi
Earthquake

Figure 3 Gravity load collapse from 1995 Kobe Earthquake (AIJ, 1997)
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Figure 5 Comparison of measured strengths with strengths calculated by alternative shear
strength model

Figure 6 Measured column drift ratios as a function of axial load
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Figure 11 Derived relation among axial load, transverse reinforcement, and drift capacity
at axial load failure.
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COLUMN SPLICES: OBSERVED EARTHQUAKE DAMAGE,
MODELING APPROACHES, AND THE PEER/UCLA RESEARCH
PROGRAM
John W. WALLACE and Murat MELEK1

ABSTRACT
Splices in reinforced concrete columns in older buildings, or within the non-participating frames in
some newer buildings, were typically designed as compression lap-splices. Compression laplengths are typically short (20 to 24db), and only light transverse reinforcement is provided over
the lap-length. Observations of column damage following earthquakes have revealed that these
splices perform poorly; however, relatively sparse information exists to assess the expected
performance for typical conditions. To address these needs, a PEER Center research program was
undertaken at UCLA to conduct testing of full-scale columns under a variety of conditions, as well
as to develop modeling techniques appropriate for column splices and complete systems. Test
specimens consist of cantilever columns with a point load applied at the top. The 450 mm square
column sections tested under reversed cyclic lateral load with either constant or variable axial load.
Primary variables include the connection type, the level of axial load, the ratio of moment to shear,
and the load history. An overview of this project, as well as relevant observations from column
damage in recent earthquakes, is provided.

1. INTRODUCTION
Splices of column longitudinal reinforcement in older buildings (e.g., pre-1973) were commonly
designed for compression only with relatively light transverse reinforcement enclosing the lap.
For example, a lap splice length of 20 longitudinal bar diameters with widely spaced transverse
reinforcement (equal to the least column dimension or 16 longitudinal bar diameters) was
commonly used in older buildings. Observations following damaging earthquakes have revealed
that columns with compression lap splices and widely spaced transverse reinforcement,
especially at the perimeter of the building, perform poorly. Under earthquake actions, the column
longitudinal reinforcement may be subjected to significant tensile stresses, particularly if the
splice is located just above the floor slab, which is common in older construction. Given that
required lap lengths for tension substantially exceed those for compression, slip occurs along the
splice length at load levels less than required to reach the nominal moment capacity of the
column, resulting in significant and rapid loss in column moment capacity.
1

Department of Civil and Environmental Engineering, University of California, Los Angeles, 5731 Boelter Hall, Los
Angeles, California, 90095-1593 USA; Email: wallacej@ucla.edu
269

Splices of column longitudinal reinforcement for moment frames in new buildings (e.g., designed
according to ACI 318-99 provisions) require that the splices be located within the middle third of
the column, encased within that tightly-spaced transverse reinforcement, and that they develop
the yield stress of the bar in tension. Deformation compatibility requirements govern the design
of splices for columns not designed to be part of the lateral-force-resisting system (see UBC-94,
Section 1631.2.4 and UBC-97, Section 1633.2.4). More stringent requirements for transverse
reinforcement for these non-participating columns were incorporated within ACI 318-95, and
subsequently in UBC-97, following damage observed in the 1994 Northridge earthquake. The
need for these new provisions indicates that substandard lap-splice (and shear reinforcement)
details were used even in relatively recent building construction (pre-1995).

Relatively little research has been conducted on the behavior of columns with deficient lap
splices. Early work focused primarily on developing rehabilitation options for splices. Testing
was conducted on columns subjected to pure tension (Valluvan et al., 1993), and columns
subjected to uniaxial bending with no superimposed axial load (e.g., Aboutaha et al, 1996).
Rehabilitation measures studied included the addition of external and internal ties, as well as the
use of jackets (e.g., steel angles with straps or steel-plate jackets with and without through-bolts).
For most rehabilitation options, brittle splice failures were suppressed and substantial inelastic
(flexural) deformations were observed prior to failure.

Deficient column splices are likely to exist in a majority of building columns at several locations
over the height of a building and rehabilitation methods typically result in substantial disruption
to building functions and possibly even displacement of the occupants. Therefore, although
acceptable performance could be achieved with a variety of rehabilitation options, it often is not
economical or practical to rehabilitate column splices in buildings. To address these issues,
rehabilitation options that minimize the impact on the occupants and building operations are
sought. A common strategy employed is to limit the drift imposed on the columns by adding
bracing, shear walls, or a protective system (e.g., isolators, dampers) to the building such that the
lateral deformations of the building are minimized. By limiting the lateral building deformations,
the forces imposed on the column splice are limited such that the spliced reinforcement is not
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subjected to significant tension. Rehabilitation guidelines (“Guidelines,” 1997) have been
developed in recent years that are used by the engineering profession to accomplish this task.

Although the overall rehabilitation strategy is well accepted and the guidelines exist to assist in
implementing the selected strategy, very sparse data exist on the performance of columns with
“deficient” lap splices. This lack of knowledge on how the lateral-load behavior of column
splices is influenced by important parameters such as axial load, shear, and load history leads to
considerable uncertainty, and conservative and costly rehabilitation measures.

The PEER Center research program at UCLA was developed to provide vital data on the
performance of column lap splices. Background information and important aspects of the
research program are outlined in the following sections. Damage observations from recent
earthquakes and relevant research are first reviewed, followed by a summary of the research
program.

2. OBSERVATIONS FROM EARTHQUAKE DAMAGE

Brief summaries of splice damage observed in the 1994 Northridge, 1999 Izmit, and 1999 ChiChi earthquakes are provided to identify common damage patterns as well as to establish
important performance issues.

Following the Northridge Earthquake, shear and splice failures in reinforced concrete columns
were commonly observed in older buildings and in building columns designed as nonparticipating elements. Splice damage at the base of an exterior column in a one-story parking
structure is shown in Figure 1 (Sherman Oaks, near the 101/405 interchange). The column is
approximately 450 mm square with 20db lap splices. Cross sections of the interior columns of
this structure had been significantly increased to provided longer seat lengths for the precast floor
girders; however, no apparent changes had been made to the exterior columns. Damage to the
column indicated that slip had occurred along the splice, with spalling of concrete, which is fairly
common for splice failures. Diagonal cracks in some of the exterior columns indicated that the
shear capacities of these columns may have been compromised. The shear distress in some
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columns (and the lack of significant observed damage in the splice region) indicates a range of
behavior for columns with presumably similar details.

(a) One Story Parking Structure
(b) 8-Story Parking Structure
Figure 1 Splice Damage – Northridge Earthquake
Damage to columns of an eight-story parking structure located across the street from the structure
shown in Figure 1. The structure was designed using the 1982 UBC, and built in the mideighties. Although the columns in this structure had been designed with the lap splice near the
mid-height of the column, “non-structural” reinforced concrete elements cast directly against the
columns, created a captive column. The maximum moment for the captive column was shifted to
the splice region, possibly leading to the observed damage. Splice damage was limited in this
structure due to the use shear walls.

Poor behavior of splices in exterior columns may have been a significant contributing factor in
the collapse of buildings in the 1999 Izmit, Turkey and Chi-Chi, Taiwan earthquakes. Figure 2
shows a close-up of a typical beam-column connection region for a five or six story apartment
building just east of Golcuk, Turkey. Straight anchorage lengths were used on the interior column
bars, and the exterior column bars were extended through the joint and anchored with short
hooks into the top of the column. The failure surface between the column and the floor slab
indicates that the interior column longitudinal bars were inadequately anchored, and pulled-out,
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(a) Connection region – Golcuk, Turkey
(b) 12-Story Building – Nantou
Figure 2 Anchorage and Splice Damage
most likely at relatively low load-levels, allowing the column to rotate freely. Lateral loads
imposed on the columns under this condition lead to higher axial compression in the column
(because the axial load for lateral and gravity loads add). The axial compression, when coupled
with the column rotation caused by reinforcement slip, could lead to premature buckling of the
exterior column longitudinal reinforcement passing through the joint.

Damage in the splice region was observed in a 12-story building in Nantou (Figure 2), Taiwan;
however, the use of shear walls was a significant factor in limiting the damage to the columns.
Damage was also observed at some beam-column connections in a three-story building near
Nantou, Taiwan. Failure at the connection regions may have been initiated by slip along the
interior column splice bars, leading to significant rotation of the column. Under the column
rotation, large compression would be exerted at the column edge, potentially leading to the
peeling away of the concrete in the joint region, as observed.

In summary, column damage associated with the poor performance of splices has been
consistently observed in recent earthquakes. In cases where the building system contains welldistributed shear walls, column damage has not led to collapse. Damage to exterior columns
observed in the 1999 earthquakes in Turkey and Taiwan may have been significantly impacted by
splice behavior.
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3. BRIEF LITERATURE REVIEW

A brief literature review, covering both experimental and modeling studies, is summarized in the
following subsections.

3.1 Experimental Studies
Valluvan et al. (1993) constructed and tested twelve, approximately two-thirds scale, column
specimens to investigate rehabilitation measures for column splices. The test columns were 300
mm square and reinforced with 11 mm longitudinal bars and 6 mm hoops spaced at 300 mm on
center. One column was used as a reference case, whereas rehabilitation measures were
employed on the other 11 columns (two with welded splices, five with steel angles and straps,
three with external ties, and one with internal ties). The specimens were subjected to reversed,
cyclic axial loads (no bending). The reference specimen exhibited poor behavior, with a sudden
loss in capacity at approximately 2/3 of the nominal moment capacity of the section based on bar
yield. Use of external steel angles and straps or ties was effective provided grout was used to
achieve good contact between the existing concrete and new steel. Welding splices worked well
provided additional ties are provided to resist outward thrust; use of internal ties was less
effective because removing concrete cover caused micro-cracking in the concrete.

Aboutaha et al. (1996) investigated the use of steel jackets on square and rectangular column
cross sections to improve the behavior of columns with inadequate splice lengths. Reinforcing
details for the columns conformed to ACI 318 provisions (“Building,” 1956, 63). Specimens
were approximately full-scale, and tested under uniaxial bending (no axial load). Four specimens
were tested without rehabilitation measures to serve as benchmarks. As expected, performance of
these specimens was poor, with brittle failures prior to reaching the nominal moment capacity of
the section. Steel jackets with various anchor bolt arrangements were used on seven columns.
Columns were tested laterally with no axial load. Steel jackets were very effective in improving
load-displacement behavior provided anchor bolts were used and the jacket was longer than the
column dimension in the direction of the applied load.
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The studies conducted by Valluvan and Aboutaha focused primarily on identifying promising
rehabilitation strategies; therefore, a relatively simple test configuration was used. Lynn et al.
(1996), on the other hand, tested columns with pre-1970’s construction details with and without
splices to investigate behavior. Eight, 450-mm square columns with eight longitudinal
reinforcing bars (either 25 or 36 mm diameter) and 8-mm diameter hoops/ties at 300 or 450 mm
on center were constructed and tested. Five specimens had continuous reinforcement whereas
three had 20db splices at the base of the columns. The specimens were subjected to reversed
cyclic lateral displacements while the axial stress was held constant for the duration of the test at
either 0.12f’c or 0.35f’c. Although the yield stress was reached in the spliced bars, cracks along
the lap splice lead to strength degradation and eventually shear failure (just above the splice) in
the specimen with low axial stress. For the specimens with high axial stress, abrupt shear failures
were observed for columns with and without the lap splice; therefore, the splice did not
substantially influence the observed behavior.

3.2 Modeling Bond-Slip
Modeling the bond-slip relations for reinforcing bars is commonly accomplished using uniaxial
springs (e.g., see Angelokos, 1999; Xiao, 1997). Moment versus rotation relations also may be
derived from uniaxial spring relations and used to model the effect of slip (Reyes, 1999).
Uniform spring properties may be used, or they may be varied to account for factors such as the
amount of concrete confinement provided. Angelokos (1999) used this approach, by defining
different bond properties at well and lightly-confined regions. Xiao (1997) assumed bond was
lost along the splice region within the calculated plastic hinge length, and placed bond springs
only on the remaining portion of the spliced bars to study the influence of splices on the lateral
load behavior of columns. Relations to model the bond-slip relations between reinforcement and
concrete include those developed by Popovic (1973), Ciani et al. (1981), Eligenhausen et al.
(1983), and Giurani (1991). An example relation is given in Figure 3.

An alternative approach to modeling bond-slip behavior at the local level (using springs) is to
modify moment-rotation relations used at potential plastic hinge locations to account for the
influence of bond-slip on the strength and stiffness deterioration. In this case, experimental
studies are helpful to calibrate the model, although relatively sparse data exist for this purpose.
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Figure 3 Typical Bond-Slip Relation (Eligenhausen et al, 1983)

4. PEER/UCLA RESEARCH PROGRAM

The primary focus of the research program is to produce essential and well-documented data on
the behavior of full-scale columns with lap splices subjected to axial load and cyclic lateral load.
The results of the test program will then be used to conduct analytical studies of complete
building systems to assess the impact of splice behavior of building performance.

4.1 Experimental Program
The test specimens consist of a cantilever column with a foundation block attached to a strong
floor. The test setup for the interior and exterior column specimens is shown in Figure 4. The
specimens represent the building column from column mid-height between floors to the columnjoint interface for the interior column. Typical reinforcing details will be used with the joint
region of the specimen representing exterior columns. A column height of approximately 1.83
meters with a 457 mm square cross section is used. The column cross-section and longitudinal
reinforcement are the same as the UC Berkeley test program.

The column height was selected to ensure the shear strength of the column (using ACI 318 Eq.
11-4 and 11-15) is sufficient to develop the flexural strength at the base of the column, where the
lap splice is located. A lap splice length of 20db is used based on the requirements used for
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compression splices in older buildings. Three levels of axial load (0.1, 0.2 and 0.3Agf’c) and two
arrangements of transverse reinforcement (minimum and moderate levels) are investigated. A
majority of the specimens will be subjected to constant axial load and cyclic uniaxial bending.
The load history will be fairly typical, and consists of three cycles at each displacement level
with monotonically increasing drift levels (0.1, 0.25, 0.5, 0.75, 1.0, 1.5, 2.0, 3, 5, 7.5, and 10%).
One objective of the tests is to apply large displacement amplitudes to assess both loss of lateral
load capacity and loss of axial load carrying capacity. The latter is important in evaluating life-

safety and collapse prevention performance levels. A pulse-type load history also will be used on
one or two specimens. This history will consist of a few cycles at low-to-moderate displacement
levels, followed by essentially monotonic loading in one direction until failure.

Table 1 provides an overview of the test program with the primary variables. The first three
specimens represent interior columns, and will be tested under the standard cyclic lateral load
history with the axial load held constant for the duration of the tests at 0.1, 0.2, and 0.3Agf’c. For
the splice length used (20db), the splice should fail when the moment in the column reaches
approximately 70 to 80% of the nominal moment capacity. The objective of the tests is to assess
the influence of axial load on lap splices with moderate shear stress and light transverse
reinforcement (single hoops at 40 mm on center are used). Column reinforcing details are shown
in Figure 5.
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The second series of three specimens will be companions to the first three, and be used to assess
the importance of shear and load history on splice behavior. Two specimens will be tested with a
shear stress level approximately equal to the shear strength of the column. The axial load levels
for these two specimens will be 0.2 and 0.3Agf’c. For the third specimen, the axial load will be
0.2Agf’c and the load history will be modified to represent a short duration pulse (quasi-static
application).

450 mm

450 mm

8 #8

#3 @300 mm

1.8 m

300 mm

300 mm

20db

75 mm

Figure 5(a) Reinforcing Details

Figure 5(b) Photos of Reinforcing Cages

Four specimens, representing exterior columns, will be tested in the third phase of the test
program. The axial load on the specimens will be initially set to 0.15Agf’c and then
increased/decreased proportionally with the lateral load to minimum and maximum values of 0.0
and 0.3Agf’c, respectively. The shear stress will be approximately three-quarters of the shear
developed at the nominal moment capacity of the column for all specimens. In three specimens,
light transverse reinforcement will be used within the joint region, and the fourth will have
moderate transverse reinforcement. Three of the specimens will contain a lap splice, while the
fourth will have continuous longitudinal reinforcement. A conventional load history will be used
for three of the four specimens.
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Table 1 Tentative Test Matrix
Specimen

Splice

Axial Load

Shear

20db

% Ag f’c

(Vu@ Mn)/Vn

Load

Hoop Spacing

History

TYPE

(mm)

2S10MI

YES

10

0.60

STD

300

Interior

2S20MI

YES

20

0.65

STD

300

Interior

2S30MI

YES

30

0.70

STD

300

Interior

2S20HI

YES

20

1.00

STD

300

Interior

2S30HI

YES

30

1.00

STD

300

Interior

2S20MIN

YES

20

0.70

NEAR

300

Interior

2S30ME

YES

0 to 30

0.70

STD

300

Exterior

2C30ME

NO

0 to 30

0.70

STD

300

Exterior

2S30MEN YES

0 to 30

0.70

NEAR

300

Exterior

2S30MEJ

0 to 30

0.70

STD

300/1501

Exterior

1

YES

Column spacing/Joint spacing

Column testing is underway and will continue through the
summer of 2001. Preliminary test results for specimen
2S10MI ( Figure 6 ) are shown in Figures 7 and 9. Figure 7
plots the measured lateral load versus lateral column top
displacement history.

The tests indicate that the column splice slipped at an
imposed displacement level between 1.0% and 1.5%, prior
to yielding of the longitudinal reinforcing bars. Strain
histories for several gauges affixed to the longitudinal
reinforcing bars along the splice are shown in Figure 9

Figure 6 – Specimen 2S10MI

Gauges located at the splice midpoint on both the bar
anchored into the footing, as well as the bar extending vertically that is spliced to the footing bar,
show very similar strain histories prior to the first cycle to 1.5% drift. During the cycle to 1.5%
drift, the strain in the bars drops off substantially, indicating that slip is occurring.
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Figure 7- Load-Displacement (Specimen 2S10MI)

These cycles are followed by 2, 3 and
5% drift levels. Specimen 2S10MI at
5% drift is shown on Figure 8.
Ultimately, three cycles of lateral
drift at 7.5% and one cycle at 10%
were imposed on the column without
loss of axial load carrying capacity.
At the completion of the test, with no
Figure 8

applied lateral drift, the column was

loaded under pure compression up to approximately 0.15Agf’c prior to loss of axial load carrying
capacity.

Completion of the tests will provide valuable data to assess the impact of splices on building
performance under a variety of conditions, as well as essential data to improve splice modeling.
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Section 1

150 mm

4.2 Analytical Program

The test results will be used to calibrate existing models for degrading flexural strength and
stiffness to assess the impact of splice behavior on the performance of building systems.
Approximately 3, 5, and 8-story frame and frame-wall systems will be analyzed. A wall macromodel will be used that realistically accounts cyclic response with neutral axis migration. This
model is currently being developed as part of a NSF sponsored research project.

5. CONCLUSIONS

Poor splice behavior has been observed in recent earthquakes and, in some instances, may have
played a significant role in the partial collapse of some buildings. Existing information on splice
behavior is very limited, and focuses mainly on rehabilitation options; however, rehabilitation of
column splices is often not a viable solution. A common rehabilitation strategy involves adding
new structural elements to limit the drift imposed on brittle elements, such as columns with
deficient lap splices. The ongoing PEER/UCLA research program is designed to provide a wealth
of data to address performance issues for buildings with column lap splices.
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ABSTRACT
The objective of this paper is to reconstruct methods to evaluate load-deformation characteristics of
reinforced concrete column members, relating with their limit states which are introduced in the
performance based seismic design procedure. Limit states of reinforced concrete members are
generally defined by damage levels of concrete and reinforcement, which are subjected to tensile and
compressive stress. In this paper limit states are discussed paying attention to limit states caused by
compressive stress. Calculated crushing point of cover concrete, which correspond to operation limit
state, was found to be conservative and effective for design equation. Calculated crushing point of core
concrete, which correspond to repair limit state, was found to be conservative and effective for design
equation. Three calculated deflection angles, which correspond to safety limit state, were found to be
conservative for observed deflection angles when specimens lost axial load carrying capacities and
effective for design equation.

1. INTRODUCTION

Recent earthquake resistant design concept of structures places explicit emphases on limit state
design. The objective of this paper is to reconstruct methods to evaluate load-deformation
characteristics of reinforced concrete column members, relating with their limit states which are
introduced in the performance based seismic design procedure. Limit states of reinforced
concrete members are generally defined by damage levels of concrete and reinforcement, which
are subjected to tensile and compressive stress. In this paper limit states are discussed paying
attention to limit states caused by compressive stress.

2. LOAD DEFORMATION CHARACTERISTICS AND LIMIT STATES OF COLUMNS

Figure 1 shows load deformation relationship of a typical reinforced concrete column member
subjected to axial force. Two points should be emphasized, i.e. i) behavior of core concrete only
is dominant after crushing of cover concrete and ii) behavior after maximum strength depend on
1 Department of Architecture, Faculty of Engineering, Niigata University, Niigata, Japan
Email: dkato@eng.niigata-u.ac.jp
2 Graduate Student, Niigata University, Niigata, Japan
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the loading history, i.e. specimens with cyclic loading apt to show smaller deformation capacities
comparing to those with monotonic loading. This is called cyclic loading effect in this study and
previous study indicated that column specimens with constant axial load whose axial load ratio
were higher than 1/3 showed the cyclic loading effect (Kato 1996).

Some characterized points are highlighted in this figure, i.e. flexural cracking of concrete,
commencement of yielding of longitudinal steel, commencement of crushing of cover concrete,
commencement of crushing of core concrete, point where restoring force degrades to design
lateral load (lateral load at yielding of longitudinal reinforcement) and point where the column
loses capacity to carry design axial force. Those highlighted points are related with limit states of
the column as shown above or below the relationship. It must be noted that limit states based on
the compressive behavior of concrete and reinforcement are shown above the relationship and
those based on the tensile behavior are shown below. Limit states based on compressive behavior
are more important comparing to tensile behavior because columns are characterized by the
subjected axial force. From this view point limit states based on the compressive behavior are
discussed in this paper. In other words limit states based on the tensile behavior of materials are
considered to be given by evaluating methods of beam members.

Three limit states are discussed, i.e. operation limit, repair limit and safety limit. Operation limit
state is defined as a limit state within which buildings can be fully operational after earthquake,
which is considered to correspond to commencement of crushing of cover concrete in this study.
Repair limit state is defined as a limit state within which buildings can be repaired under rational
cost. It seems better to classify repair limit into 2 groups(ⅠandⅡ) because of the wide range of
this limit state. Repair limit stateⅡ is considered to correspond to commencement of crushing of
core concrete because repair of only cover concrete is enough within this condition. It seems
reasonable to consider that safety limit state corresponds to losing point of axial load carrying
capacity of the column. However losing point of design axial load is also effective to represent
safety limit state because of the large amount of experimental data which can be used to examine
the feasibility of evaluating methods. From this view point two kinds of experimental data are
discussed for safety limit state.
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3. EVALUATING METHODS OF LIMIT STATES

Characterized points on the load deformation relationship can be calculated by basic flexural
theory under the assumption that plane remains plane after bending. Figure 2 shows stress strain
relationship of core concrete and assumed edge strain of core concrete at repair and safety limit
states.

3.1 Operation Limit State
As described in Chapter 2, operation limit state is considered to correspond to commencement of
crushing of cover concrete. Curvature at commencement of crushing of cover concrete can be
calculated assuming that the edge stress of cover concrete reaches maximum stress of
stress-strain relationship of plain concrete. Deformation for this curvature can be given by
assumed deformation mechanism of the column shown in Fig. 3 suggested by Hiraishi(Hiraishi
1990).

3.2 Repair Limit State

Repair limit state is considered to correspond to commencement of crushing of core concrete.
Curvature at commencement of crushing of core concrete can be also calculated assuming that
the edge stress of core concrete reaches maximum stress of stress-strain relationship of confined
core concrete(see Fig.2).

3.3 Safety Limit State (Rf)

Safety limit state is considered to correspond to losing point of axial load carrying capacity of the
column. However this point can not be given theoretically. So three kinds of method are chosen
and their feasibility as design equations are examined. Deflection angles obtained by these
methods are symbolized as Rf in this study.

i)k1k3max point : Coefficients k1 and k3 to determine stress block of concrete are widely
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introduced to replace stress strain relationship in the practical design. The point when the
multiplication of coefficients k1 and k3 becomes maximum can represent the losing point of axial
load carrying capacity of the column. This method was applied to specimens without cyclic effect
in this paper.

ii)point where concrete stress equals to axial load stress: Some researchers indicated that the
point where concrete edge stress equaled to average axial load stress could represent the losing
point of axial load carrying capacity of the column (Hiraishi 1990, for example). This method
was also applied to specimens without cyclic effect in this paper.

iii)Empirical equation: Empirical equation was proposed by Kato (Kato 1996). Edge strain of
core concrete 1.9εcp (εcp : strain at maximum stress point of confined concrete) was assumed
at the ultimate point. This edge strain was obtained empirically using column specimens with
cyclic loading effect. It must be added that it can be also applied for specimens without cyclic
loading effect with equivalent axial load (see Fig. 4).

4. FEASIBILITY OF EVALUATING METHODS

4.1 Specimen Examined
Figure 5 shows the range of properties of 122 reinforced concrete column specimens tested in
Japan. Figure 6(a) shows frequency of subjected axial load of specimens with constant axial load
and Fig. 6(b) shows that of specimens with varying axial load. As explained in Chapter 2,
specimens with constant axial load whose axial load ratio are higher than 1/3 apt to suffer cyclic
loading effect and show smaller deformation capacities. Other specimens (specimens with
constant axial load whose axial load ratio are lower than 1/3 and specimens with varying axial
load) are called specimens without cyclic loading effect in this paper.
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4.2 Concrete Model for Core Concrete Confined by Transverse Reinforcement

In this study the concrete model proposed as a result of the New RC Projects (New RC Project
1993) was used for core concrete confined by square hoop reinforcement. This model was
developed to match with a variety of experimental data conducted not only during the New RC
Projects but by overseas researchers. The maximum strength of concrete and transverse
reinforcement used in examined specimens was 132 and 1109 MPa, respectively. The maximum
stress σp and the strain at the maximum strength εp of confined concrete are expressed as
follows.
σp=σＢ+κ･ρwh･σwy
εc･（1+4.7･(K-1)）

(1)

K≦1.5

εp＝

(2)
εc･（3.35+20･(K-1.5)）

K＞1.5

κ=11.5･(dw/c)･(1-0.5･s/je)
εc=0.93(σＢ)１／４･10−３

（σＢ:MPa）

K=σp/σＢ

where, σＢ denotes strength of plain concrete(MPa), c denotes length between effective supports
of hoop, εc denotes axial strain at maximum point of plain concrete, ρwh denotes volumetric
ratio of reinforcement to concrete core, je denotes core depth (mm), σwy denotes yielding
strength of hoop (MPa, σwy<687MPa), dw and s denote diameter and spacing of hoop (mm).

4.3 Safety Limit Determined by Shear Failure after Flexural Yielding (Rp)

Losing point of axial load carrying capacity of the column is not only determined by flexural
failure but shear failure after flexural yielding. In this study deflection angle to lose axial load
carrying capacity due to shear failure was assumed to be obtained as Rp value proposed by
Architectural Institute of Japan (1990). The Rp value was originally proposed as deformation
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capacity determined by shear failure after flexural yielding.

4.4 Comparison between Calculation and Experiment

4.4.1 Operation limit state

Figure 7 shows the relations between deflection angle at commencement of crushing of cover
concrete observed during the test and calculation. Only specimens conducted in Niigata Univ. are
compared because commencement of crushing of cover concrete was not usually described in
previous papers. The result indicates that calculated crushing point of cover concrete is
conservative and it seems effective for design equation.

4.4.2 Repair limit state

Figure 8 shows the relations between deflection angle at commencement of crushing of core
concrete observed during the test and calculation. However commencement of crushing of core
concrete could hardly be observed during the tests. From this reason in Figure 8(a) experimental
data were replaced by points where first revealing of reinforcement were observed during the
tests. In order to compare with more experimental data, maximum strength point was chosen as
the test result for this limit state in Figure 8(b). Calculation is found to be conservative for both of
two kind of experimental data, which means it seems effective for design equation.

Figure 9 shows comparison between observed limit states. Figure 9(a) compares deflection angles
at maximum strength with those when commencement of crushing of cover concrete was
observed during the test, which indicates the latter are roughly half of the former. Figure 9(b)
compares deflection angles at maximum strength with those when first revealing of
reinforcement was observed during the test, which indicates the latter are roughly twice of the
former.
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4.4.3 Safety limit state

Figure 10 shows the relations between observed deflection angles when specimens lost axial load
carrying capacities and calculation shown in Section 3.3. It must be noted that both vertical and
horizontal axes were normalized by Rp value to eliminate the effect of deformation capacity
determined by shear failure after flexural yielding. In other words the feasibility of the evaluating
method of Rf should be discussed using the experimental data with Rf/Rp value of less than 1.
The empirical equation is compared with both specimens without and with cyclic loading effect
whereas other two methods are compared with specimens without cyclic loading effect. Those
figures indicates that the calculation shows conservative, which means it seems effective for
design equation.

Figure 11 compares calculated edge strain of core concrete at safety limit state with the strain at
maximum stress of core concrete εcp, which indicates edge strain by empirical equation were
roughly comparable with the result by k1k3max point.

In order to compare with more experimental data, observed deflection angles when restoring
force of specimens degraded to 80% of the maximum strength were chosen as the test result for
this limit state in Figure 12. Note that this deflection angle could represent the observed
deflection angles when specimens lost design lateral load in the previous study (Kato 1996). The
empirical equation is found to be conservative whereas other two methods are not conservative.

5. CONCLUSIONS

(1) Crushing point of cover concrete corresponds to operation limit state. Calculated crushing
point was found to be conservative for operation limit state and effective for design equation.

(2) Crushing point of core concrete, which corresponds to repair limit state, can be replaced by
maximum strength point. Calculated crushing point of core concrete was found to be
conservative for repair limit state and effective for design equation.
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(3) Deflection angles when specimens lose axial load carrying capacities correspond to safety
limit state. Three calculated deflection angles were found to be conservative for safety limit state
and effective for design equation.

(4) Observed deflection angles when specimens lose design lateral can represent safety limit state.
Calculated deflection angles by empirical equation were found to be conservative for observed
deflection angles when specimens lost design lateral force whereas other two method were found
to be not conservative.
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SEISMIC EVALUATION OF WAFFLE SLAB SYSTEMS FOR
INDUSTRIAL FACILITY
Khalid M. MOSALAM1, Clay J. NAITO2 and Erik KUNKEL3
ABSTRACT
This paper presents an experimental investigation for the seismic evaluation of the
structural performance of reinforced concrete waffle slab systems commonly used in
industrial facilities. For the purpose of equipment installation and usage, circular
perforations and sometimes discontinuous concrete walls are encountered. In this way,
the system behaves as a grid-like floor supported on columns and partially infilled frames.
Accordingly, Concerns related to the performance of such systems when subjected to
large gravity load in conjunction with seismic loading motivated the experimental
investigations. Two types of subassemblies were tasted. The first focused on the bidirectional seismic response of grid/column system while the second was concerned with
grid/partially infilled frame system subjected to unidirectional loading parallel to the infill
wall. Ductile response of the first subassembly was observed with formation of column
plastic hinging. In the second subassembly, depending on the selected simulated soil
model in the test setup, two distinct modes of failure were obtained, namely, punching
failure of the waffle for flexible soil or formation of short column mechanism for stiff soil.

1. INTRODUCTION
Several existing high technology fabrication plants in western United States were
mainly designed for the weight of heavy sensitive equipments and for limiting their
exposure to micro-vibrations. Accordingly, deep waffle slab floors with span to depth
ratio of approximately five were generally selected. In addition, reinforced concrete
walls were sometimes constructed between columns to reduce lateral deformations. For
accessibility to both sides of the floor for equipment installation and usage, perforations
were commonly introduced between the joists of the waffle slabs rendering the floor
system a grid-like structure. Moreover, walls were sometimes terminated approximately
2 ft (610 mm) below slabs leading to structural action similar to partial infill walls.
1
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The gravity load design approach of the perforated waffle slab system leads to absence
of shear reinforcement in the joists off the column gridlines. Moreover, the large gravity
loads due to equipment weight and the possible earthquake loading lead to two major
concerns. The first is the possible loss of gravity load resistance especially if shear
failure takes place in the floor system where the shear stress in the slab at the slabcolumn connection may be high enough to cause punching failure. The second concern
is due to the expected formation of short column mechanism in the laterally
unsupported length of the columns adjacent to the partial infill walls.
The selected prototype building is an industrial facility where large gravity load due to
heavy equipment should be supported. It consists of a single reinforced concrete waffle
slab floor with circular perforations between the joists. The floor is directly supported
on reinforced concrete circular columns and in some locations on partially infilled
frames as shown in Figure 1 where two regions are identified. Region 1 represents
grid/circular column system while Region 2 is a grid/partially infilled frame system.

Figure 1: Isometric view of the prototype building
2. TEST SUBASSEMBLIES
Four subassemblies (A1 & A2 for Region 1 and B1 & B2 for Region 2) were tested
with 60% scale in inverted positions. Concrete geometry and reinforcement details for
group A subassemblies are shown in Figures 2 to 4 where half bay on all four sides of
the column and half the column height are modeled. For group B, Figures 5 to 7
represent the geometry and details with full bay modeled including half bay on all four
sides of the partially infilled frame. Material properties of the used concrete and
reinforcing steel are listed in Tables 1 and 2, respectively.
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Figure 2: Plan view of group A subassemblies

Figure 3: Sectional elevation of group A subassemblies

Figure 4: Reinforcement details of joists in group A subassemblies
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Figure 5: Plan view of group B subassemblies

Figure 6: Front elevation of group B subassemblies

Figure 7: Cross-section details of group B subassemblies
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Table 1: Average concrete material properties
Subassembly
A1
A2
B1
B2

Location

f’c [MPa]

f’t [MPa]

Ec [MPa]

29.0
32.7
34.5
30.1
32.7
31.7
30.1
32.2

2.6
2.9
3.2
2.8
2.4
2.8
2.8
2.8

19900
22500
20400
19100
23.3
23.9
20.4
21.0

Waffle slab
Column
Waffle slab
Column
Waffle slab
Columns and wall
Waffle slab
Columns and wall

Table 2: Reinforcing steel material properties
Bar

Reinforcement usage

Grade

fy [MPa]

εy

fu [MPa]

#2

Joist and column stirrups

N.A.

394

0.0020

519

#3
#3

Column stirrups
Joist, columns, and wall (longitudinal)

A615
A615

533
438

0.0027
0.0022

743
710

#5

Column longitudinal bars

A615

477

0.0024

744

A preliminary analytical study was conducted to determine the appropriate boundary
conditions of the subassemblies. The adopted approach attempted to match the bending
moments and shearing forces at the critical sections of the subassembly with those from
a larger building model. This analytical study of the boundary conditions was based on
simplified linear elastic analysis where gravity loads consisting of 12 kN/m2 dead load
and 12 kN/m2 live load were applied. The corners of the subassemblies were prevented
from translations and allowed rotations in the three global directions. Several
configurations of the boundary conditions were considered. These configurations
included different arrangements of the locations of vertical roller supports (indicated by
the ⊗ mark in Figure 8) which prevent vertical translation only. The building and the
subassembly models were subjected to the full gravity load and representative lateral
target deformation according to the recommendations by FEMA-273 (Mosalam and
Naito, 2000a). The shear forces and bending moments at different sections in the joists
were compared and accordingly the models shown in Figure 8 for groups A and B gave
the best match with the results obtained from the analyses of the building models.
Schematics of the test setup and loading protocols for both groups A and B are given in
Figure 9 with the displacement values listed in Tables 3 and 4. Complete discussions on
the development of the test specimens and their loading protocols can be found in
(Mosalam and Naito, 2000a) and (Mosalam and Naito, 2000b).
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Figure 8: Boundary conditions for the waffle slab subassemblies

Figure 9: Subassembly type A bi-directional displacement pattern

Figure 10: Subassembly type B unidirectional displacement pattern
Table 3: Applied displacement history for group A subassemblies
Cycle Group #
Drift Ratio [%]
Pattern
Cycle Group #
Drift Ratio [%]
Pattern
Cycle Group #
Drift Ratio [%]
Pattern

1
0.09
A
8
1.01
A
15
0.15
B

2
0.15
A
9
0.15
B
16
3.48
A

3
0.27
A
10
1.20
A
17
4.14
A
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4
0.43
A
11
1.40
A
18
0.15
B

5
0.58
A
12
0.15
B
19
6.84
A

6
0.72
A
13
2.10
A
20
0.15
B

7
0.84
A
14
2.79
A
21
11.04
A

Table 4: Applied displacement history for group B subassemblies
Cycle #
Drift [%]
Cycle #
Drift [%]

1-2
0.07
15-16
0.90

3-4
0.13
17
0.13

5-6
0.26
18-19
1.10

7-8
0.41
20-21
1.27

9-10
0.53
22
0.13

11-12
0.65
23-24
1.90

13-14
0.78
25
0.13

4. MODELLING SOIL STIFFNESS FOR GROUP B
To evaluate the effect of soil conditions on the tested subassemblies of group B, a
detailed nonlinear finite element (FE) model was developed are illustrated in Figure 11.
This FE model accounts for cracking and plastification of the concrete. The
reinforcement is modeled using embedded reinforcing bars, which add stiffness and
strength to the concrete FE’s. In the FE analysis, the soil stiffness is accounted for using
the recommendation of FEMA-273 (Mosalam and Naito, 2000b).

Figure 11: FE model of group B test subassembly
For soil shear modulus Gs and Poisson's ratio νs and columns supported on rectangular
footings with length L and width B with foundation shape factor α and embedment
factor β, the soil spring constant k = α β [4 Gs R (1 − ν s )] with R = B L π is determined.
Using typical values, the soil spring constant k = 1714 kN/cm. Another solution to
determine the unit sub-grade spring coefficient k sv = 1 .3 G s B (1 − ν s ) is based on the
assumption of flexible foundation. In that case, the soil spring constant k = 835 kN/cm.
Four cases are considered in the FE analytical study: (1) Infinitely stiff soil, i.e. rotation
of the footing is prevented with k = ∞ , (2) Finite soil stiffness with k = 1714 kN/cm and
(3) k = 835 kN/cm, and (4) Free rotation of the footing, i.e. no soil effect with k = 0.
Introducing flexible supports at the column end is similar to changing its axial load with
the applied lateral displacement. Accordingly, column axial loads were varied to control
the rotation of the top beam (footing) in the test setup. Comparison between the
analytical soluttions of the determined column loads in the tension and compression
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sides for the studied four cases is presented in Figure 12. It is to be noted that the case
of free rotation of the top loading beam is shown as constant column load at 136 kN. In
this study, to model the soil flexibility, the sum of the two column loads were kept
constant at 2 x 136 = 272 kN, with column loads varying as functions of the applied
displacement as illustrated by the idealized loading of Figure 12. Two cases were
adopted for the experimental study; the first, evaluated in specimen B1, investigated the
behavior under free rotation, the second, evaluated in specimen B2, investigated the
behavior of the specimen with a finite soil stiffness of approximately 835 kN/cm.
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Figure 12: Analytical solutions for the column loads (compression is positive)

5. RESULTS AND DISCUSSIONS
For group A, the two specimens A1 and A2 were identical to investigate repeatability of
results. Results from specimen A2 is reported herein. The photographs in Table 5
present the progression of main events. The full-scale load-drift ratio response is shown
in Figure 13. From this figure, one observes the strength and stiffness degradation due
to cycling and the dissipation of hysteretic energy. The East-West direction is lower in
strength and stiffness than the North-South direction due to the selected loading path
(cycles in the North-South were applied first). Moment-rotation relationships for the
plastic hinge response are developed using the two techniques shown by the insert of
Figure 14. This figure compares the experimental relationships (after scaling them to the
full-scale dimensions) with the analytical predictions based on section analysis. The
plots of Figure 14 demonstrate that the analytical model over-estimated the response
compared with the backbone curve. This difference is expected since the backbone
curve accounts for cyclic loading effects, which are not included in the section analysis.
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Table 5: Damage progression in subassembly A2

2.8% Drift – Cracking on column and joists

3.5% Drift – Spalling from interface into joists

6.8% Drift – Excessive spalling

11% Drift – Column bars buckling & fracture

Column Shear Full Scale [kN]

100

50

0

−50

North−South
East−West

−100
−10

−5

0
Drift Ratio [%]
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Figure 13: Load–drift ratio relationships for subassembly A2
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Figure 14: Circular column plastic hinge models for subassembly A2
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The method used for modeling soil stiffness in subassembly B2 was successful in
reducing the footing rotation as demonstrated by the comparison of Figure 15. The loaddisplacement relationships for specimens B1 and B2 are shown in Figure 16, which
indicates symmetric response for B1 and asymmetric one for B2. This is attributed to
the obtained modes of failure of B1 and B2 as discussed subsequently. Higher peak load
in the positive (North) direction is observed for B2 since the North column of B2 did
not punch through the slab and instead failed in compression-shear manner.
B1
B2

400
300

Lateral Load [kN]

200
100
0
−100
−200
−300
−400
−0.0002

−0.0001

0
0.0001
Footing Rotation [rad]

0.0002

Figure 15: Lateral load–footing rotation relationships for group B
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200
100
0
−100
−200
−300
−400
−6

−4

−2
0
2
Lateral Displacement [cm]

4

6

Figure 16: Lateral load–displacement relationships for group B
Damage of group B specimens followed a similar progression. Damage initiated with
formation of flexure cracks in the longitudinal joists (i.e. joists parallel to the plane of
the wall) due to the gravity loads. This was followed by formation of flexure cracks
along the interfaces between the columns and the waffle slab. Subsequently, formation
of flexure cracks within the laterally unsupported length of the columns took place with
increase of cracking along the column height. Formation of flexure-shear cracks in the
joists occurred due to torsional effects in the transverse joists (i.e. joists perpendicular to
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the plane of the wall). Moderate shear cracks within the laterally unsupported length of
the columns formed and extended along the compression diagonal of the walls. Failure
modes of specimens B1 and B2 differed as shown in Figure 17. Ultimate response of B1
(with free footing rotation) was controlled by a brittle punching failure of the waffle
slab at both columns. The punching failure surfaces are cylindrical and extend in the
transverse direction (Figure 18). The ultimate response of B2 (accounting for soil
stiffness) was controlled by punching of the slab at the South column (comparable to
punching surfaces of B1) followed immediately by shear failure of the North column.

b) North short column failure (B2)

a) North column punching (B1)

Figure 17: Failure mechanisms of group B

0.4
0.2

2.76
B1

1.38

0

0

-0.2

-1.38

-0.4

-2.76

-0.6

-4.14

-0.8
-0.003

-0.002

-0.001

0

0.001

0.002

[MPa]

Shear stress [ksi]

B2

-5.52
0.003

Shear strain [rad]

Figure 18: Punching surfaces of B1

Figure 19: South column results

Envelopes of the shear stress-strain relationships of B1 and B2 are shown in Figure 19.
In this figure, negative shear stress corresponds to the state when the column is under
axial tension. The behavior is asymmetric due to the compression strut action of the
wall and its interaction with the bounding frame elements. Under the combined action
of shear and compression, the column forms a mechanism and is unable to resist any
additional shear load. Conversely, under the combined action of shear and tension, the
columns behave almost elastically and do not soften prior to the ultimate lateral load
capacity of the system.
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6. CONCLUDING REMARKS
From the above results, the following conclusions may be inferred:
1. The dominant mode of failure of group A is formation of column plastic hinging at
the vicinity of the column/waffle slab interface. This took place in a ductile manner
without loss of gravity load resistance up 10% of applied column drift ratios.
2. The perforated waffle slabs of group A suffered minor damage up to 10% applied
column drift ratio. This is due to formation of plastic hinging at the column/waffle
connection. The existence of plane of weakness due to the cold construction joint
between the column and the stiff waffle slab led to early isolation of the waffle slab
floor from the relatively flexible column leading to an overall flexible system.
3. The ductile system response of group A was achieved by proper detailing of the
column/waffle slab connection. The anchorage of column longitudinal reinforcing
bars and concrete core confinement by the column transverse reinforcement shown
in Figure 3 proved to be very effective for achieving the observed ductility.
4. The FE analysis for the effect of the soil stiffness in group B on the footing rotation
was essential for developing realistic boundary conditions of the tested system.
5. The global lateral load-displacement responses of B1 and B2 were comparable. On
the contrary, the local response and mode of failure were significantly affected by
the assumed soil stiffness. Reducing footing rotation (i.e. stiff soil) resulted in a
local compression-shear failure and punching failure. On the other hand, free
footing rotation (i.e. soft soil) resulted in only punching failure.
6. The punching failure in group B took place with cylindrical failure surface
extending in the transverse direction normal to the direction of the lateral loading.
7. Interaction between the partial infill wall and the short column led to asymmetric
shear stress-strain relationships due to the shear-axial interaction. Small demand is
observed with axial compression and elastic response is obtained with axial tension.
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ULTIMATE LIMIT STATE OF RC COLUMNS

Manabu YOSHIMURA1 and Noriyuki YAMANAKA2

ABSTRACT
During the 1995 Kobe earthquake, about thirty concrete buildings, mostly steel encased RC
construction, suffered complete collapse at an intermediate story. Such collapse is believed to
be due to that columns at a certain intermediate story underwent severe shear failure and
eventually came to be unable to sustain their axial load. To study this, seismic tests of RC
columns subjected to rather low axial load corresponding to the intermediate story were
conducted. The ultimate limit state, as was defined in this paper as a state of the loss of axial
load carrying capacity or collapse, was mainly discussed. The major findings from the study
are as follows:
(1) The lateral deformation, axial deformation and input energy at the ultimate limit state vary
depending on the deformation path imposed on each specimen, in other words, it can not be
said that the collapse occurs when any of them reaches a certain value.
(2) On the contrary, the deformation increment ratio, ratio of vertical deformation increment to
lateral deformation increment, at the ultimate limit state does not vary depending on the
deformation path. And the reason for this is explained by plastic theory in such that the collapse
occurs when the failure surface is reduced to a certain size.
(3) The collapse occurs when the lateral load decreases to about 10 % of the maximum load.

1. INTRODUCTION
During the 1995 Kobe earthquake, about thirty concrete buildings, mostly steel encased RC
construction, suffered complete collapse at an intermediate story (Architectural Institute of
Japan, 1998). Such collapse is believed to be due to that columns at a certain intermediate
story underwent severe shear failure and eventually came to be unable to sustain their axial
load. In the past a number of seismic tests of RC columns, where loaded up to the loss of
axial load carrying capacity, were conducted. However, they were mostly those subjected to
high axial load and those subjected to low axial load corresponding to the intermediate story
were very few (Yamanaka and Yoshimura, 2000).

This paper is intended to clarify how RC columns subjected to rather low axial load come to
lose their axial load carrying capacity during earthquake actions. The column’s loss of such
capacity or collapse directly jeopardizes human lives, therefore, is considered the clearest
1
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definition of the ultimate limit state. The discussions to be stated below put main emphasis
on what is a good index to express the ultimate limit state so defined among those such as
reduction of lateral load, lateral deformation, axial deformation, input energy and something
different from them.

2. SPECIMENS AND TEST PARAMETERS

Two test series were planned. One was of a type failing in shear after flexural yielding,
referred to as FS (Flexure-Shear) series, and the other was of a type initially failing in shear,
referred to as S (Shear) series. Specimens of the both series are outlined in Table 1 and their
reinforcement details are shown in Fig. 1. The specimens were rendered a cantilever shape
considering the easiness of loading. Test apparatus is shown in Fig. 2. The loading point was
900 mm high from the column base, 600 mm (height of specimen) plus 300 mm (height of
universal joint). Hereafter lateral deformation is expressed by the deformation measured at
the loading point divided by 900 mm.

A loading manner was test parameter. Four loading manners were considered, as shown in
Fig. 3: (1) monotonic loading to X-direction (1D(Monotonic), FS0 in Table 1), (2) cyclic
loading to X-direction (1D(Cyclic), FS1 and S1), (3) bilateral loading with square
deformation path (2D(Square), FS2 and S2), and (4) bilateral loading with rectangular
deformation path (2D(Rectangular), S2A), where Y-deformation was set half X-deformation.
FS0 was loaded to X-direction until constant axial load could not be maintained. All other
specimens, after a few cycles of loading with small (basically 1% and 2%) deformation

Table 1 Test specimens
Series

FS

S

Specimen
name

Loading manner

FS0
FS1
FS2
S1
S2A
S2

1D (Monotonic)
1D (Cyclic)
2D (Square)
1D (Cyclic)
2D (Rectangular)
2D (Square)
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Shear
span
ratio

Axial stress
level

Flex. st./
Shear st.

3.00

0.26

1.19

2.25

0.20

0.47

levels, were loaded to X-direction with Y-deformation being kept zero until constant axial
load could not be maintained.

Yield stress of main bars and concrete strength were 387 and 27.0 MPa, and 547 and 25.1
MPa, respectively for FS and S series. Yield stress of hoop was 355 MPa for both series.
Axial stress levels were set as 0.26 and 0.20 times as much as concrete strength, respectively
for FS and S series.

Universal joint
Load cell

(1) FS Series
(2) S Series
Fig. 1 Reinforcement details

Fig. 2 Test apparatus

Fig. 3 Loading manners

3. TEST RESULTS AND DISCUSSIONS

As an example, final failure of FS1 and S1 was shown in Fig. 4. All specimens finally lost
their axial load carrying capacity.
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(1) FS1
(1) S1
Fig. 4 Final failure (North face)

3.1 Lateral Load - Lateral Deformation Relations

Lateral load - lateral deformation relations are shown in Fig. 5. Lateral load was estimated
by considering P-Δ effect produced by the axial load and the other lateral load. MLP
(Maximum Load Point) and ULP (Ultimate Limit Point) were defined as a point where
lateral load (estimated by SRSS of two lateral loads for the bilateral loading case) was
maximum and a point where the axial load carrying capacity was lost, respectively.

The deformation and load of FS0 and FS1 at ULP and MLP (the latter case is shown in the
parentheses) were 9.1 % and 19kN (2.0 % and 207 kN), and 8.4 % and 31kN (2.0 % and 198
kN), respectively. And the SRSS deformation and load of FS2 at ULP and MLP were 5.3 %
and 18 kN (1.4 % and 175 kN). The fact that the deformation of FS2 at ULP was pretty
smaller than the other two is believed to be due to the effect of the bilateral loading.

The deformation and load of S1 at ULP and MLP were 8.6 % and 39 kN (-2.0 % and -400
kN). And the SRSS deformation and load of S2A and S2 at ULP and MLP were 8.8 % and
34 kN (1.4 % and 388 kN), and 6.7 % and 31 kN (1.4 % and 378 kN), respectively. The fact
that the deformation of S2 at ULP was smaller than the other two is believed to be due to the
effect of the severe bilateral loading for S2 (the deformation path imposed on S2 was severer
than on S2A).
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Fig. 5 Lateral load - lateral deformation

Fig. 5 Lateral load - lateral deformation relations
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7

9

Dy (%)

3.2 Axial Deformation

Axial deformation - lateral deformation relations are shown in Fig. 6. Axial deformation was
measured at 620 mm high from the column base.

For FS0 the axial deformation first showed elongation and turned into shortening. Axial
shortening at ULP was 5.4 mm. The behavior of FS1 was very close to FS0 (no influence of
the cyclic loading). And for FS2 axial shortening, being accumulated during the bilateral
loading, reached 9.4 mm at ULP, which was larger than the other two.

For S1 the axial shortening, being not much accumulated during the cyclic loading, was
10.3 mm at ULP. The behavior of S2A was very close to S1 (no influence of this type of
bilateral loading). And for S2 the axial shortening, though accumulated during the bilateral
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loading, remained as small as 8.0 mm at ULP, which was smaller than the other two.

Load and deformation data on the ultimate limit state are outlined in Figs. 7 through 10. As
shown in Fig. 8, the lateral load at ULP was from 9.2 to 15.7 % of the maximum load for FS
series and from 8.2 to 9.8 % for S series, indicating for both series that the loss of axial load
carrying capacity occurred when the lateral load decreased to about 10 % of the maximum
load. And Figs. 9 and 10 indicate that the lateral deformation and axial deformation at the
ultimate limit state varied depending on the deformation path imposed on each column. In
other words it can not be said for both series that the loss of axial load carrying capacity
occurred when the lateral deformation or axial deformation reached a certain value (such
trend is more pronounced for FS series).
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Fig. 8 Load at ULP / load at MLP

Fig. 10 Axial deformation at ULP

3.3 Input Energy

The external works of lateral load and axial load (Eh and Ev) were computed. The sum of Eh
and Ev (total energy) and Ev (vertical energy) are shown in Figs. 11.

For FS0 the total energy and vertical energy at ULP were 15 and 3.3 kN･m. For FS1 the total
energy, being accumulated during the cyclic loading, and vertical energy, being not
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accumulated during that period, were 22 and 3.5 kN･m at ULP. And for FS2 the total energy,
being accumulated much during the bilateral loading, and vertical energy, being not
accumulated during that period, were 40 and 5.7 kN･m at ULP.

For every specimen of S series the total energy was accumulated much during the cyclic or
bilateral loading while the vertical energy was not. The total energy and vertical energy at
ULP were from 44 to 51 kN･m and from 5.9 to 7.8 kN･m, respectively.
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Energy data on the ultimate limit state are outlined in Figs. 12 and 13. It can not be said for
both series that the loss of axial load carrying capacity occurred when total energy or vertical
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reached a certain value (such trend is more pronounced for FS series). This result indicates
that the input energy at the ultimate limit state varied depending on the deformation path
imposed on each column. And from the discussions made up to now it is clear that any of the
lateral deformation, vertical deformation and input energy can not be a good index to express
the ultimate limit state.
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3.4 Deformation Increment Ratio

Figure 14 demonstrates the ratio of vertical deformation increment to lateral deformation
increment for FS series. Note that for the simplicity of discussions only the last loading to
X-direction with lateral deformation more than 2% was considered for FS1 and FS2 . This
ratio is called hereafter DI (Deformation Increment) ratio. The graph, though includes some
plots where DI ratio changes very rapidly, show clear tendency that DI ratio increases as the
loading proceeds. DI ratio at ULP ranges from 0.17 to 0.31.
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10

To have a clearer understanding of DI ratio, it was attempted to smooth the observed data.
Figure 15 compares the observed vertical deformation - lateral deformation relations and
smoothed ones. The smoothing was done in such that the observed data were approximated
by a cubic equation using the least square method. The smoothed curve just fits the observed.
DI ratio based on the smoothing is shown in Fig. 16.

DI ratio at ULP is almost equal for

the three specimens. The smoothed DI ratio at ULP is shown in Fig. 17, where the results for
S series are also included. This result indicates for both series that DI ratio at the ultimate
limit state did not vary or that the loss of axial load carrying capacity occurred when DI ratio
reached a certain value (such trend is more pronounced for FS series).
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The reason that DI ratio at ULP was close for each series will be discussed below. Figure 18
shows a conceptual sketch of lateral strength - axial strength interaction curve (failure
surface). Initial failure surface in the figure, which corresponds to the state of MLP, was
depicted such that the points of initial axial compression strength and initial axial tension
strength lay on it. The failure progress occurring after MLP is believed to accompany the
deterioration of concrete, resulting in the reduction of axial compression strength as well as
lateral (shear) strength. But axial tension strength is considered to keep an initial value
because it is not affected by concrete strength. The reduced failure surface in the figure was
depicted by considering the above. One can know from the flow rule in plastic theory that DI
ratio is equivalent to a direction normal to the failure surface. Though exactly speaking DI
ratio has to be evaluated on the basis of plastic deformation, it is not a problem because
elastic deformation is negligible small for this case. As is shown in the figure, as the loading
proceeds (the failure surface is reduced), DI ratio is increasing, which coincides with the
observations. And the fact that DI ratio at ULP was close for each series regardless of the
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deformation path seems to indicate the loss of axial load carrying capacity occurs when the
failure surface is reduced to a certain size.

Fig. 18 Reduction of failure surface and changes of deformation increment ratio

It was attempted to estimate how the failure surface was reduced. Figure 19 shows the
results estimated for FS series at some specified load points: DI of 0.0, 0.1 and 0.2, and ULP.
For the estimation the followings were assumed:
(1) Failure surface is idealized as ellipse.
(2) Axial tension strength is not to change.
(3) The specified load point lies on the failure surface.
(4) DI value observed at the specified load point gives a direction normal to the failure
surface.
This figure is considered to show the reduction process of failure surface up to the ultimate
limit state. The failure surface at the ultimate limit state is fairly close for the three
specimens.
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4. CONCLUSIONS

The seismic tests of RC columns subjected to rather low axial load were conducted to clarify
the ultimate limit state, as was defined as a state of the loss of axial load carrying capacity or
collapse. The major findings from the study are as follows:
(1) The lateral deformation, axial deformation and input energy at the ultimate limit state
vary depending on the deformation path imposed on each specimen, in other words, it
can not be said that the collapse occurs when any of them reaches a certain value.
(2) On the contrary, DI ratio, ratio of vertical deformation increment to lateral deformation
increment, at the ultimate limit state does not vary depending on the deformation path.
The reason for this is explained by plastic theory in such that the collapse occurs when
the failure surface is reduced to a certain size.
(3) The collapse occurs when the lateral load decreases to about 10 % of the maximum load.
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ABSTRACT
Using the database consisting of 236 R/C column specimens conducted in Japan, the
characteristic behaviors of strengthening by fiber wrapping were analyzed. The following
findings were obtained: (1) The amount of shear reinforcement, the span to depth ratio, the
axial compressive stress level influence on the strength and deformation capacities of
retrofitted columns by fiber sheet wrapping (2) Shear strength of retrofitted columns can be
predicted by previous design equations based on the strut and tie models as same as for usual
R/C columns, in which the effective fiber strains of about 1% is appropriate. (3) There are few
test data about the confining effect of fiber sheet wrapping on bond resistance of longitudinal
bars. Further research effort is required to evaluate the shear strength of columns governed by
the splitting of cover concrete along longitudinal bars. (4) The ductility ratio can be roughly
estimated as a function of the shear to flexural strength ratio. (5) For the specimens with plain
round longitudinal bars, the previous equations based on the strut and tie model cannot be
applied because of the poor bond capacity.

1. INTRODUCTION

In the past ten years, a lot of experimental research has been conducted around the
strengthening of RC columns by fiber sheet wrapping in Japan. To develop the design
guidelines, the committee for ‘Structural Use of New Fiber Reinforcing Materials’ in
Architectural Institute of Japan (AIJ) has been collecting the test data. This paper reports on
the database analysis of column capacities and the applicability of current R/C design
equations for shear and splitting bond failures. The characteristic behavior and the
* This report was presented at International Symposium on Fiber-Reinforced-Plastic Reinforcement for
Concrete Structures (FRPRCS4) held at Baltimore, US in 1999.
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strengthening effect by fiber sheet wrapping are discussed. For the strengthened specimens
preceded by flexural yielding, the improvement of ductility by fiber sheet wrapping is
analyzed.

2. CONTENTS OF DATABASE

The compiled database contains a total of 236 column specimens with rectangular sections.
Table 1 shows the classification of the data regarding the types of the strengthening method
and the observed failure modes. Table 2 shows the variations of the experimental parameters.
Table 1 Classifications of regular column data
Specimens
types
yielding

flexural
failure

shear
failure

bond
failure

shear failure
after flexural

total

RC
Carbon Wrap
Aramid Wrap
Steel Jacket

3
32
11
11

27
41
20
3

4
9
0
1

9
20
11
1

53
102
42
16

total

57

101

14

41

213

Table 2 Variations of experimental parameters
concrete
strength

sheet
reinf. ratio

σB (MPa) pwf (%)

shear span
tensile
to depth ratio reinf. ratio

axial
column
stress ratio depth

M/VD

pt(%)

P/AcσB

D (mm)

min.-max.

17-37

0.01-0.45

1.5-6.0

0.5-2.5

0.0-0.6

200-600

frequent range

21-30

0.04-0.10

1.5-2.0

1.0-1.5

0.1-0.2

200-300

3. MECHANICAL PROPERTIES OF FIBER SHEET

The fiber types used in the experiments are limited to carbon and two types of aramid fibers.
Figure 1(a) and (b) show the comparisons between nominal and experimental mean values of
the tensile strength and the modulus of elasticity of fiber sheet. The nominal tensile strength
is smaller than the measured mean experimental values. Nominal strength is the
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manufacture-guaranteed catalogue value considering the safety allowance of 3σ (σ: standard
deviation). It is noted that the tensile strength of fiber sheet is defined for the total sectional
area of only fibers not including the binding epoxy-resin. On the other hand, the nominal

7

4.5

6

3.5
3

Carbon

2.5

Aramid

2

5

2

4

(x10 GPa)

3

Experimental Modulus

5

(x10 MPa)

Experimental Strength

value of the modulus of elasticity closely coincides with the experimental mean values.

4
3
2
0

2 2.5 3 3.5 4 4.5 5
3
Nominal Strength (x10 MPa)
(a)Tensile Strength

Carbon
Aramid

1

0 1 2 3 4 5 6 7
2
Nominal Modulus (x10 GPa)
(b) Modulus of Elasticity

Fig.1 Mechanical Properties of Fiber Sheet

4. IMPROVEMENT OF SHEAR AND BOND STRENGTHS

Effective shear reinforcement amount -- Tests indicate that the shear strength improvement is
larger for the specimens with carbon fibers than aramid fibers because of the different
modulus of elasticitiy. To evaluate the shear strengthening effect it is convenient to define
the effective shear reinforcement amount pweσwe,
p we σ we = p ws σ sy + p wf E f ε f

(Eq.1)

Where, pws and pwf : the reinforcement ratio of steel hoops and fiber sheet,
Ef : modulus of elasticity of fiber sheet,
σsy : yield strength of steel hoops,
εf : effective fiber strain
The observed fiber strain at maximum shear is usually less than its potential elongation
capacity because of the elastic property of fiber reinforcement. In this study, a constant value
of 1.0% as the effective strain εf is used for the analysis as the first step, which is the roughly
estimated average value of the measured fiber strains in shear cracking regions in several
previous test specimens.
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Applications of previous R/C shear strength equations -- The shear strength equation (Eq.2)
in AIJ Design Guideline(1) was used in the analysis.
Vcal = b jt pwσwy cotφ + tanθ (1−β) b D νσΒ / 2

(Eq.2)

Where tanθ = {(L/D)2+1}0.5−L/D

(Eq.3)

β = {(1+cot2φ) pwσwy } / (νσB)

(Eq.4)

b, D: width and overall depth of the section
jt: distance between the top and bottom bars;
L: clear span of the member;
σB: compressive strength of concrete,
σwy: strength of the shear reinforcement,
pw: shear reinforcement ratio,
2
ν = 0.7−σB /200 (in N/mm ): effective concrete compressive strength,
φ: angle of the compressive strut in the truss mechanism,
cotφ : minimum of (2.0, jt /(Dtanθ) , {νσB / (pwσwy)−1}0.5 )
ｐw σwy

Va

Compression Strut

θ

Vt

D/2

jt

φ

D/2

Vt

L
L
(a)Truss action

Va

(b)Arch action

Vｔ＝b jt pwσwycot φ

Va=tanθ (1‐β) bD ν σΒ

dx
Stirrup force
pwσwy bdx

Strut force
σct b sin φ dx

φ

Required bond force
pwσwy b cot φ dx(= τ bu Σo dx)

sin φ dx

(c) Equilibrium in
truss action

Fig.2 Concept of Applied Shear Strength Equation (AIJ Design Guidelines)

Figure 2 illustrates the truss and strut action on which the equation is based. Here, the shear
reinforcement amount pwσwy was replaced by pweσwe (Eq.1) with εf =0.01. Figure 3 shows the
comparisons between the calculated strength Vcal and the experimental maximum shear loads
Vexp of the 101 specimens, which failed in shear before flexural yielding. For all the
specimens, the average ratio of Vexp/Vcal is m=1.13 with standard deviation σ=0.36. On the
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other hand, the individual average ratios of Vexp/Vcal are 1.31 for the specimens with usual
hoops and/or steel jackets, 0.98 with carbon fiber wrapping and 1.07 with aramid fiber
wrapping respectively. It indicates that the effective strains of fiber sheets εf in Eq.1 should
be taken as less than 1% and/or the upper reinforcing limit should be introduced to give the
same safety factor as for the usual RC columns. It is noted that the data includes the
specimen with high-modulus carbon fiber sheet (Ef=650GPa), which is highly
over-estimated (Vexp/Vcal=0.58). It failed in much a brittle manner because the breakage of
fibers progressed rapidly along the diagonal cracks. The small elongation capacity of the
high-modulus carbon fibers affects the shear capacity.
Figure 4 shows the average fiber strains at maximum loads reported in several papers.
Similar notice should be taken for aramid fibers (Ef =80-120GPa), whose effective strain is
somewhat higher than carbon fibers. The effectiveness of fibers decreases with an increase
of reinforcement amount. The analysis shows that the strength equation for RC is
fundamentally available for retrofitted columns by fiber wrapping using the modulus of
elasticity of fibers. However, the influence of characteristic natures of each fiber type, such
as the small elongation capacity, the poor resistance against the direct shear and the smaller
strength at the bent portions etc. should be taken into account.

For all: m=1.13 σ=0.32

0.02
Observed average
fiber strain

50
Vexp (x10 kN)

40
30
20
Carbon (m=0.98)
Aramid (m=1.07)
Steel (m=1.31)

10
0

0

10

20
30 40
Vcal (x10kN)

50

Fig.3 Comparisons between Calculated
and Measured Shear Strength

Carbon
Aramid

0.015
0.01
0.005
0

0

0.2
0.4
pwfEf (GPa)

0.6

Fig.4 Observed Average Fiber
Strain at Maximum Shear
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(c) Effect of column width

(d) Effect of column longitudinal reinf.ratio

Fig.5 Effects of Several Parameters on Shear Strength

Effect of several parameters on shear strength -- Figure 5(a), (b), (c) and (d) show the
variations of measured to calculated shear strength ratios of specimens that failed in shear
against shear reinforcement amount (pweσwe), column axial stress to concrete strength ratio
(P/AcσB), column width (B) and longitudinal reinforcement ratio (pg) respectively. It is
significant that the larger pweσe, the smaller the ratio of measured to calculated strength. It
suggests that the fiber strain at shear failure becomes smaller as the pweσwe becomes larger,
which coincides with the finding in Fig.4. The strength equation tends to over-estimate the
shear strength for specimens with larger pg, which indirectly means worse bond properties of
longitudinal bars. The influences of B and P/AcσB on shear strength are not clear.
Considering that the fiber sheet in one-directional strengthening material and the form of
external wrapping, it is important to add the data of large scaled specimens.

Splitting bond failures of columns -- In Japanese design practice, it is considered that the
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bond failure along column longitudinal bars is one of the brittle failure modes to be
prevented. Referring to Figure 2(c), maximum shear force transferred by the truss action is
limited by either of the shear reinforcement force, the bond force or the compressive
capacity of diagonal concrete strut. If the bond stress reaches the critical value (τbu) first, the
contribution of truss action is given by
Vbond = τ bu ⋅ Σo ⋅ j t

(Eq.5)

Where Σo : total nominal perimeter of the bars
jt : distance between the compressive and tensile longitudinal bars
Shear strength governed by the splitting bond failure Vbu can be evaluated by replacing the
first term of Eq.2 with Eq.5. The splitting bond strength τbu was given by the equation
proposed by Morita et al.(2), ignoring the effect of fiber sheet wrapping on bond. (The
Orangun, Jirsa and Breen’s equation (3) will give similar bond strengths.) Assuming the
angle φ=45 degree in truss action, the shear strengths were predicted for 115 data. (Fourteen
specimens failed in bond were added to 101 shear-failure specimens.). Here, the calculated
value is given as the smaller value between shear strength Vsu by Eq.2 and the bond
governed shear strength Vbu. Figure 6 shows the result. Comparison with Figure 3 indicates a
considerable number of specimens are judged as bond failure. It suggests that it is important
to consider the bond capacity for shear strength evaluation. The effect of fiber sheet
wrapping on bond strength should be made clear. Recently conducted research reported that
the fiber sheet wrapping was more effective than hoops by several times, when the bond
strength increment was formulated by the function of the sectional area of transverse
reinforcement (not including the fiber strength in the bond strength equation).
60
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50
40
30
20

Carbon
Aramid
Steel

10
0
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40

50

60

min(Vsu ,Vbu )(x10 kN)

Fig.6 Comparisons between Measured and Calculated Strengths
Considering Bond Failure
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5. DUCTILITY OF STRENGTHENED COLUMNS

Database contains the information on load-deformation curve of each specimen. The
ductility factor µexp is defined by,
µ exp =

Ru
Ry

(Eq.6)

Where, Ry : deflection angle at yielding of longitudinal bars,
Ru : deflection angle in the envelope curve when the load decreased to 85% of the
maximum.
Figure 7 shows the relationships between the ductility factors and the calculated shear to
flexural strength ratios (Vsu/Vmu) of the 98 specimens subjected to load reversals of inelastic
range. Here, the shear strength Vsu was calculated by Eq.2 with εf =0.01. The flexural
strength Vmu was calculated by the Japanese practical design equation. There is a tendency
the larger the ratio Vsu/Vmu, the larger the µexp. Selecting the 41 specimens that failed in shear
or bond after load reversals in plastic range, the Vsu/Vmu vs. µexp relationships were plotted in
Figure 8. The linear regression analysis gave Eq.7 for a rough prediction of ductility.
µ cal = 2

V su
+ 0 .7
Vmu

(Eq.7)

To investigate the reasons of the scatter shown in Figure 7, the variations of the measured to
calculated ductility ratios (µexp/µcal) against several influencing factors were plotted in Figure
9(a), (b) and (c). These figures indicate that the Eq.7 has a tendency to over-estimate the
deformation capacity for the specimens with larger axial compressive stress level (P/AcσB),
for the specimens with larger transverse reinforcement amount (pweσwe), and for the
specimens with smaller span to depth ratio (M/VD). Modification of the effective fiber
strain depending on the fiber type and the reinforcement ratio is required in shear strength
equation and the reduction should be considered for short columns and for columns
subjected to high compressive load in ductility assessment. In addition, the damage of bond
resistance of longitudinal bars, which has not been considered in the analysis, is also
important because the bar slip due to bond failure causes significant degradations of the
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stiffness and energy dissipation capacity.
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6. COLUMNS WITH PLAIN ROUND BARS

There are 23 column test data with plain round longitudinal bars. For such columns, the
shear strength contribution by truss action is very small due to poor bond property, which
means that the Eq.2 cannot be available directly. In Japan, the empirical equation proposed
by Arakawa (5) has been used widely in practical design, which was based on many test data
including the data with plain round bars. The equation is given by
æ 0 .53 pt 0 .23 (σ B + 180 )
ö
0 .1 P
. p we σ we ÷÷ ⋅ b ⋅ j +
V Arakawa = çç
+ 27
Ac ⋅ σ B
è M / (V ⋅ d ) + 0 .12
ø

(Eq.8)

Where pt: longitudinal tensile reinforcement ratio, P: column axial load
b: column width, j: internal lever arm (=7d/8), Ag: overall column area
(cm in length, kgf in force and kgf/cm2 in stress)
Figure 10(a) and (b) shows the applicability of the equations, Eq.2, and Eq.8 to the data,
where the shear reinforcement amount with effective fiber strain of 1.0% was used.
Arakawa’s equation predicts the strength comparatively well apparently. However, the
function of square root of pweσwe in the equation result in the calculated values are not
sensitive to the reinforcement amount, which seems unrealistic. The behaviors of these
specimens are quite different from columns with deformed bars. Most specimens showed the
comparatively large deformation capacities in envelope curves without clear observation of
flexural yielding at critical sections, although the stiffness in load-deflection curves and
energy dissipating capacity are low. The concrete crush and fiber sheet breakage at the
column ends is the final failure patterns without significant damages in the mid-span. It
indicates that the roles as the confinement for the compressive concrete and against buckling
of longitudinal bars might be larger in addition to the shear reinforcing effect. The different
treatment for flexural and shear strength evaluations and the different ductility assessment
considering the poor bond property should be established.
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Fig. 10 Strength Evaluation for Specimens with Plain Round Bars

7. CONCLUSIONS AND FUTURE RESEARCH NEEDS

Based on the analysis of the 236 column retrofitting test data conducted in Japan, the
following findings were obtained:

(1) Shear strength of retrofitted columns using fiber sheet can be predicted by previous
equations for R/C columns. Consideration of the modulus of elasticity and the effective
strain around 1% of fiber sheets seems essential.

(2) The effective strain in fibers at maximum load becomes smaller for columns with larger
shear reinforcement ratio. The effective strain of aramid fiber (Ef =80-120GPa) is higher than
that of carbon fiber. Quantitative evaluations of these behaviors improve the applicability of
strength equation.

(3) Use of high modulus type carbon fiber sheet (Ef =400 or 600GPa) did not give the larger
shear capacity..

(4) There are few test data about the effect of fiber sheet wrapping on bond resistance of
longitudinal bars. Further research effort is required.
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(5) The larger the shear to flexural strength ratio, the larger the ductility factor. For short
columns and columns with high compressive stress level, the ductility factor is decreased in
comparison with regular columns.

(6) In the case of columns with plain round bars, the effect of fiber wrapping is different. The
rational evaluation of flexural and shear capacities considering the poor bond property is
required.
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ON THE DEFORMATION CAPACITY OF REINFORCED
CONCRETE COLUMNS SUBJECTED TO LATERAL SHEAR
REVERSALS INTO THE NONLINEAR RANGE
Julio A. Ramirez1 and Turel Gur2
ABSTRACT
Several approaches to proportion reinforced concrete columns to resist lateral shear reversals into
the nonlinear range are reviewed. Two types of approaches are discussed in this paper. The first
group consists of models specifically addressing the reinforced concrete column shear strength.
The second type of approach aims at estimating the amount of transverse reinforcement from a
single hypothesis for concrete failure under the combined effect of normal and shear stresses. The
approaches discussed are applied in the evaluation of an elevated highway pier.

1. INTRODUCTION
The current seismic design philosophy allows nonlinear behavior of the structure to
reduce strength requirements. This implies that the structure must be able to retain its
integrity under cycles of displacement into the nonlinear range. Often, columns become a
critical source of energy dissipation. Experimental observations have shown that if a
reinforced concrete column is subjected to cycles of shear reversals into the range of
nonlinear response, the displacement limit at which it can sustain the lateral shear
corresponding to its yield strength tends to decrease compared with the displacement
limit for monotonically increasing load. Priestley et al. (1994) referred to this failure
mechanism as a ductile shear failure, where a degree of ductility develops hinges in the
column before shear failure occurs. A number of variables have been identified as
playing a role on the capacity of a column to withstand lateral shear reversals. Among
those, the magnitude of axial and shear stresses, the strength of concrete and steel, the
displacement history, and the amount and configuration of the reinforcement are
important. In this paper, two approaches for proportioning columns to resist lateral shear
reversals into the nonlinear range are examined. One approach considers the shear
strength required. Five shear strength models for columns are summarized under this
heading. A second approach aims at calculating the required amount of transverse
reinforcement for a given maximum drift. The amount of transverse reinforcement is
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determined as a function of the axial load, shear force, drift, and the dimensional and
material properties of the given column.

2. SHEAR STRENGTH MODELS
The shear models reviewed are:
•
•
•
•
•

ACI 318-99 Code
FEMA 723 (1997)
Moehle, Elwood, and Sezen (2000)
Priestley, Verma and Xiao (1994)
Standard Specification for Design and Construction of Concrete Structures,
JSCE 1986, Part 1 (Design)

2.1 ACI 318-99 (U.S. Customary)
The ACI 318-99 considers separate contributions from the concrete, Vc, and the
transverse steel reinforcement, Vs, to the nominal shear strength, Vn. The effect of
increasing displacement demand into the nonlinear range is included in a simplified form.
The ACI 318-99 calls for the shear strength, Vc, attributed to the concrete to be ignored in
regions where yielding is likely to occur in connection with inelastic lateral
displacements provided that:
•
•

The maximum calculated lateral shear force resulting from considering
earthquake induced forces exceeds more than _ of the total required strength,
and
The factored axial compression force is less than 0.05f’cAg

For columns with axial loads equal to or greater than 0.05f’cAg, the equations to estimate
the shear strength are as follows:
Vn = Vc + Vs

(1)


P 
Vc = 21 +
 f 'c bw d
 2000 Ag 

(2)

Vs =

Av f yv d

(3)

s

where Vn = nominal shear strength, Vc = contribution from concrete, Vs = contribution
from tie reinforcement, P = axial load, A g = gross concrete area, f’c = concrete
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compressive strength (psi), bw = width of the section, d = effective depth, Av = area of tie
steel crossing the potential failure crack within the spacing, s, and fyv = yield strength of
the tie steel. In the U.S. the concrete contribution has been derived from test results. The
steel contribution has been estimated as the contribution provided by a truss with constant
inclination concrete diagonals.
2.2 FEMA 273 (1997)(U.S. Customary)
The NEHRP Guidelines for Seismic Rehabilitation of Buildings (FEMA 273, 1997) shear
strength evaluation method was developed from column tests with relatively high
amounts of transverse reinforcement. The FEMA 273 guidelines also establish the
nominal shear strength of the member, Vn, as calculated in Eq. (1). The contribution from
the ties is estimated using Eq. (3) except in yielding regions of columns where the
transverse reinforcement is considered effective only if s ≤ d/2 and hoops have hooks
embedded into the concrete core. The concrete contribution, Vc, is:

P 
Vc = 3.5k +
 f ' c bd
2000 Ag 


(4)

where k = 1.0 for displacement ductility less than 2, otherwise k = 0.
2.3 Moehle, Elwood and Sezen (2000)(U.S. Customary)
This model also follows the format of Eq. (1). The concrete contribution, Vc, is related to
calculated nominal principal tension stress in the column. The limiting principal tension
stress is set equal to 6√f’c. The concrete contribution is also made a function of the aspect
ratio of the column, a/d, to reflect the interaction with flexural stresses in the case of
column subjected to combined flexure and axial load. The parameter a = distance from
the maximum moment to the inflection point. The resulting expression is

343


 6 f ' c
Vc = k 
 a
 d



1+
 Ag ( psi )
Ag * 6 f ' c 

P

(5)

No limits are placed on the aspect ratio, though it is noted by the authors that the range of
values in the database used was limited to between 2.0 and 3.9. In Eq. (5), the term k is a
modifier to account for strength degradation in flexural hinging regions. For the data set
evaluated by Moehle et al., k was defined as shown in Figure 1. The steel contribution,
Vs, is defined as

Vs = k

Av f yv d

(6)

s

Equation (6) is similar to Eq. (3) except for the factor k. This factor represents a
degradation term of the steel contribution to the shear strength of the member with
increasing ductility demand. This modification was introduced to reflect the test results
of columns with low amounts of transverse reinforcement considered by Moehle et al.
(2000) where the estimated steel contribution was half or less of the calculated value of
the concrete contribution. The technical argument presented by the authors was the likely
degradation of the truss mechanism represented by the Vs term.
2.4 Priestley, Verma and Xiao (1994)(U.S. Customary)
In this model, the nominal shear strength of a reinforced concrete column is taken as:
V n = Vc + V P + Vs

(7)

The concrete contribution term is separated into two components. A limiting diagonal
tension component, V c, without axial load, plus an axial force component, VP,
respectively

(8)

Vc = k f 'c Ae
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where k depends on the displacement ductility demand, as well as on whether the column
is expected to be subjected to uniaxial or biaxial ductility demand (see Fig. 2). The
effective shear area Ae is taken equal to 0.8 times the gross cross sectional area Ag. The
upper limit for k of 3.5 is chosen to represent a concrete limit value for principal diagonal
tension without the axial load effect, and
D−c
VP = P tan α = P

 2a 

(9)

where D = the overall section depth or diameter, c = the depth of the compression zone, a
= L for cantilever columns and L/2 for a column in reverse bending. It must be noted that
VP is not degraded with increasing ductility demand. Equation (9) indicates that as the
aspect ratio of the column decreases, the axial load contribution to the shear strength will
increase, and that for slender columns, the axial load contribution decreases. This
argument is similar to the one presented by Moehle et al. to introduce the aspect ratio in
their proposed concrete contribution term. Equation (9) also indicates that as the axial
load increases, the contribution from this mechanism to the column shear strength will
decrease since the depth of the compression zone, c, increases. The contribution of the
transverse reinforcement is given by a truss mechanism using a 30° angle between the
truss compression diagonals and the longitudinal axis of the column, unless limited to
larger angles by the inclination of the potential corner to corner crack. This component is
given by the expressions below for circular and rectangular columns respectively

Vs =

Vs =

π Ash f yh D'
cot 30 o
2
s
Av f yv D'
s

(10a)

(10b)

cot 30 o

where, D’ = the distance between centers of the tie or spiral, Ash = area of cross section in
the form of spiral or hoop, fyh = fyv = yield strength of transverse reinforcement, s =
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spacing of transverse reinforcement along the member axis, and A v = total area of
transverse reinforcement within a distance s. Equations (10a) and (10b) differ from Eqs.
(3) and (6). In (10a) and (10b), the distance between centers of hoops or spiral is used
instead of the distance between the centroid of the tension reinforcement and the extreme
compression fiber, d. No degradation of the truss contribution is envisioned due to
increasing ductility demand. A 30° angle is employed instead of the traditional 45° to
estimate the contribution of the transverse reinforcement.
2.5 Standard Specification for Design and Construction of Concrete Structures,
JSCE-1986, Part 1 (Design)(Metric)
The JSCE-1986 Part 1 (Design) requirements for the design of concrete structures are
based on limit states approach. For columns, the design shear capacity is obtained using
Equation (1), where Vc = design shear capacity provided by the concrete, and Vs = design
shear capacity provided by the transverse reinforcement. For comparison with the other
models presented, the member and material factors are taken equal to the unity. The
concrete and the steel contributions are given by Equations (11) and (16) respectively.
Vc = f vcd bw d

(11)

f vcd = 0.9( β d )( β p )( β n )3 f ' cd )

β d = 4 100 / d

β p = 3 100 p w

βn = 1+

M0
Md

(kg/cm2)

(12)

(d in cm), βd ≤ 1.5

(13)

βp ≤ 1.5

(14)

for compression, βn ≤ 2.0

(15)

where fvcd = design shear strength of the concrete, bw and d are as previously defined, _d
= size effect coefficient, _ P = longitudinal reinforcement coefficient, _n = axial force
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coefficient, f’c d = design concrete compressive strength, p w = As/bwd, M o =
decompression moment required to cancel the axial force compressive stress at the
extreme tension fiber corresponding to Md (gross section properties), Md = design
moment, and the steel contribution, Vsd, provided by hoops or ties is
Vsd = [ Av f yv z ] / s

(16)

where Av = area of hoops or ties in spacing s , f yv = yield strength of the shear
reinforcement (no more than 4000 kgf/cm2), z = d/1.15, and s = spacing of hoops or ties
measured along the length of the member. An upper limit to the shear force, given by Eq.
(17), is imposed to control failures due to concrete crushing in the web of the member.
Vwcd = f wcd bw d

(17)

where

f wcd = 4 f ' c

(kgf/cm2)

(18)

3. DEFORMATION CAPACITY MODELS- PUJOL ET AL. (2000)(U.S.
CUSTOMARY)
The approach discussed herein deviates from the notion that the ability of a column to
undergo nonlinear cycles of shear reversal can be addressed with traditional shear
strength models. In this approach, a physical criterion is used to develop a relationship to
establish the required amount of transverse reinforcement. The hypothesis is that the
main function of the transverse reinforcement is to confine the concrete core subjected to
combined normal and shear stresses rather, than to resist shear induced diagonal tension
in addition to improve deformability under axial compression. It is an approximate
formulation to determine the amount of transverse reinforcement for columns of
reinforced concrete frames subjected to nonlinear lateral shear reversals. It is assumed
that the combined effects of shear and normal stress are a function of the maximum drift
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ratio. The effect of the combined stresses is interpreted using Coulomb’s failure criterion
(1773) as shown in Figure 3. In this approach the slope, m, of the line representing
Coulomb’s criterion is taken equal to 0.75, and only the ordinate of the failure criterion (_
= 0) is assumed to change due to shear reversals as a function of the number of cycles and
displacement history. Based on these assumptions, and on the calibration with data from
29 tests of reinforced concrete columns from six different investigations (Pujol et al.
2000), the effect of the ratio of drift to aspect ratio, (_max/L)/(a/d), on the ordinate at the
origin, v0, normalized against f’c was evaluated and Eq. (19) was proposed.


v0
1  100 * ∆ max 
k1 =
= 1 −
≥0
a 
f 'c 7 
3* L *
d 


(19)

The equations for the rest of the parameters in Figure 3 are

σa =

P +T
hc * bc

(20)

where _a = mean axial compressive stress on the core, P = applied axial load, T = force in
the tension reinforcement ≈ (1/2)*As*fy, As = area of longitudinal reinforcement, fy =
longitudinal reinforcement yield stress, hc = depth of core measured center to center of
peripheral hoop reinforcement, and bc = width of core measured center to center of
peripheral hoop reinforcement, and

v=

V
hc bc

(21)

where v = mean shear stress, and V = shear force, and

σt =

Av f yv

(22)

s * bc

where _t = mean stress exerted on the concrete core by the peripheral hoops assumed to
be at yield (implies that the tie has adequate detailing), Av = area of hoop reinforcement at
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spacing s, and fyv as previously defined. Pujol et al. (2000) derived Equation (23) to
determine the required transverse reinforcement ratio, r = (Av /(s*bc)).


5
 3  4k f '
r =   1 c + 3  + 1 −
 8  σ a
8



2
2 
 4k1 f ' c
  4v    σ a

+ 3 −   * 

σ
a

  σ a    f yv







(23)

where the terms are as defined in Equations (19)- (22). Equation (23) is limited to design
conditions satisfying the following assumptions:
•
•
•

•
•

The maximum column drift capacity is not less than the calculated drift
corresponding to the column yield capacity.
The shear force corresponding to the column shear capacity exceeds the
lateral shear at inclined cracking.
The static shear strength of the column is greater than the column shear
corresponding to the development of the anticipated maximum moment(s) at
the column end(s) based on increased yield stress primarily to recognize strain
hardening of the reinforcement.
The column core is confined by transverse reinforcement properly anchored to
reach its yield capacity.
The governing drift cycles occur primarily in the plane defined by one of the
principal axis of the cross section.

4. ELEVATED HIGHWAY PIER EVALUATION
The pier height is 50 meters (164.2 ft) measured from the top of the footing. The pier is
assumed fixed at the base. The cross section at the base of the column is shown in Figure
4 and additional data is given in Table 1. The design concrete compressive strength is 35
MPa (5075 psi), and the design yield strength for all reinforcement is 500 MPa (72,500
psi). The evaluation is conducted for only one of the principal axis of the column.
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Table 1. Section A at the Base of the Pier- Strong Axis (transverse direction)
Axis

Ag,

Axial

d,

bw,

s,

Clear

r,

Ast,

Asw,

of

m2

Load,

m

m

mm

Cov.

%

m2

m2

M

(ft2)

tons

(ft)

(ft)

(in)

mm

(ft2)

(ft2)

0.507

0.075

(5.47)

(0.81)

(kips)
Y

(in)

15.4

3500

7.5

1.20

10

40

(166)

(7719)

(24.6)

(3.9)

(3.9)

(1.6)

0.0104

A moment-curvature analysis was conducted for the section at the base. The results from
the analysis are listed in Table 2 including the depth of the flexural compression zone, c.
The values of the yield displacement, ∆ yield, maximum displacement, ∆ MAX, and the
resulting displacement ductility, µ∆, were determined using the following procedure. A
secant was defined by the origin (zero load and zero displacement) and the point where a
horizontal line at 70% of the maximum a calculated shear intersected the envelope curve.
The yield displacement was then defined by where the secant intersected a horizontal line
passing through the envelope curve at the shear corresponding to the maximum moment
capacity, MMAX, (maximum calculated shear force, VMAX). The maximum displacement
was defined as the displacement corresponding to a limit compressive strain value of
0.005 at the extreme fiber at the base of the pier. A plastic hinge region at the base of the
column having a length equal to the effective depth of the member was used to determine
the nonlinear component of the total displacement. Table 3 gives results of the evaluation
results from the five shear models discussed in Section 2.
Table 2. Flexural Analysis Result for Section A at the Base of the Pier
µ∆

Axis for

MMAX

VMAX

∆yield

∆MAX

Moment

kN-m

kN

m

m

mm

(ft-kip)

(kips)

(ft)

(ft)

(ft)

800,000

16,000

0.558

1.049

(589,971)

(3597)

(1.83)

(3.44)

Y

350

1.88

C

2490
(8.17)

Table 3. Evaluation Results for Strong Axis
Method

ACI

Shear

Vc

No. of

Vs

Vn

VMAX

Area

Kips

Hoops

Kips

Kips

Kips

in2

(kN)

Active

(kN)

(kN)

(kN)

13950

2307

d/s

10575

12882

3597

(47038)

(57299)

(16000)

10575

14612

3597

(47038)

(64994)

(16000)

10575

12625

3597

(47038)

(56156)

(16000)

19429

24667

3597

(86420)

(109719)

(16000)

9211

10028

3597

(40971)

(44605)

(16000)

318-99
FEMA-

(10261)
13950

273
Moehle

23937

1986

2050

k*d/s

(9118)
19150

et al.
JSCE-

d/s

(17957)

et al.
Priestley

4037

5238

1.73* d/s

(23299)
13,950

817
(3634)

0.87* d/s

VMAX/Vc

1.56
0.89
1.73
0.69
4.35

Equation (23) results in a required ratio of transverse reinforcement, r = 0.001 (near
minimum level for shear) for a maximum calculated drift of 2.1%. The provided amount
in the strong direction of the section is 0.0104 (754 psi or 5.2 MPa). Based on the Moehle
et al. approach, the amount of reinforcement calculated from Eq. (23) would result in a
shear capacity of the section, Vn, of 3061 kips (13615 kN) whereas the Priestley et al.
model would estimate a capacity of 7045 kips (31336 kN). The results from this
evaluation indicate that the amount of transverse reinforcement is controlled by
confinement requirements. It is debatable whether current confinement specifications are
applicable to this type of column. The scatter in the calculated capacities from the
different approaches also points out an area of needed work.

5. SUMMARY
Two approaches to determine the required amount of transverse reinforcement in
columns subjected to lateral shear reversals into the nonlinear range were reviewed. One
approach looks at improved design requirements in reference to shear. An alternate
proposal determines the required amount of transverse reinforcement based on a single
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hypothesis of concrete failure under combined effect of normal and shear stresses. In the
improved shear strength models, the traditional sectional approach used in the static
domain, is extrapolated into the dynamic domain through the incorporation of a strength
degradation factor, k. The factor is a function of the displacement ductility demand. Only
in the Moehle et al. model, the degradation factor is applied to both the concrete and the
steel contributions. In the other four models, the reduction is applied to the concrete
contribution alone, and in the Priestley et al. model, the component due to the axial load
is not degraded. In the Priestley et al. model, an increased contribution of the transverse
reinforcement with respect to the other four models by a factor equal to about 1.73 is
used. It must be noted that the JSCE 1986 Part 1 method includes a size, and a
longitudinal tension reinforcement factors applied to the concrete contribution, Vc. In the
shear strength models, the common approach of deriving a concrete contribution from the
evaluation of test results and the steel contribution from a truss with constant inclination
diagonals has been followed. In the alternate approach, the amount of transverse
reinforcement is determined for a given limit drift. This approach provides a new
perspective to the phenomenon of column behavior under later shear reversals into the
nonlinear range. The evaluation of the elevated highway pier with the methods discussed
in this paper resulted in a considerable scatter in the predicted capacities and in the
different contributions of the separate components of the shear capacity. This observation
suggests the need for additional work in this area. Another area of work appears to be
related to the confinement requirements for larger scale members.
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Figure 1. Parameter k, Moehle et al. (2000)

Figure 2. Relationship between ductility and strength, Priestley et al. (1994)
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Figure 3. Coulomb’s Criterion

Figure 4. Cross Section at the Base of the Elevated Highway Pier
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SEISMIC PERFORMANCE OF REINFORCED CONCRETE BEAMCOLUMN JOINTS
Dawn E. LEHMAN, W. Greg MOSIER, and John F. STANTON1

ABSTRACT
Reliable methods for assessing the performance of beam-column joints must be developed
before performance-based engineering can be applied to reinforced concrete structures in
seismic regions. This research addresses joint performance using both analytical and
experimental methods. Initially, previous research results were gathered to assess the influence
of various parameters on the cyclic response and to guide the development of the experimental
program. Preliminary results suggest that a previously unmeasured parameter, the cyclic
deformation demand, is one of the most important. Analytical models were developed to relate
the joint shear strength to the cyclic demand. Experiments are being conducted to quantify more
precisely the effect of cyclic demand on joints without confinement reinforcement. Preliminary
results are presented.

1

INTRODUCTION

Performance-based methods for design and assessment of reinforced concrete structures have
attracted considerable interest in the last five years. However, implementation of these
methods requires quantification of the performance of structural elements to a more detailed
and accurate level than was necessary in the past. Much of the attention has been paid to
columns, both because they have consistently suffered damage in past earthquakes and
because of their importance in maintaining the integrity of the structure. By contrast little
attention has been paid to joints. Design of new joints and assessment of existing ones may
depend on quite different criteria. A structure with weak joints could be retrofitted by
installing a stiff wall, in which case the forces on the joint are controlled by the maximum
drift as dictated by the wall. In a new joint, the forces are controlled by strength of the beam
reinforcement. A better understanding, both qualitative and quantitative, of the performance
of joints is needed to implement performance-based design and assessment methodologies.
The research program described here was undertaken to improve that understanding using
analytical and experimental methods. The objectives of the analytical component are to
1
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identify the parameters that most influence the performance and to develop analytical models
that predict different performance states. The experimental component specifically targets the
seismic performance of joints in existing construction.

Most research programs have

concentrated on the response of confined joints, but many existing buildings in the US were
designed for gravity only and their joints contain little or no confinement reinforcement. This
reflects the fact that restrictions on the joint shear stress level and minimum requirements for
reinforcement were not instituted until the early 1970s. Typically those columns decrease in
size up the building but the beam size remain the same, so the joint shear stress in the upper
stories can become very high and may exceed 20√f’c (psi). Such joints almost certainly
require retrofit, but the process is cumbersome and may be prohibitively expensive. In order
to make it feasible, reliable guidelines are needed, but they cannot be developed until
performance is accurately quantified.

2

PREVIOUS RESEARCH RESULTS

Previous results from research from Japan, New Zealand and the United States were gathered
and analysed. This study was performed for several reasons. Most importantly, these results
were used to gain an understanding of the parameters that influence the seismic performance
of beam-column connections. The study parameters of the experimental test program were
based on the results from this analysis. In addition, the results were used to evaluate existing
models used to assess the joint shear capacity. Most models estimate the joint shear strength
as a function of several aspects of the joint loading and reinforcement, most importantly the
joint reinforcement ratio, average bond demand, and the axial load ratio (e.g., FEMA 1997,
Pantazopoulou 1992). Other researchers have also included the effect of the deformation
demand (e.g., Zhang 1982, Lin 2000).
In this study, the influence of these parameters was quantified. The data from 32 relevant
specimens were analysed. The study was restricted to interior joints in exterior frames without
transverse beams. In addition, joints that appeared to fail due to inadequate bond capacity
were excluded because the bond capacity of some of the specimens appeared to be reduced by
the presence of the strain gauges. The study only included specimens that fail as a result of
inadequate joint shear strength and beam hinging.
For the specimens used in the study, the geometry, reinforcement and loading were tabulated.
Using this data, the joint shear stress, the equivalent uniform bond demand and the
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cumulative deformation capacity were calculated for each specimen. Details of the procedures
used and the data that was used for the evaluation may be found in (Mosier 2000). These
results were used to evaluate the influence of salient joint properties.
2.1

Joint Shear Strength

In the United States, joint shear strength is the primary indicator of joint performance (ACI
1999). For new construction, the joint shear strength of an interior joint in an exterior frame is
given by Equation Error! Not a valid link., in which f’c is the specified compressive strength of
the concrete, Aj is the equivalent joint area, and Vj is the maximum joint shear force.
V j = 15 f c' (psi) A j

Eq. 1

This method of assessing joint performance assumes that the joint shear strength is directly
proportional to the concrete tensile strength which is in turn proportional to √f’c. However,
most tests show that the peak joint force occurs long after cracking and is precipitated by
concrete crushing (Mosier 2000). Therefore, it may be more reasonable use f’c as the critical
measure as defined by Equation Error! Not a valid link.. The ratio is termed as the normalized
joint shear-stress ratio.
vj
f c'

=

Vj

Eq. 2

f c' A j

A comparison of the two methods is provided in Figure Error! Not a valid link.. The joint shear
stress, Vj/Aj, is plotted relative to
3500

measured

concrete

strength

compressive
for

each

specimen. The data are divided
into two categories, specimens that
fail by joint-shear mode and those
that fail by beam hinging. The
solid line indicates the ACI joint
shear stress limit; some of the
joint-shear failure specimens lie

Shear Stress (psi)

the

Beam Hinging Failure
Joint Shear Failure
ACI 318
Proposed Line

3000
2500
2000
1500
1000
500
0
0

4000
8000
12000
16000
Concrete Compressive Strength (psi)

Figure 1 Joint Shear Stress vs. Concrete Strength

below this line. The dashed line in the figure represents Equation Error! Not a valid link. and
has a slope of 0.14. Note that the line separates the beam-hinging and joint-shear failures.
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This indicates two things: (1) expressing the joint shear stress relative to the concrete
compressive strength gives a better indication of the joint performance and (2) a joint shear
stress limit of 0.14 f’c is a simple method for ensuring beam hinging.
The following sections use the data to analyse the effect of the joint reinforcement ratio and
the axial load ratio on the joint shear capacity. In both cases, all of the experimental data were
analysed. In addition, to assess the influence of a single parameter, individual data sets were
isolated and studied. In the isolated data set, the study parameter was varied but the others
were held approximately constant. For example, to determine the influence of the joint
reinforcement ratio, data sets were constructed using specimens that had similar axial load
ratios and equivalent uniform bond demands. These data sets are used to better assess the
influence of each parameter.
2.1.1 Joint Reinforcement Ratio
Previous research results do not demonstrate clearly the effect of the joint reinforcement ratio
on the joint shear strength. For example, Meinhiet and Jirsa (1977) tested 5 specimens with
volumetric joint reinforcement ratios that ranged from 1.1% to 5.2%. The researchers
concluded that although the amount of reinforcement did not influence the cracking strength,
it did effect the ultimate joint shear strength. In contrast, Fujii and Morita (1991) tested 4
specimens with volumetric joint reinforcement ratios that ranged from 0.8% to 2.2% and
found that the joint shear strength was not increased with an increase in joint reinforcement.
The data were used to assess the influence of the joint reinforcement on the joint shear
strength. Figure Error! Not a valid link. shows the normalized joint shear stress ratio as a

ratio. The joint reinforcement ratio
required by ACI 318 (1999) is shown
with a dashed line. The isolated data
sets are shown using larger markers.
Three isolated data sets are shown.
The three sets have approximately
constant values of axial load ratio
and average bond stress demand. The
results do not provide a discernible

Normalized Shear Stress

function of the joint reinforcement
0.36
0.30
0.24
3

0.18

Set 1
Set 2
Set 3
ACI 318
All Data

0.12
0.06
0.00
0%

1%
2%
3%
4%
5%
6%
7%
Volumetric Joint Reinforcement Ratio

Figure 2 Joint Shear Stress vs. Reinforcement Ratio

trend. Therefore, it is not possible to determine a reliable relationship between the normalised
joint shear stress and the joint reinforcement ratio using the experimental data.
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2.1.2

Axial Load Ratio

Previous researchers have found that the axial load ratio increases the joint shear strength
while others have found the opposite. Meinheit and Jirsa (1977) tested 5 specimens with axial
load ratios that ranged from 0.03f’cAg to 0.36f’cAg. The results did not indicate a significant
influence of axial load ratio on the joint shear strength. In contrast, Yunfei et al. (1984) found
that increasing the axial load ratio from 0.25f’cAg to 0.61f’cAg resulted in an increase in the
joint shear strength.

on

the

joint

shear

strength

is

considered further in Figure Error! Not
a valid link.,

which shows all of the

data and highlights five data sets. The
specimens of the data sets have
constant values of joint reinforcement
and average bond stresses. The data

Normalized Joint Shear Stress

The influence of the axial load ratio

0.36
0.30
0.24
0.18
0.12
0.06
0.00

consistently show that an increase in

0.00

0.10

0.20

0.30

0.40

0.50

Axial Load R atio

axial load ratio slightly increases the
normalized joint shear stress ratio

Set 4
Set 5
Set 6
Set 7
All D ata

Figure 3 Joint Shear Stress vs. Axial Load Ratio

slightly.
2.2

Cyclic Deformation Capacity

The previous section considered the influence of the concrete strength, joint reinforcement
ratio, and axial load ratio on the joint shear strength. For the specimens considered, the
concrete strength and axial load ratio were the most influential.
In addition to the previous parameters, the imposed displacement history can influence the
seismic performance. This effect has been qualified experimentally. Durrani and Wight
(1982) tested three specimens that had different levels of joint shear stress and noted that, for
displacement ductility levels greater than one, the joints with higher levels of joint shear
stress exhibited more severe degradation. This result was affirmed by research results by
Noguchi et al. (1992). In that research program, the strength degradation markedly different
for joints subjected to cyclic loading than for joints subjected to monotonic loading.
Few evaluation expressions account for the effect of cycling. An objective of this study was
to quantify the effect of cycling. Unlike other parameters, such as joint shear strength or
uniform bond demand, there are no standard methodologies for quantifying the cyclic
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deformation. Therefore the procedure used in this study to evaluate the cyclic deformation is
explained in Section 2.2.1. The subsequent sections used this measure to assess the influence
of the joint reinforcement ratio and the axial load ratio on the cumulative ductility measure.
2.2.1 Cumulative Ductility Measure
Study of experimental results indicates that cycling influences the performance of beamcolumn connections. Although joint shear strain is a logical measure of joint performance, it
is seldom reported. Instead, the displacement ductility was adopted to quantify the cyclic
deformation. Use of this imperfect measure was used because all researchers reported the
force-displacement response.
Previous researchers have used displacement ductility
∆δ(i+1)

to quantify the cyclic load effects. The model by Baik

∆y

et al. (1988) was adapted to quantify the cumulative
ductility. However, the Baik model used the plastic
deformation to quantify the effect of cycling.
Experimental results demonstrate that joint damage
may accumulate at displacement demands that are less
than the yield displacement, therefore, the proposed

∆δ(i)

Figure 4 Definitions for CDM

measure is based on the total deformation. The
cumulative ductility measure (CDM), Λ, is defined by Equation 4 and the components are
described in Figure Error! Not a valid link. in which ∆δi is the total displacement range for cycle
i, ∆y is the yield displacement, and n is the number of half cycles.
n

(

Λ = ∑ 0.5 ∆ δi ∆ y
i =1

1.5

)

Eq. 4

The cumulative ductility measure has an exponent of 1.5. Qualitatively, this indicates that the
larger deformation demands are more damaging.
2.2.2

Joint Shear Strength

Experimental results indicate that the joint shear strength decreases with an increase in the
cyclic deformation demand (Meinheit 1977, Milburn 1982). Figure 5 also shows this trend.
This trend is also supported by the isolated data sets. All four sets indicate that the joints with
lower normalised joint shear stress ratios sustained a larger cumulative ductility measure.
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Joint Reinforcement Ratio

The data were used to evaluate the
influence of the joint reinforcement
ratio on the cycle deformation
capacity. Previous researchers have
noted an increase in the cyclic
deformation

capacity

with

0.40

Normalized Joint Shear Stress
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2.2.4
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considered. Figure Error! Not a valid

isolated data sets. Both indicate the

5
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Expressions to Evaluate Joint Shear Strength

The research results presented herein were used to develop two predictive expressions to
calculate the joint shear strength. The first, given by Equation 5, is described by the solid line
shown in Figure Error! Not a valid link.. This model relates the normalized joint shear stress to
the cumulative ductility measure.
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vj
f c'

=−

Λ
+ 0.31
170

Eq. 5

Equation Error! Not a valid link. can be expanded to include the influence of the joint
reinforcement ratio and the axial load ratio. Equation 6 gives this expression and reflects the
trends shown in Figures 6 and 7.
vj
f c'

=6

(1 + ρ vj f yh f c' )

(Λ + 14)* (1 + P

(A f ))

Eq. 6

'
g c

Of the two proposed models, the first model (Equation Error! Not a valid link.) is simpler to
use, but it fits the experimental data less well. The model provided by Equation 6 matches the
test data more closely because it accounts for the additional parameters that have been found
to be important. On average, the ratio of the predicted to measure joint shear strength is 0.99
and standard deviation is 0.13 (Table Error! Not a valid link.) and a maximum ratio of 1.24.
These statistics show the improvement available for Model 2 relative to Model 1.
Table 1 Comparison of Predicted/Measured Ratios

Model
Model 1 (Eq. 5)
Model 2 (Eq. 6)

3

Average

Standard
Deviation

Coeff. Of
Variation

Maximum
Deviation

1.05
0.99

0.22
0.13

0.22
0.13

50%
24%

EXPERIMENTAL RESEARCH STUDY

The experimental portion of the research was designed to build on and improve upon the
previous research results. As shown in Figure Error! Not a valid link., few experimental studies
have focused on joints without reinforcement. These results are required to develop
performance-based seismic methodologies for non-ductile reinforced concrete buildings. To
achieve this, the experimental research study was designed to assess the seismic performance
of beam-column joints in non-ductile building frames.
To develop the test matrix, the previous research results were considered. Although the
results indicate that the cumulative displacement demand is one of the most influencial
parameters, previous experimental research programs have not been designed to specifically
study this effect. In this study, the influence of the displacement history will be studied by
subjecting nominally identical specimens to different displacement histories. Three other
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specimens will be constructed to study the axial load ratio, the concrete strength, and the joint
shear stress ratio, since the research results indicate that these are significant as well.
3.1

Test Matrix

The test matrix consisted of seven specimens constructed at approximately 2/3-scale. The
specimens were constructed to relate to a reference specimen. The reference specimen is
shown in Figure Error! Not a valid link.. The reference specimen had a joint shear stress ratio of
approximately 0.14f’c, an axial load ratio of 0.1 (relative to the gross cross sectional
properties), and a concrete strength of
approximately 5 ksi. The reference
specimen

was

displacement

tested
history

using

a

labelled

“Standard” which consisted of three
cycles at increasing drift levels.
Specimen

yield

occurred

at

approximately 0.75% drift. The postyield drift levels included 1%, 1.5%,
2%, 3%, 4%, and 5%. The specimen

Figure 8 Reference Specimen in Test Setup

was tested until the majority of its lateral load carrying capacity was lost.
The remaining specimens relate to the reference specimen as shown in Table Error! Not a valid
link..

The study parameter for each of the remaining specimens is identified in bold. Three

additional specimens will be tested using constant amplitude displacement histories. It is
expected that drift levels of 0.75%, 1.5%, and 3% will be targeted. The remaining specimens
differ from the reference specimen in their axial load ratio, concrete strength, or normalized
joint shear stress.
Table 2 Test Matrix
Specimen
Reference
CD1
CD2
CD3
Axial
Concrete
Joint Shear

Drift History
Standard
Constant: 0.75%
Constant: 1.5%
Constant: 3%
Standard
Standard
Standard

Axial Load
0.1f’cAg
0.1f’cAg
0.1f’cAg
0.1f’cAg
0.25f’cAg
0.1f’cAg
0.1f’cAg
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Concrete Strength
5 ksi
5 ksi
5 ksi
5 ksi
5 ksi
7-8 ksi
5 ksi

Shear Stress
≈0.14f’c
≈0.14f’c
≈0.14f’c
≈0.14f’c
≈0.14f’c
≈0.14f’c
≈0.22f’c

3.2

Results

At the time of this writing, only the reference specimen has been tested. The force80

9. During testing, damage was closely

60

monitored. The progression of joint
damage was as follows: (1) initial joint
cracking: 0.5% drift, (2) first yield of
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Figure 9 Force-Drift Response

of 50% of lateral load carrying capacity: 5% drift. As might be expected for a beam-column
joint without ties, the force-displacement response is pinched relative to the hysteretic
response of a ductile element, such as a beam or column. However, the maximum lateral load
is retained to a drift level of approximately 3%, which is the maximum drift level that might
be expected for an existing building that has been retrofitted with stiff elements or the
maximum drift that the building might experience in a moderate level earthquake. Even at a
drift level of 5%, the joint sustains a portion of the lateral load and its entire axial load.

4

SUMMARY AND CONCLUSIONS

Study of previous research results indicates that the seismic response of beam-column
connections is influenced by several parameters, including the joint reinforcement ratio and
the column axial load ratio. Previous research has studied the influence of these parameters
on the joint shear strength. However, study of these research results does not show a strong
relationship between the joint shear strength and the joint reinforcement ratio or the column
axial load ratio. Instead it was shown that the cyclic deformation demand has a larger
influence on the joint shear strength. In addition, the research indicates that the axial load
ratio and the joint reinforcement ratio can influence the cyclic deformation capacity.
Using these results, an equation was developed to predict the joint shear strength. The
equation is a function of the parameters identified earlier, including the cyclic deformation
capacity and the results indicate that it is reliable.
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Finally, the findings were used to develop the experimental program. The program will study
the performance of joints in non-ductile construction and was designed to evaluate the
influence of the cyclic displacement history. The research program is underway and the
results will be used to evaluate and modify the prediction equation.
5
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DEVELOPING STANDARDS FOR THE EVALUATION AND
REHABILITATION OF EXISTING CONCRETE BUILDINGS
Michael Valley1
ABSTRACT
This paper describes the special challenges faced in the evaluation and rehabilitation of existing
buildings and the consequent difficulties that arise in the development of codes and standards to
govern such work. Technical challenges are encountered in applying the seismic design
philosophy to existing concrete buildings because the materials, detailing, and controlling
behavior of such structures often violate rules of modern seismic-resistant design. It should be
noted that existing construction varies widely, the background research is incomplete, and
practitioners have addressed the technical issues differently in the past; therefore, standards
committees must deal with significant procedural difficulties as well.
The U.S. earthquake engineering community has addressed these conditions by developing and
implementing a performance-based seismic evaluation and rehabilitation methodology. The
methodology attempts to reconcile the results of post-earthquake observations, physical testing,
and advanced analysis. Originally published as handbooks and guidelines, the documents that
embody this approach are presently being developed into consensus standards. This paper also
identifies several areas for future research to improve the documents.

1. INTRODUCTION
The tenets of the U.S. seismic design philosophy are to provide a safe structure; to limit damage
in small, frequent earthquakes; and to allow ductile, inelastic response to reduce construction
costs. In the design of new buildings, these goals are generally achieved by:


Selecting the controlling behavior,



Providing special detailing to promote ductile response,



Carefully controlling material properties (e.g., concrete strength, reinforcement yield and
tensile strength, and reinforcement weldability), and



Reducing engineering requirements by limiting explicit design consideration to one level of
ground shaking with implied performance for other levels of hazard.

Using this approach, improved performance for “essential facilities” (hospitals, fire and police
stations, etc.) is obtained by amplifying the design forces and applying slightly more stringent
drift and detailing provisions. Although adequate performance is implied by these measures, the
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U.S. codes and standards for new building design (FEMA, 1998b; ICC, 2000) do not require
explicit consideration of performance.
The following technical challenges face practitioners who evaluate and rehabilitate existing
buildings:


Elements with undesirable controlling modes of behavior may not be able to survive cyclic,
inelastic demands.



The existing detailing often is unable to provide adequate confinement, ductility, or reliable
reserve gravity capacity.



The properties of the existing materials may not be known (if test results and/or drawings do
not exist) and even when known are not easily modified.

These differences from new building design approach favor the implementation of an explicit
performance-based approach for the evaluation and rehabilitation of existing concrete buildings.
In some cases, the performance objective will be the same as that for new buildings. However,
the use of a performance-based methodology affords the owner or jurisdiction the opportunity to
select higher or lower performance objectives.
2. BASIS FOR THE EVALUATION AND
REHABILITATION OF EXISTING BUILDINGS
The criteria for seismic evaluations and rehabilitations are generally based on post-earthquake
observations, physical testing, and/or structural analysis. Each of these bases has different
strengths and limitations, and the results may be contradictory.
Post-earthquake reconnaissance is an important source of information that leads to better designs
for seismic resistance. Significant earthquakes in recent decades have led to the generation of a
sizeable body of largely anecdotal performance observations. Projects undertaken by the
Applied Technology Council in the 1980s culminated in the development of a handbook for
seismic evaluation of existing buildings (FEMA, 1992) that is primarily based on the observed
performance of various building types that are common in California. This anecdotal basis has
the advantages of identifying the most significant problems and of capturing, at least partially,
behavior that is not yet fully understood. However, this approach suffers from a few potentially
significant disadvantages in that the database of observations is quite small compared with the atrisk inventory, construction methods and building types vary significantly from region to region,
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behavior that is not fully understood cannot be readily extended to different conditions, and
trained observers often attribute the same poor performance to different (or even conflicting)
sources. For instance, despite considerable research effort, the causes of middle-story collapses
in the Kobe earthquake and fractures of welded steel moment-resisting frame connections in the
Northridge earthquake are still the subject of some controversy.
Physical testing is at the heart of modern structural codes and standards. This method allows
more accurate quantification of behavior, provides insight into the expected performance of
components and systems for which field observations are not available, and allows the
identification of separate parameters that affect the overall response. However, such testing is
generally expensive, the number of conditions that can be tested is severely limited, researchers
often focus their efforts on the development of new and better systems rather than on a more
complete understanding of archaic systems, limitations of the test equipment and protocols often
lead researchers to neglect gravity loading effects, and research projects have generally focused
on the performance of fairly small components rather than entire systems. With increased
computational power, advanced analysis methods have grown in popularity among both
researchers and practitioners. Such analyses can capture important nonlinear and dynamic
features of response, and the global and local behavior of complex structures may be readily
predicted. However, nonlinear dynamic analysis is much more sensitive to small changes in the
underlying assumptions than is linear static analysis. Although modern digital computers permit
rapid solution of large numbers of nonlinear equations, the volume of numerical results and the
complex interplay of various parameters can easily exceed the cognitive capacity of analysts.
3. U.S. STANDARDS DEVELOPMENT PROCESS
In general, the U.S. government does not directly develop building codes. Although various
government agencies support the work on which codes and standards are based, the production
and maintenance of such documents is usually the charge of volunteer committees that follow a
process accredited by the American National Standards Institute. Members of a committee are
balanced in representing three interest groups: producers, consumers, and general interest. No
organization or individual claims responsibility for the standards developed. Because most
committee members volunteer the time to participate, it is possible for outspoken individuals to
significantly affect the results--to the benefit or detriment of the standards. The significant
influence of individuals and turnover of committee membership can lead to differences that are
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more substantial than the changes in the underlying research. To counter that potential, some
committees have gone to the other extreme--allowing the negative votes of a small group or an
individual to stifle progress.
4. SEISMIC EVALUATION OF EXISTING BUILDINGS
A new standard for the seismic evaluation of buildings is being developed by a standards
committee of the American Society of Civil Engineers, Structural Engineering Institute. This
standard is the result of a two-year ballot process that began with a pre-standard developed with
funding from the Federal Emergency Management Agency (FEMA, 1998a). Publication of the
standard is expected in 2001.
This standard, which blends the three bases for evaluation described above, sets forth a threetiered approach.


Tier 1 involves screening based on checklists of deficiencies observed in similar buildings
subjected to past earthquakes. These checklists succeed those contained in FEMA 178,
having been recast in mandatory language, updated to reflect more recent observations,
extended to apply to additional building types across the U.S., and modified for application
to two distinct performance levels--Immediate Occupancy and Life Safety.



Tier 2 entails quantitative evaluation using calculations that are generally much simpler than
those required for new building design. The evaluation may be complete--applicable to all of
the major lateral- and gravity-load-resisting elements of the structural system as well as
nonstructural and foundation elements, or partial--applicable only to those items that were
found noncompliant in Tier 1.



Tier 3 detailed evaluation is based on the Rehabilitation Guidelines discussed below.
5. SEISMIC REHABILITATION OF EXISTING BUILDINGS

The same ASCE Standards committee that is finishing the evaluation standard has just begun the
ballot process for a rehabilitation standard. This rehabilitation standard will be based on a
prestandard developed under funding from the Federal Emergency Management Agency
(FEMA, 2000b) which, in turn, is based on previously developed guidelines for seismic
rehabilitation and an associated commentary (FEMA, 1997b; FEMA, 1997a). During the
development of the rehabilitation prestandard, a large number of areas for future improvement
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were identified (FEMA, 2000a) and a series of case studies was commissioned to assess the
technical validity, useability, and economic implications of the rehabilitation approach (FEMA,
1999).
Like the evaluation standard described above, the rehabilitation standard builds on all three bases
for evaluation and rehabilitation: observed performance, testing, and analysis. The document
includes two rehabilitation approaches: simplified and systematic.
Application of simplified rehabilitation is limited to small structures that fit one of the common
building types. The rehabilitation measures need only address deficiencies identified using the
evaluation standard. Because this approach is founded almost entirely on the anecdotal basis, the
resulting level of building performance is less certain than when the systematic approach is
taken.
Systematic rehabilitation requires analysis of the complete building system. Four analysis
procedures are available, as described below.

Detailed guidance is provided for the

establishment of material properties, element capacities, analytical modeling of the structural and
foundation elements, and acceptance criteria. Qualitative and quantitative measures of expected
performance are provided. The document also provides detailed discussion of rehabilitation
strategies to address deficiencies.
6. DETAILS OF THE SYSTEMATIC REHABILITATION APPROACH
The systematic rehabilitation approach in the FEMA 356 Prestandard requires explicit
consideration of performance objectives. The selected objective may involve any combination
of hazard and performance level, but a Basic Safety Objective is defined and suggested for
general use. This Basic Safety Objective is based on achieving Life Safety and Collapse
Prevention for ground shaking hazards with probabilities of exceedance in 50 years of 10 percent
and 2 percent, respectively. FEMA 356 contains detailed provisions governing the selection of
appropriate material properties, element capacities, analysis procedures, and element modeling
and acceptance criteria, as described below.
6.1

Material Properties and Element Capacities

Because identification of expected performance (not simply acceptable performance) is one of
the basic requirements of performance-based earthquake engineering, FEMA 356 requires the
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consideration of the statistics of material properties and element capacities. Structural behavior
is classified as deformation-controlled (ductile) or force-controlled (brittle). Expected (average)
material properties are used for ductile limit states, and lower-bound (mean minus one standard
deviation) material properties are used for brittle limit states. The incorporation of test results
and recent research by users is encouraged. Such results and feedback from users (practical and
case studies) were considered in the course of the project to convert the FEMA 273 Guidelines to
the FEMA 356 Prestandard. The prestandard project team also commissioned ten special
studies that aimed to bring recent improvements in the state-of-the-art into FEMA 356. One of
these special studies resulted in significant changes in the acceptance criteria and calculated
shear strength of concrete columns, based on work by Lynn and Moehle.
6.2

Analysis Procedures

Each of the four analysis procedures permitted in FEMA 356 has a place in current engineering
practice. The linear static procedure is similar to the traditional U.S. approach used in the design
of new buildings. This method is still widely used for verification of more complex analyses, for
scaling of dynamic analysis results (in new building design), and on small projects. Because the
method cannot reflect localized inelastic response or higher mode effects, its use is limited to
fairly regular buildings with short fundamental periods and only moderately nonlinear response.
The linear dynamic procedure is generally consistent with the most common U.S. approach taken
in the design of complex new buildings. The response of buildings with stiffness irregularities
and those with higher mode effects can be adequately captured using this method.
The nonlinear static procedure has enjoyed a recent increase in popularity. This method provides
useful information concerning the expected progression of inelastic response for buildings with
dynamic response dominated by the first mode, but it is not suitable for buildings with significant
higher mode effects. Various demand estimation methods may be used in “pushover” analysis.
Details on the two most common methods (coefficient and capacity spectrum) are provided
elsewhere (FEMA, 2000b; ATC, 1996). The nonlinear dynamic procedure is the most rigorous
and probably the most sensitive approach. The use of this method is not widespread among U.S.
practitioners, except for specific applications with limited nonlinearity (e.g., buildings with
seismic isolation or added damping).
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6.3

Element Modeling and Acceptance Criteria

FEMA 356 provides modeling and acceptance criteria for a wide range of structural elements
and components. The values provided were developed (during the preparation of FEMA 273)
based on a search of the available literature, a standard characterization of inelastic cyclic
response, and expert judgement. Some of the criteria were revised during the development of the
FEMA 356 Prestandard on the basis of more recent research. FEMA 356 also defines a testing
protocol and data reduction methodology to allow users to develop additional acceptance criteria.
Some recent research has resulted in the development of FEMA 356 acceptance criteria based on
explicit reliability studies (FEMA, 2000c; FEMA, 357).
7. CONCLUSIONS AND RECOMMENDATIONS
Because of the technical challenges involved, explicit consideration of performance (preferably
by the practitioner, but at least by standards writers) is an important part of the seismic
evaluation and rehabilitation of existing concrete buildings. The standards that govern this work
should make use of anecdotal performance data, available analysis tools, and the best available
research. This requires that practitioners be conversant with past and ongoing research and that
researchers be aware of the needs of the user community. Current research is not (and will never
be) complete, but great strides can be made if researchers make a point of considering the
detailing of existing construction, sensitivity to gravity loading, and performance of entire
systems (rather than focusing solely on isolated, small-scale components). Researchers and
standards writers should assess the reliability of performance predictions using the available
documents and procedures. This could well involve the extension of the reliability-based
research recently completed for welded steel moment-resisting frames (FEMA, 2000c).
Finally, practitioners, standards writers, and researchers must recognize the strengths and
weaknesses of the standards development process. The process serves to balance the influence
of various interest groups. Those involved should strive for a reasonable level of stability and
consistency in the standards developed while keeping in mind that the process is largely
unfunded and holds no one responsible, although outspoken individuals can make significant
contributions or cause significant problems.
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The Second U.S.-Japan Workshop on Performance-Based Earthquake Engineering
Methodology for Reinforced Concrete Building Structures
11–13 September, 2000
Sapporo, Hokkaido, Japan
RESOLUTIONS
Recent urban earthquakes have caused significant economic losses, injuries, and fatalities in
both the United States and Japan. This was evident in the U.S. during the 1994 Northridge
earthquake, and in Japan during the 1995 Hyogo-ken Nambu earthquake. These and other
earthquakes such as the recent earthquake in Turkey and Taiwan point out the need for
effective and practical methods for
•

evaluating and rehabilitating existing hazardous buildings and

•

designing new buildings for more reliable and improved performance.

While great progress previously has been made in engineering for earthquake resistance,
suggested frameworks for performance-based earthquake engineering will accelerate progress
by focusing efforts and bridging gaps. This will lead to a future of earthquake engineering
that will include increased emphasis on quantitative measures of performance over qualitative
measures, precision over approximation, reliability over uncertainty, and intelligent
engineering and life-cycle cost design over minimum capital cost design.
Papers presented at the Second U.S.-Japan Workshop on Performance-Based Earthquake
Engineering Methodology for Reinforced Concrete Building Structures demonstrate progress
being made in performance-based earthquake engineering. The papers shall be reviewed and
published as the proceedings of the workshop both on the U.S. side and the Japan side within
a few months. Presentations in the plenary session and two working group sessions covered
site effects and aleatory variability of earthquake ground motion, inelastic response of
structures, performance of reinforced concrete components and structures, seismic
assessment and design, performance-based design codes, design practice and examples, and
future needs. Discussion of the presented papers enhanced understanding and advanced the
state-of-the-art in performance-based earthquake engineering. Important outcomes of the
Workshop include
(a) better understanding of the present state of knowledge and practice of performancebased earthquake engineering in the U.S. and Japan, especially the requirements of
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the recently revised Building Code of Japan and design practice being adopted in
U.S.;
(b) detailed understanding of seismic demands, especially the use of analysis methods for
performance-based earthquake engineering of reinforced concrete buildings;
(c) detailed understanding of seismic capacities of structures and members, especially
reinforced concrete columns and beam-column joints;
(d) identification of common areas of concern, areas of needed advancement, and areas
that would benefit from joint study.
The topic of performance-based earthquake engineering is a particularly effective one for
workshop discussion because it brings together and promotes a common focus of experts in
ground motion, analysis, and design. Understanding of the work of individuals with different
expertise was achieved in ways that would not be possible without meeting in this format.

The workshop was a successful continuation of progress made through over two decades of
cooperative U.S.-Japan research in earthquake engineering. The success at this workshop
suggests that the two countries will benefit from continued cooperation.

Reasons for

continued cooperation include
(a) the two countries have a shared need to develop improved methods for seismic design
and evaluation;
(b) in both countries, there is a need for integrated analytical and experimental
approaches, which is promoted in this meeting format; and
(c) each side brings unique data, experience, knowledge, facilities, the sharing of which
benefits all.
These discussions are best accomplished through face-to-face meetings of extended duration
such as occur in a workshop format. Therefore, the following recommendations are offered:
(1) Because of the rapid rate at which new information and applications are being
achieved, the importance of advances to Japan and the U.S., and the success of the
first and second workshops, the participants recommend that the Third U.S.-Japan
Workshop on Performance-Based Earthquake Engineering Methodology for
Reinforced Concrete Building Structures be organized by the U.S. side in about one
year.
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(2) At future workshops, several topics for focused discussion should be considered. A
reduced number of these should be the focus of the third workshop:
(a) simplified and rigorous methods for predicting seismic demands:
(i)

identification of damaging features of earthquakes including near- source
effect, site effect, and aleatory variety;

(ii) continuation of the topic on inelastic displacement demands for SDF and
MDF systems;
(iii) practical application of advanced analysis methods;
(iv) use of probabilistic bases for PBE incorporating uncertainty and variability;
(v) performance of strength-degrading structures;
(vi) seismic demands including life-cycle loss estimation,
(b) simplified and rigorous methods for predicting seismic capacities:
(i)

definitions and measures of performance;

(ii) modeling of damage and definition of reparability;
(iii) hysteretic energy dissipation of members;
(iv) deformations at loss of lateral and gravity load capacity of members;
(v) continuation of the topic of residual gravity load capacity of members;
(vi) damage models including cumulative effects;
(vii) exchange of database on test results;
(viii) behavior of nonstructural components,
(c) design methodology to bring these together:
(i)

validation of performance-based earthquake engineering methods;

(ii) assessment of system performance to be carried out based on component
performance;
(iii) evaluation of moderate damage for assessment of damage repair cost;
(iv) development of performance-derived design criteria.
(3 ) At the third workshop, the following format should be considered:
(a) focus on three or four topics, emphasizing presentation of papers on those topics
coupled with working group sessions to examine topics in greater detail; and
(b) participation
organizations,

of

professional

representatives

engineers,
of

national

representatives
organizations

of

code-writing

responsible

for

construction, etc.
(4) Cooperative activities between individual participants from the U.S. and Japan are
encouraged to address problems of mutual concern. Efforts should be undertaken to
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facilitate exchange of personnel, including students, faculty, and professional
researchers and practitioners, as well as of information on technical issues and
applications. Funding agencies are encouraged to support these activities.
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