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ABSTRACT

The seismic response of three reinforced masonry buildings with flexible diaphragms is
investigated, two buildings with instrumentation, and one without. An instrumented three-story
building is investigated for its response during the Whittier Narrows (1989), Landers (1992), and
Northridge (1994), Cdlifornia, earthquakes, and the response of an instrumented two-story
building during the Loma Prieta (1989) earthquake is presented. Flexibility of the diaphragms of
the two instrumented buildings was also studied by using the 1997 UBC criteria. Static and
dynamic analyses were used to evaluate the code criteria for determining the flexibility of the
diaphragms. It was found that for the two instrumented buildings, the classification of the
diaphragm depended largely on the type of loading used in the analyses. A third building studied
in this report is a one-story building lacking instrumentation and modeled using ETABS (version
7). Dynamic time history analyses were conducted on this model using a total of 6 sets of
ground motions representative of strong ground motions, including motions containing multi-
sided displacement pulses. Base shear and displacement time histories suggest that this building
would not suffer significant structural damage in an earthquake having similar ground motion
characteristics. However, damage to nonstructural components and equipment may occur due to

high accelerations.
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1 Introduction

11 GENERAL REMARKS

Damaged observed following moderate to large earthquakes has shown that masonry buildings
are vulnerable to lateral shaking (Abrams 1997). Fallen brick and mortar constitute a life-safety
hazard that must be mitigated for future earthquakes. The two most important methods to
prevent damage, destruction, and loss of life are to constantly improve the current standards by
which buildings are designed, as well as to focus on developing effective methods for the
rehabilitation and/or upgrading of buildings that have been shown to be vulnerable to lateral
shaking.

In order to improve the design of new buildings and select effective new methods to
assess the vulnerability and to retrofit existing facilities, the dynamic behavior of structures
subjected to critical seismic excitations that may occur during their expected service life must be
evaluated. One approach to this existing problem has been the construction and testing of
reduced-scale masonry buildings subjected to an array of simulated earthquake ground motions
(Abrams 1997). However, research has shown that existing instrumented buildings may provide
invaluable insights into the understanding of the true seismic response of masonry buildings
subjected to earthquake ground motions (Raggett and Rojahn 1991). When properly
instrumented to record the response of the building to base accelerations, these data may be used
as a basis for the development and calibration of analytical models and building code
requirements.

Few experimental research studies have attempted to assess the dynamic response of
masonry structures with wood diaphragms. An alternative to using either full-scale or reduced-
scale experiments to evaluate the dynamic response of this class of buildings is to develop
analytical models that can be shown to closely emulate the response obtained from instrumented

buildings for which there are recorded acceleration data.



Though masonry is one of the oldest known forms of construction, a limited number of
studies on the seismic response of reinforced masonry shear wall buildings with flexible
diaphragms have been presented in the literature. Previous efforts have focused on the creation
of a two-dimensional (2-D) multi-degree-of-freedom linear eastic dynamic model for the
analytical analysis of such buildings (Tena-Colunga and Abrams 1992), (Tena-Colunga 1992).
These previous efforts have been expanded to include a simplified three-dimensional (3-D)
dynamic response analysis of masonry buildings with flexible diaphragms. In this simplified
analysis, the 3-D response is approximated by superimposing the peak accelerations at a desired
time of peak response of two 2-D linear elastic MDOF models created for the transverse and
longitudinal building directions. Finaly, a 3-D nonlinear static anaysis, based upon the
equivalent static forces obtained from the dynamic anayses of the two orthogona MDOF
discrete models using the ABAQUS finite element analysis program, was performed to obtain
the quasi-dynamic response of the structure (Tena-Colunga and Abrams 1993, 1995). Recent
increases in the computational speed and the data storage capacity of business computers
coupled with enhanced capabilities of current structural analysis software make the use of more
detailed structural models possible. Hence, the current study reported in this document describes
the development of detailed 3-D models.

Although testing reduced-scale masonry structures is of great significance to
understanding the behavior of such buildings, there is a great need to develop reliable and
practical analytica models for predicting the seismic response of buildings for which
instrumentation is not available, since it is not feasible nor practical to instrument alarge number
of reinforced masonry buildings. Therefore, general guidelines for the development of analytical
models must be developed. To do this, analytical models for predicting the dynamic response of
instrumented masonry buildings need to be created and the calculated response compared to the
recorded response for verification.

In addition, prior analyses of strong motion data have shown that there is a need for more
complete instrumentation of the existing instrumented masonry buildings in order to avoid
ambiguity. Research has aso shown that there is significant amplification of the ground
acceleration at the roof level of stiff shear wall buildings with flexible diaphragms, particularly
in the transverse building direction. However, the motions of such a building in the longitudinal
direction show little amplification at the roof because the primary contributor to that

amplification, diaphragm flexibility, is generally small.
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Structures with flexible floor diaphragms behave intrinsically different under dynamic
lateral loading than structures with rigid diaphragms. This has been recognized by building
codes, including the 1997 Uniform Building Code (UBC, Section 1633.2.9), which specify
provisions for the seismic design of newly constructed building systems considering flexible-
diaphragm behavior (ICBO 1997). However, aclear criterion for determining when a digphragm
is flexible or rigid is not available for application in practice. Flexible-diaphragm systems
continue to be analyzed using the same criteria and recommendations as devel oped for structures
with rigid diaphragms, which may not necessarily be a conservative approach. Research has
shown that structures with flexible diaphragms may experience higher accelerations and
displacements than structures with rigid diaphragms, and their fundamental periods of vibration
may be significantly longer (Tena-Colunga and Abrams 1996).

Although it is known that properly detailed reinforced masonry buildings can develop
sufficient stiffness and strength, their seismic performance has not been well documented in the
past. Therefore, the seismic behavior of masonry structures is still not completely understood.
Certain masonry structures have performed well when subjected to strong ground motions and
modern masonry construction has also had a satisfactory performance in recent earthquakes. Of
the buildings with such modern characteristics are a three-story office building in Lancaster,
California, and a two-story office building in Palo Alto, California. These buildings are of
particular interest for analytical studies as they are among the few reinforced masonry buildings
that have been instrumented by the California Strong Motion Instrumentation Program (CSMIP).
Significant amplification of the peak ground acceleration was observed at the roof level of both
buildings. Each building had satisfactory performance despite the intensity of the seismic
shaking. The analytical study of the performance of each of these buildingsis of interest, since
they serve as a means for enhancing our understanding of how similar masonry structures may

respond when subjected to moderate and strong ground motions.

1.2 OBJECTIVESAND SCOPE

The present work will investigate the seismic response of three masonry shear wall buildings.
Two of these have plywood diaphragms and one has a metal deck diaphragm. The two existing
buildings with plywood diaphragms are instrumented and have recorded the building response to

seismic ground motion, making them valuable for analytical investigation. The California
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Strong Motion Instrumentation Program (CSMIP) has instrumented each of the two buildings.
Strong motion data for thirteen sensors were available to measure the accelerations of the
Lancaster building during the Landers (1992), Northridge (1994), and Whittier Narrows (1987)
earthquakes. Accelerations recorded during the Loma Prieta earthquake (1989) were available
for the Palo Alto building that was instrumented by CSMIP with seven sensors. For the three-
story building, analyses of its dynamic behavior during the 1987 Whittier Narrows, 1992
Landers, and 1994 Northridge earthquakes are presented. Additionally the behavior of the two-
story office building in Palo Alto during the 1989 Loma Prieta earthquake will be examined.
Two of the building systems consisted of |ateral-force-resisting masonry walls, edge beams, and
diaphragms of plywood and joist construction. Specific information regarding the degree of
structural damage to each building as a result of the earthquakes was not available. The third
building is a one-story building that houses equipment. Although it is not occupied during
normal operation, it must remain functional following an earthquake. Three-dimensional linear
elastic analytica models of the three buildings were created using ETABS (Computers and
Structures, Inc. 1999) software to study the seismic response of each building.

Spectral analyses are performed on each building to determine the dynamic
characteristics of the building using the recorded accelerations experienced by the building
during the seismic ground shaking. Three-dimensional models are developed using the linear-
elastic finite elements in ETABS, and the calculated dynamic response to the recorded base
motion is compared to the accelerations and corresponding displacements derived from the
accelerations. Base shear demands are also studied by comparing the 1997 UBC requirements
for the design base shear to the values predicted by the analytical models. Data on soil profile
and properties were not available. Since instruments were located in the base of the building,
soil-structure interaction effects were not considered.

The objectives of this study are to (1) assess the applicability of the analytical models
presently available for analyzing the elastic seismic performance of reinforced masonry
buildings, (2) to estimate through dynamic analyses the linear elastic response and to infer the
potential damage that each of the reference buildings may have experienced under the recorded
ground motion, (3) to estimate the response of the reference buildings under more severe ground
motions to which they may be exposed during their service life, (4) to evaluate the code criteria
for considering a diaphragm as rigid or flexible, (5) to investigate the response modification

factor specified by current building codes for these buildings and (6) to evaluate the implications
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of the obtained results regarding the reliability of present seismic code regulations for the design
of such buildings.



2 Three-Story Office Building: Lancaster

2.1 BUILDING DESCRIPTION
211 General

The three-story office building considered in this investigation is shown below in Figures 2.1 and
2.2. The building has a rectangular plan that is 72’ x 129" and a total height of 37.5'. A view of
the east face is shown in Figure 2.1. Shear walls at the south end of the building are shown in

Figure 2.2.

Figure2.1 West exterior view, 3-story building.

The building was designed in 1975, and simplified plan views of the structural
components of the building floors are presented in Figure 2.3. The building is rectangular in
shape, with the exception of the two rectangular stairwells located at the north and south ends of

the building. The longitudinal dimension of the building is aligned in a north-south direction.



The lateral-force-resisting system is composed of grouted concrete masonry unit block walls in
the N-S and E-W directions, together with plywood diaphragm floor systems. In addition to the
masonry walls, vertical loads are also supported by rectangular steel tube columns located on
interior and exterior column lines having an equal number in each story of the building. The

building foundation consists of concrete piers.

Figure 2.2 Northeast exterior view, 3-story building.
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Figure 2.3 Plan views, 3-story building (cont’d.).

2.1.2 Diaphragms

The roof diaphragm of the three-story office building in Lancaster consists of 4'x 8'x 2" thick
structural I plywood mounted on 20” TJI truss joists running in the E-W direction at 24" o.c.,
while plywood edges were nailed to 2x4 Douglas fir studs at 48" o.c. in the N-S direction. Wide
flange W12 x 16 1/2 steel edge beams span between TS 4x4x3/8 steel tube columns along the

longitudinal (N-S) edges of the roof, W12x27 steel beams span between similar columns at the
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edges of the third-floor diaphragm and W 12x27 steel beams span between TS 4x4x1/2 steel tube
columns at the edges of the second floor. Wide flange W8x17 and W12x19 interior beams
spanning between TS 4x4x3/8 steel tube columns in the N-S direction are used to connect the
12" N-S masonry shear wall to the roof system. Wide flange W14x30 and W8x17 steel beams
spanning between TS 4x4x3/8 steel tube columns in the N-S direction are used to connect the N-
S shear walls to the diaphragms at the third-floor level and similar beams are connected to TS
4x4x1/2 steel tube columns at the second floor level. A typical detail of these connections is
shown in Figure 2.4. The second and third floor diaphragms consisted of 1-1/8" Structural I
plywood mounted on 30" TJI open web truss joists at every 24" o.c. in the E-W direction, and on

2x4 Douglas fir studs in the N-S direction.
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Figure 2.4 Beam to tube column connection detail, 3-story building.

2.1.3 Grouted Walls

The walls of the building are 8” and 12" grouted concrete masonry unit block walls. The
primary lateral force resisting system in the N-S direction consists of four 12” walls located four
feet on either side of the N-S centerline of the building. Three 8" walls were used in the E-W
direction for lateral resistance with one near the E-W centerline and one at each end. Typical

vertical and horizontal reinforcing in the 8" walls of the building were 1-#5 spaced at 32"0.c. and
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1-#4 spaced at 24"o.c., respectively. The 12" walls contained 2-#4 bars spaced at 24" o.c. in the

horizontal direction, while 2-#4 bars spaced at 32" were used as vertical reinforcing.

2.1.4 Connection between Diaphragmsand Walls

Douglas fir (3x6), ledgers run along the E-W (transverse) reinforced CMU shear walls as a
medium for connection of the 2x4 blocking that is perpendicular to the truss joists supporting the
plywood diaphragms of the building. Ledgers of the diaphragms are anchored to the grouted
walls by %" ¢ steel rods embedded 5" into the thickness of the CMU walls at 24" o.c. along the
length of 3x6 Douglas fir ledgers. Plywood structural panels are connected to the ledgers
through 10d nails at 4” o.c. along the length of the ledgers. Typical details of the connections of
the E-W walls to the diaphragm at the roof and third-story levels are shown in Figures 2.5 and
2.6. Connection of the truss joists to the 12” CMU walls in the N-S (longitudinal) walls is

through a corbel at the top chord and a ledger block at the bottom chord. The corbel is formed by
placing two 16” CMU in the wall as shown in Figure 2.7.
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Figure 2.5 Diaphragm to E-W wall connection, roof, 3-story building.
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Figure 2.7 Diaphragm to N-Swall connection, 3rd floor, 3-story building.

13



2.1.5 Foundation System

At ground level, a 4" thick reinforced concrete slab with welded wire mesh rests on a moisture
barrier consisting of 2" of sand over 4-mill visqueen. The foundation consists of 20" diameter
reinforced concrete piers that extend either 20 or 25 ft in depth. Reinforced concrete grade
beams, 18" x 30" span between piers under the grouted CMU walls in both directions. Piers are
also located at all interior and exterior steel tube columns. The base plate of the steel columns
(10" x 10" x 1") is connected to the pier with 4-%4-in. diameter anchor bolts. The concrete slab is
thickened to a depth of 8” and poured over the pier. The details of a typical column to pier

connection and a typical grade beam to pier connection are shown in Figure 2.8.
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Figure 2.8 Foundation details, 3-story building.
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22  WHITTIER NARROWS, LANDERS, AND NORTHRIDGE EARTHQUAKES

Instruments in the building have recorded the response to three major earthquakes over the past

15 years. These earthquakes and the recorded responses are described in the following sections.

2.2.1 TheWhittier Narrows Earthquake (1987)

The Whittier Narrows Earthquake occurred at 7:42 am (PDT) on the morning of October 1, 1987
and was assigned a local Richter magnitude of 5.9 (My). The location of the epicenter was 34"
03.68' N, 118° 04.71'’ W, or 11 km (7 miles) southeast of Pasadena. The building site is
approximately 52 miles north of the epicenter. This earthquake occurred on a previously
unknown, concealed thrust fault approximately 20 km east of downtown Los Angeles,
California. It resulted in eight fatalities and $358 million in property damage. Severe damage
was confined mainly to communities east of Los Angeles and near the epicenter. No severe
structural damage to high-rise structures in downtown Los Angeles was reported.

The most severe damage occurred in the “Uptown” district of Whittier, the old downtown
section of Alhambra, and in the “Old Town” section of Pasadena. These areas had high
concentrations of unreinforced masonry buildings. Residences that sustained damage usually
were constructed of masonry and were not fully anchored to foundations, or were houses built
over garages with large door openings. Many chimneys collapsed and in some cases, fell

through roofs. Wood-frame residences sustained relatively little damage.

2.2.2 ThelLandersEarthquake (1992)

The Landers earthquake occurred at 4:57:31 am (PDT) June 28, 1992, and was assigned a
Richter magnitude of 7.3 (M,,). The epicenter was 34° 12’ N, 116° 26’ W, or 6 miles north of
Yucca Valley and 103 miles from the building site. Having a magnitude of 7.3, the Landers
earthquake was the largest magnitude earthquake to occur in Southern California in 40 years.
The epicenter was in the Mojave Desert, approximately 120 miles from Los Angeles. The
earthquake caused relatively little damage for its size, since it occurred in a sparsely populated

area. The total length of the ground rupture, 85 km, illustrated the power of this earthquake.
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2.2.3 TheNorthridge Earthquake (1994)

The Northridge earthquake occurred at 4:30 am (PST) January 17, 1994, and was assigned a
Richter magnitude of 6.7 (My,). The epicenter was 34° 12.8" N, 118° 32.22’ W, 20 miles west-
northwest of Los Angeles, or one mile south-southwest of Northridge. The reference building is
located 40 miles from the epicenter. At 4:30 am, on January 17, 1994, the strong shaking of the
Northridge earthquake rudely awakened residents of the Greater Los Angeles area. This was the
first earthquake to strike directly under an urban area of the United States since the 1933 Long
Beach earthquake.

The Northridge earthquake occurred on a blind thrust fault, and produced the strongest
ground motions ever instrumentally recorded in an urban setting in North America. Damage was
widespread, sections of major freeways collapsed, parking structures and office buildings
collapsed, and numerous apartment buildings suffered irreparable damage. Damage to wood-
frame apartment houses was very widespread in the San Fernando Valley and Santa Monica

areas, especially to structures with “soft” first floors or lower-level parking garages.

23 INSTRUMENTATION AND RECORDED RESPONSE

The California Strong Motion Instrumentation Program (CSMIP) instrumented the three-story
office building with thirteen sensors [CSMIP, 1994]. The location of each sensor is shown
schematically in Figure 2.9. Sensors 1, 9, and 13 recorded motions at the base. Sensors 8 and 12
recorded horizontal accelerations at the second-floor level. Sensors 5, 6, 7, and 11 recorded
horizontal accelerations at the third-floor level, and sensors 2, 3, 4 and 10 measured the
horizontal accelerations of the roof during the earthquakes. Acceleration data recorded at each of

the 13 channels were available from CSMIP.
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Figure 2.9 Location of strong motion instrumentation, 3-story building.
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2.3.1 Observed Damage

Specific information regarding the extent to which the three-story building suffered damage after

the Landers, Whittier Narrows, and Northridge earthquakes is not available in the public domain.

2.3.2 Recorded Motionsduring the Whittier Narrows Earthquake (1987)

The time histories showing the recorded accelerations and corresponding displacements at each
of the 13 sensor locations during the Whittier Narrows earthquake are shown in Appendices A-1
and A-2, respectively. During the Whittier Narrows earthquake, the sensors measured a total of
40 sec of acceleration data, although only 9 sec were considered to be significant strong ground
motion. Recorded peak accelerations and corresponding displacements for each sensor during
the Whittier Narrows earthquake are summarized in Tables 2.1 and 2.2, respectively. Peak
absolute displacement denotes the maximum displacement at a particular sensor location, which
is the displacement relative to the base plus the base displacement of the building. Peak relative
displacement refers to the maximum displacement of each sensor relative to the base.

From a preliminary inspection of the characteristics of the recorded acceleration response
of the three-story building, it is apparent that the frequencies of the acceleration and computed
displacement time histories at each channel appear to stay relatively constant even after the
strongest portion of the motion. Such an occurrence suggests that the building remained
essentially elastic during the Whittier Narrows earthquake.

These data also indicate that a significant amplification of the ground accelerations
occurred in the transverse (E-W) building direction. The middle shear wall in the E-W direction
experienced a peak acceleration at the roof level of 0.09g as measured by sensor 2, while a peak
acceleration of 0.18g in the roof diaphragm was recorded between the middle and north walls by
sensor 3. However, the peak ground acceleration in the E-W direction during the Whittier
Narrows earthquakes was only 0.06g, as measured by sensor 9.

In the longitudinal (N-S) building direction, a smaller amplification of motion was
observed. A peak acceleration of 0.06g at the roof level was recorded by sensor 10; however, the
corresponding peak ground acceleration was measured by sensor 13 to be 0.04g. Significant
ground motion amplifications are not expected to occur along the longitudinal direction of
buildings with flexible diaphragms because the primary contributor to that amplification,
diaphragm flexibility, in that direction is anticipated to be small (Raggett and Rojahn 1991).
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Vertical accelerations are a concern in masonry structures, since they may adversely
affect the stresses due to gravity loads, especially if these accelerations are high. The peak
vertical ground acceleration of the three-story building during the Whittier Narrows earthquake
was measured by sensor 1 to be 0.02g. Such vertical ground acceleration values are too low to
have any significant impact on the magnitude of the stresses due to gravity load and thus were

not considered in this study.

2.3.3 Recorded Motionsduring the Landers Earthquake (1992)

The time histories showing the recorded accelerations and calculated displacements at each of
the 13 sensors during the Landers earthquake are shown in Appendices A-3 and A-4,
respectively. During the Landers Earthquake, the sensors recorded a total of 80 sec of
acceleration data, although only 7 sec were considered to be significant ground motion. Peak
accelerations recorded for each sensor during the Landers earthquake and corresponding
displacements are summarized in Tables 2.1 and 2.2, respectively.

An inspection of the acceleration and displacement time histories indicates that the
frequency of the accelerations and displacements for each channel stays relatively constant even
following the strongest portion of the base motion. Such a result suggests that the building
responded in an essentially elastic manner during the Landers earthquake.

Amplification of the peak acceleration between the ground and roof levels was observed
in the E-W direction during the Landers earthquake, due to the in-plane flexibility of the
diaphragms in the transverse building direction. During the Landers earthquake, the middle wall
of the E-W lateral-force-resisting system experienced a peak acceleration at the roof level of
0.09g was measured by sensor 2, while a peak acceleration in the roof diaphragm of 0.24g was
measured midway between the middle and north walls by sensor 3. However, the peak ground
acceleration in the E-W direction during the Landers earthquake was only 0.07g as measured by
sensor 9. The recorded data show that only slight amplification of the peak acceleration between
the ground and roof occurred in the N-S direction. A peak acceleration of 0.06g at the roof level
was measured by sensor 10, whereas the peak N-S ground acceleration as measured by sensor 13
was 0.04g. The peak vertical ground acceleration of the three-story building during the Landers

earthquake was 0.04g, which is not considered to be significant.

19



2.3.4 Recorded Motionsduring the Northridge Earthquake (1994)

Time histories showing the recorded accelerations and corresponding displacements at each of
the 13 sensors during the Northridge earthquake are shown in Appendices A-5 and A-6,
respectively. During the Northridge earthquake, the sensors measured a total of 80 sec of
acceleration data, with 25 sec regarded as strong ground motion. Peak accelerations and
displacements recorded for each sensor during the Northridge earthquake are summarized in
Tables 2.1 and 2.2, respectively. The peak absolute and relative displacements in Table 2.2 refer
to the peak values over the duration of the corresponding time history record. Therefore, the
peak relative displacement and any associated peak absolute displacement do not occur at the
same instant of time. The acceleration and displacement response of the three-story building
show that the frequency of the recorded values stay relatively constant even after the strongest

portion of the motion.

Table 2.1 Peak recorded accelerations, 3-story building.

S . Peak Absolute Acceleration ()
ensor |.D. Location — -
W hittier Narrows Landers Northridge

1 Ground (UP) 0.02 0.04 0.04
2 Roof (E-W) 0.09 0.09 0.07
3 Roof (E-W) 0.18 0.24 0.12
4 Roof (E-W) 0.07 0.09 0.07
5 3RD (E-W) 0.08 0.09 0.06
6 3RD (E-W) 0.15 0.19 0.13
7 3RD (E-W) 0.07 0.09 0.06
8 2ND (E-W) 0.06 0.07 0.05
9 Ground (E-W) 0.06 0.07 0.04
10 Roof (N-S) 0.06 0.06 0.09
11 3RD (N-S) 0.05 0.05 0.08
12 2ND (N-S) 0.05 0.04 0.07
13 Ground (N-S) 0.04 0.04 0.07

Amplification of the ground motions was noticed in the E-W building direction, but the
effect was not as prevalent along the N-S dimension. During the earthquake, the middle wall
experienced a peak acceleration at the roof level of 0.07g as measured by sensor 2, while a peak
diaphragm acceleration of 0.12g was experienced between the middle and north walls as
measured by sensor 3. The peak ground acceleration in the E-W direction during the Northridge

earthquake was 0.04g as measured by sensor 9. In the N-S direction, the building experienced a
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peak acceleration of 0.09g at the roof level as measured by sensor 10. The corresponding peak
ground acceleration earthquake was 0.07g as measured by sensor 13.
The peak vertical ground acceleration of the three-story building during the Northridge

earthquake was measured to be 0.04g and not considered to have any significant impact.

Table2.2 Peak absolute and relative recorded displacements, Whittier Narrows, Landers

and Northridge, 3-story building.

Peak Absolute Displacements Peak Relative Displacements
Sensor . (Inches) (Inches)
1.D. Location Whittier Whittier
Landers Northridge Landers Northridge
Narrows Narrows
1 Ground (UP) 0.53 0.02 0.68
2 Roof (E-W) 1.02 0.08 1.48 0.01 0.14 0.16
3 Roof (E-W) 1.00 0.13 1.42 0.09 0.26 0.18
4 Roof (E-W) 1.04 0.08 1.47 0.03 0.16 0.15
5 3RD (E-W) 1.02 0.07 1.48 0.01 0.16 0.12
6 3RD (E-W) 0.98 0.11 1.41 0.08 0.23 0.13
7 3RD (E-W) 0.98 0.07 1.43 0.02 0.14 0.12
8 2ND (E-W) 0.97 0.07 1.45 0.01 0.12 0.10
9 Ground (E-W) 0.96 0.06 1.43
10 Roof (N-S) 1.11 0.09 1.05 0.13 0.17 0.15
11 3RD (N-S) 0.96 0.08 1.01 0.01 0.12 0.14
12 2ND (N-S) 0.96 0.08 1.04 0.01 0.12 0.15
13 Ground (N-S) 1.04 0.07 1.06

24  SPECTRAL ANALYSES

In order to better understand the recorded dynamic response of the building and to evaluate the
dynamic characteristics of the building prior to performing the detailed response analyses, the
recorded response data were processed using response spectra and moving window Fourier

analyses. The results of these studies are discussed and presented in the following sections.

2.4.1 Whittier Narrows Earthquake
2.4.1.1 Linear Elastic Response Spectra (LERS)

LERS for 5% damping in all modes were generated and plotted for the recorded motion of the
three-story building during the Whittier Narrows earthquake. The spectra were generated by
passing the recorded base accelerations in the N-S and E-W directions, from channels 13 and 9,

through a single-degree-of-freedom oscillator having 5% of critical damping. The resulting
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response spectra for the N-S and E-W directions of the three-story building are presented in

Figure 2.10.

Whittier Narrows: Response Spectra

0.20

0.16 -

0.12

0.08 -

Spectral Acceleration (g)

0.04

O-OO T T T T T T T T T T T T T T T T T T T T

0 0.2 0.4 0.6 0.8 1
Period (sec.)

Figure 2.10 N-Sand E-W response spectra, Whittier Narrows, 3-story building.

This figure indicates that for periods less than 0.35 sec the E-W motion produces higher spectral
accelerations, whereas for periods above 0.35 sec the spectral accelerations due to the N-S

motions are higher.

2.4.1.2 Fourier Analyses

Moving window Fourier transfer function (MWFTF) analyses were performed using the
recorded base and roof motions in both the N-S and E-W directions of the building to obtain the
variation of the first mode (translation) periods during the Whittier Narrows earthquake. The
recorded data from sensors 2 and 9 were used to compute the moving window analyses in the E-
W direction, while the recorded acceleration response from sensors 10 and 13 were used for the
N-S direction. The Fourier transfer functions have been calculated for 10-sec window lengths
with 5-sec window shifts, thus resulting in 14 windows. Moving window analyses were also

conducted between the roof and base motions obtained from sensors 3 and 9. The resulting plots
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of the variation of the period for the fundamental translation mode of the building in each

direction are shown in Figure 2.11.

Whittier Narrows: Moving Window
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Figure2.11 Temporal period variation, Whittier Narrows, 3-story building.

From inspection of the resulting moving window diagrams for the N-S direction, we may
notice that the period of the three-story building varied between 0.17 and 0.19 sec, with an
average value of approximately 0.18 sec. Similarly, in the E-W direction the period of the
building varied between 0.15 and 0.20 sec. However, the average values in both directions are
approximately 0.17 sec. From the moving window results, we see that the first translation mode
periods of the building in both the E-W and N-S directions are approximately 0.18 sec during the
Whittier Narrows earthquake. This lack of a significant change in the first mode period in the N-
S and E-W directions suggest that the building did not experience appreciable inelastic behavior
during the Whittier Narrows earthquake. Therefore, the conclusion can be made that the three-

story building remained essentially linear elastic.

24.2 LandersEarthquake
2.4.2.1 Linear Elastic Response Spectra (LERS)

LERS for 5% damping were generated and plotted for the recorded motion of the three-story
building in the N-S and E-W directions during the Landers earthquake. The spectra were
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generated by passing the recorded base accelerations in the N-S and E-W directions, from
channels 13 and 9, through a single-degree-of-freedom oscillator having 5% of critical damping.
The resulting response spectra for the N-S and E-W directions of the three-story building are
presented in Figure 2.12. For this earthquake, the ground motions in the E-W direction produce

the higher spectral accelerations.

Landers: Response Spectra
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Figure 2.12 N-Sand E-W response spectra, Landers, 3-story building.

2.4.2.2 Fourier Analyses on Landers Data

Moving window Fourier transfer function analyses were performed using the recorded base and
roof motions in the N-S and E-W directions of the building during the Landers earthquake. The
moving window results for the building in the N-S and E-W directions are shown in Figure 2.13.
The resulting moving window diagrams for the N-S direction indicate that the period of the
three-story building varied between 0.15 sec and 0.25 sec with an average of 0.20 sec during the
entire duration of the earthquake record. Similarly, in the E-W direction, the period of the
building varied between 0.15 sec and 0.22 sec. From the moving window results, it can be seen
that the periods of the first translation mode of the building in both the E-W and N-S directions
are approximately 0.2 sec during the Landers earthquake. This lack of a significant change in

these first mode periods in the N-S and E-W directions suggest that the building behavior was
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primarily linear elastic and that the building did not suffer any appreciable structural damage

during the Landers earthquake.

Landers: Moving Window
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Figure 2.13 Temporal period variation, Landers, 3-story building.

2.4.3 Northridge Earthquake
2.4.3.1 Linear Elastic Response Spectra (LERS)

LERS for 5% damping in all modes were generated and plotted for the recorded motion of the
three-story building in the N-S and E-W directions during the Northridge earthquake. The
resulting response spectra for the N-S and E-W directions of the three-story building are
presented in Figure 2.14. Here it can be seen that the N-S motions are predominate for periods
less than 1.0 sec, but for periods above 1.15 sec, the E-W motions have higher spectral

accelerations.
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Northridge: Response Spectra
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Figure 2.14 N-Sand E-W response spectra, Northridge, 3-story building.

2.4.3.2 Fourier Analyses on Northridge Data

As for the Whittier Narrows and Landers earthquakes, moving window Fourier transfer function
analyses were performed using the recorded base and roof motions for the N-S and E-W
directions to evaluate any variation of the periods of the fundamental translation modes of the
three-story building during the Northridge earthquake. The moving window results for the
building in the N-S and E-W directions are shown in Figure 2.15. From the moving window
results, it can be seen that the first translation mode periods of the building in the N-S and E-W
directions all vary between 0.15 and 0.30 sec with an average approximately 0.22 sec throughout
the record. This lack of a significant change of the first translation mode periods in both the N-S
and E-W directions between the first window and the last window suggests that the building did
not suffer any appreciable structural damage during the Northridge earthquake. However, it may
have experienced some micro-cracking of the masonry walls. Therefore, the conclusion can be

made that the three-story building remained essentially elastic during the Northridge earthquake.
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Northridge: Moving Window
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Figure 2.15 Temporal period variation, Northridge, 3-story building.

2.4.4 General Conclusions

The lack of a significant shift in the first mode periods in the E-W and N-S directions indicate
that the behavior of the building during all three earthquakes remained essentially elastic.
Variations in the translation periods during the earthquakes may be due to the opening and
closing of cracks in the masonry walls. It can be observed that the smaller variation occurred
during the weaker, Whittier Narrows earthquake.

One may argue that the time shift between successive windows of the moving window
Fourier transfer function analyses (5 sec) is too long for a building with a short period. It could
also be possible that the length of the window is too long (10 sec) for this type of structure. Both
points need to be investigated further for such a rigid structure in order to refine this analysis
technique. Cracking of the masonry walls can have a significant effect on the effective stiffness.
If the buildings under study had exhibited inelastic behavior due to yielding or the reinforcing
steel or a pull-out of the connections, the results of the MWFTF would have indicated an
increase in the fundamental period which remained to the end of the time history. Therefore, it is
reasoned that the MWFTF analyses conducted on these buildings was sufficient to show that (1)
the period of the buildings remained fairly constant and that variations were mainly due to
micro-cracking of the masonry shear walls and loosening of the nailed connections and (2) the

building response was primarily in the elastic range during all three earthquakes.
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25 ELASTICDYNAMIC ANALYSES

Three-dimensional dynamic analyses of building structures have traditionally not been done
because of high computational demands and memory requirements. However, with the surge in
computational capabilities available to engineering offices, such analyses may be used for more
conventional structural systems. A wide variety of general-purpose computer software is
currently available for the static and dynamic structural analysis of complex frame structures.
Most of these programs can be used for the analysis of multi-story frame and shear wall
buildings. However, ETABS is a special-purpose computer program developed specifically for
building systems. It has simplified input and output that reduces the time required for
development of the analytical model and the time to evaluate the final results. ETABS, a finite-
element-analysis-based software package that has been in development since the late 1960s, has
proven to be an invaluable design and analysis aid to structural engineers (Computers and

Structures, Inc. 1999).

251 Mathematical Model

Although masonry is known to be a highly nonlinear material, the moving window Fourier
transfer function analyses of the recorded data of the building during each of the three
earthquakes indicated that the three-story building remained essentially elastic during all three
earthquakes. Therefore, it was deemed sufficient to develop a linear model to evaluate the
dynamic response. Due to the expected interaction of the walls, base slab and diaphragms, a
three-dimensional linear elastic finite element model of the three-story building was developed
using ETABS (version 7) computer software, although other computer programs could also have
been used. An isometric view of the 3-D linear elastic analytical model of the three-story
building is shown in Figure 2.16. The model consists of a total of 5,112 nodal points. To
accurately reproduce the flexibility of the diaphragms, 6,413 shell elements were used, which is
well above the recommended minimum (Computers and Structures, Inc. 1999). The columns,

edge beams, and interior beams were modeled using 824 frame elements.
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Figure 2.16 3-D linear elastic ETABS model, isometric view, 3-story building.

2.5.1.1 Modeling of Flexible Plywood Diaphragms

Thick shell elements were employed to model the roof and floor diaphragms. Use of such
elements was necessary to sufficiently reproduce both the translation and the flexural movement
of the diaphragms. The thick plate option was selected, so that the shear deformation of the
diaphragm would also be considered. The plywood diaphragms of the three-story building
consisted of structural plywood panels mounted on truss joists running in the E-W (transverse)
direction of the building. The diaphragm was represented by shell elements having an equivalent
uniform thickness that represented membrane and bending stiffness in each principal orthogonal
direction of the building. The methodology for calculating the equivalent membrane and
bending thickness for the floor and roof diaphragms is shown in Figure 2.17. For the membrane
thickness, determining an equivalent thickness that resulted in the same cross-sectional area
accomplished this. For the bending thickness, a uniform thickness was determined that resulted
in the same moment of inertia as the actual cross section. The resulting equivalent section was

rectangular in shape with a different thickness associated with each property in each principal
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direction of building. For simplicity, the stiffness of the diaphragms in the E-W and N-S
directions was considered independent of one another.

Equivalent shell element thickness properties at the roof level in the E-W direction were
based on 2" plywood that was nailed to 20” TJI trusses spaced at 2’ on center. In the N-S
direction they were based on 2" plywood panels with 2x4 Douglas fir (DF) flat blocking spaced
at 4" and used for nailing at the plywood edges. At a typical floor level, the equivalent thickness
properties in the E-W direction were based on 1-1/8" plywood mounted on 30" TJM open web
trusses spaced at 2’ on center. In the N-S direction they were based on 1-1/8" plywood with 2x4
DF flat blocking at every 4’ at the plywood edges. The resulting values for the equivalent
membrane and equivalent bending thickness in the E-W direction at the roof level were 1.25 in.
and 12.24 in. respectively. Similarly, the values for the equivalent membrane and bending
thickness calculated for the floor diaphragms of the building in the E-W direction were
calculated to be 2.0 in. and 14.87 in., respectively. The large value for the equivalent bending
thickness of the roof and floor diaphragms in the E-W direction is a direct result of considering
the Trus Joists cross section in the calculations. In the N-S direction, the equivalent membrane
thickness and equivalent bending thickness at the roof level were 0.61 in. and 1.13 in.
respectively, while corresponding values of 1.29 in. and 1.85 in. were used at the floor levels.

Orthotropic material behavior was essential to model the difference in diaphragm
material properties between the E-W and N-S directions. Material properties were calculated for
the roof and floor diaphragms, to capture the combined interaction on the effects of the TJI
trusses and the plywood. The average modulus of elasticity of plywood was taken to be 1700
ksi. The average modulus of elasticity of 20" and 30" TJI trusses was taken to be 1450 ksi, and
1905 ksi, respectively (Trus Joist MacMillan 1998). Equation (2.1) is the formula used to
determine the modulus of elasticity of the open-web TJM trusses, where E is the effective
modulus of elasticity, I is the actual moment of inertia of the truss section, and d is the average

depth of the truss minus 3.5 in. (Trus Joist MacMillan 1998).
El =10.06x10°d? (2.1)

The direction of the grain of the plywood was also considered in the calculations of the
effective modulus of elasticity of the diaphragms. The modulus of elasticity of the plywood
diaphragms in the weak direction was calculated according to Equation (2.2), where Eyea and

Esrong, refer to the elastic moduli in the perpendicular and parallel to the direction of the grain
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(Breyer et al. 1999). The equivalent elastic modulus of each diaphragm in each direction was
taken as the average of each of the respective components used in the equivalent thickness
calculations. Thus, the effective moduli of elasticity used at the roof level were 1700 ksi in the
N-S direction, and 750 ksi in the E-W direction. For the floor diaphragm shell elements, an
effective elastic modulus was taken as 1700 ksi in the N-S direction, and 975 ksi in the E-W
direction. It is imperative that the modulus of elasticity of the TJI and TJM trusses be considered
in the calculation of the equivalent modulus of elasticity for the shell elements used to model the
diaphragm, because the trusses make a significant contribution (e.g., 1.85 in. to 12.24 in.) to the

diaphragm bending stiffness.

E

E s =2 22)
weak 35

Since no data were readily available regarding the shear modulus of TJI and TIM truss
joists, the equivalent shear modulus value of each of the diaphragms was simply taken as the
average shear modulus of plywood. Thus, a value of 90 ksi for the shear modulus was used for
the shell elements in both principal directions of the building. In any case, it is reasonable to
limit the shear modulus of each diaphragm to that of the plywood because the plywood serves as

the only continuous media that provides resistance to shear deformation.
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Figure2.17 Concept of equivalent diaphragm thickness.

2.5.1.2 Modeling of Masonry Shear Walls

Thick plate shell elements were used to model both the 8” and 12" thick shear walls. Cracking
of the masonry wall section was assumed and the equivalent thickness was computed based on
the cracked section properties for a rectangular section under bending. The ACI Code (10.11.1)

suggests an effective moment of inertia of 0.351; for beams and walls to account for cracking.

For masonry, the reinforcement in the wall generally consists of a single curtain of steel placed

on the center-line of the wall resulting in an effective depth of 0.5h. The effective moment of

0.35(h/2)’

inertia per inch becomes . Equating this value to that of the plate element results in

an effective thickness for the element, hy =0.35h. In this manner, the equivalent thickness

properties for membrane and bending stiffness for the shell elements used to model the shear

walls were taken as 35% of the uncracked section resulting in an equivalent thickness of 2.8" for
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the 8" walls and 4.2" for the 12" walls. Although the thickness of the walls were reduced for
modeling purposes, the weight of the walls were calculated based on the original dimensions of
the walls and used in the dynamic analyses of the building.

Isotropic material behavior was assumed for the masonry shear walls. The modulus of
elasticity for masonry was calculated using Equation (2.3), where f'y, was taken to be 1500 psi
(Brandow, Hart and Virdee 1997). Poisson’s ratio for masonry was assumed to be 0.2, and the
shear modulus was calculated internally by ETABS to be G =468.75ksi, based on the

dependence relation for an isotropic material as shown in Equation (2.4)

E=750f"_ (2.3)
E
T 2(1+) @4

2.5.1.3 Other Moddling Considerations

The connections of both interior and exterior wide flange steel beams to the tubular steel
columns in the three-story building were considered to be simple shear-type. In the connection
detail, shown in Figure 2.5, the steel beam rather than the steel tube column is continuous
through the joint. The column has a cap plate that bolts to the bottom flange of the beam and a
base plate that bolts to the top flange. Continuity of the column is provided by two channel
sections welded to each side of the beam web. A bolted shear splice in the web of the beam is
just outside the column. Therefore, end moment releases about the strong axis of the frame
elements used to model these interior and edge beams were used to re-create the pinned end
connection of the wide flange steel beams in the three-story building.

In modeling the building in ETABS, a few of the steel wide flange beam sizes listed on
the structural drawings were modified slightly from the original sizes, since they were no longer
included in the sections listed in the AISC steel design manual (AISC 1998). To model the
W8x17 steel beams used in the connection between the masonry shear walls in the N-S direction,
W8x18 sections were used in their place. W12x16 sections were used in the model to represent
theW12x16.5 sections used as exterior edge beams at the roof level of the building. W12x26

sections were used to model the W12x27 sections used as exterior edge beams on the second and
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third floors of the building and finally, a W6x16 section was used to model the actual W6x15.5
edge beam beneath the canopy of the building at the second-floor level.

In the plane of the truss joists, the top chord is anchored to a small corbel to make the
connection at the masonry wall as shown in Figure 2.7. The bottom chord is connected to a
ledger block in the wall. In the out-of-plane direction, blocking connected to a ledger block
anchored in the wall stabilizes the bottom chord. At the exterior on the east and west sides, the
top flange of the edge beam supports the top chord of the truss joist. For this type of framing,

simple, pinned connections were used at both ends of the truss joists.

2.5.1.4 Weight (Mass) Determination

The weight (mass) of the floor levels of each of the two buildings under study was estimated
based on the information given on the structural drawings. However, it was necessary to
estimate the weights of some of the finish materials of each building.

All weight calculations were based on the weight per unit area and on the outer
dimensions of the building. This resulted in a plan area of 9,739 ft*. The unit weight of the
exterior glass was multiplied by the portion of the building perimeter not enclosed by the
masonry shear walls. Estimations of the total weight (mass) of each floor level of the building
were based on the heights tributary to each level. Architectural, framed 2x4 stud fin walls are
located at the columns on the east and west sides of the building. The weight of these members
was distributed along the total height of the exterior columns from ground to roof level.

For calculation of the total mass of the roof framing consisting of the trusses and
plywood sheathing, the lineal weight of 4.5 1b/ft for a typical 20" TJI truss was obtained from the
Trus Joist McMillan Product Specifications Manual (Trus Joist MacMillan 1998). The 2".
plywood sheathing was covered with a 20-year bondable Class A roof. Table 2.3 documents the
estimations made for the weight of the three-story building at the roof level.

An average lineal weight of 8.3 1b/ft for typical 30” TIM trusses was obtained from the
Trus Joist McMillan Product Specifications Manual. The truss weight was essential for
estimating the weight of the roof floor diaphragms. The estimations made for the weight (mass)

at the third-floor level of the building are summarized in Table 2.4.
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Table 2.3 Roof weight (mass) calculations, 3-story building.

Assumed Unit
Component Weight Weight (k)
(psh)

Roof Framing X 68
Roofing 6 58
Hung Ceiling 8 78
Exterior Glass 8 16
Exterior Wall X 71
Elevator 50 11
Exterior Columns X 2
Interior Columns X 1
Edge Beams X 4
Interior Beams X 2
Shear Wall (It. wt. CMU) X 258
Total Roof Weight 569 kips
Roof Translational Mass 1.47 k-s*/in

Table2.4 Third-floor weight (mass) calculations, 3-story.

Assumed Unit )
Component Weight nght
(psh

Roof Framing X 105
Roofing 2 19
Hung Ceiling 8 78
Exterior Glass 8 25
Exterior Wall X 52
Exterior Columns X 3
Interior Columns X 1
Edge Beams X 7
Interior Beams X 3
Shear Wall (It. wt. CMU) X 524
Partitions 20 195
Total 3" Floor Weight 1013 kips
3" Roof Translational Mass 2.62 k-s*/in

The estimations made for the weight (mass) at the second-floor level of the building are
shown in Table 2.5. The total weight of the three-story building used for dynamic analyses was
2606 kips (6.74 k-s*/in.).
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Table 2.5 Second-floor weight (mass) calculations, 3-story building.

Assumed Unit .
Component Weight W(elgght
(psH)

Roof Framing X 105
Roofing 2 19
Hung Ceiling 8 78
Exterior Glass 8 25
Exterior Wall X 54
Exterior Columns X 4
Interior Columns X 2
Edge Beams X 7
Interior Beams X 3
Shear Wall (It. wt. CMU) X 532
Partitions 20 195
Total 2" Floor Weight 1024 kips
2" Roof Translational Mass 2.65 k-s*/in

25.2 Modal Period Analyses

The 3-D finite element ETABS model of the three-story building was used to evaluate the first
20 mode shapes and frequencies of the structure. The deflected mode shapes of the translational
mode of vibration in the N-S and E-W directions for the three-story building are shown in
Figures 2.18 and 2.19, which corresponded to modes 1 and 2 from the ETABS output. The third
mode shape was calculated to be a torsional mode shape and is displayed in Figure 2.20. The
modal periods of the building corresponding to the first translational mode shapes in the N-S and
E-W direction were 0.210 and 0.209 sec, respectively. The torsional mode shape of the building
had a 0.189 sec period of vibration. Due to the lack of symmetry of the building, the deformed
shape of the translational modes differ in each principal direction of the building. The
translational mode in the E-W direction captures the in-plane bending of the diaphragm with the
E-W direction shear walls acting as fixed diaphragm supports in the horizontal plane.

The values of the fundamental modal period of vibration for the building in each
orthogonal direction predicted by the analytical model closely reproduced the values obtained
from the spectral analyses of the recorded response of the building: approximately 0.175 sec in
each direction. The translational periods calculated by the ETABS model neglect the effect of
the nonstructural components, such as interior partitions. These elements would add some initial
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stiffness to the building as indicated by the period obtained from the recorded data being slightly
less than the calculated period. Additionally, modeling the structural masonry walls with a
reduced thickness decreases the stiffness of the model and hence lengthens the period obtained
from the analysis of the analytical model. In running the dynamic analysis of the model,
including 20 modes, allowed 93.1% of the translational mass to participate in the dynamic
response, which is above the 90% required by the 1997 UBC. Since the period of the fixed-base
model agrees reasonably well with the recorded period, additional flexibility at the base was not

considered in this study.

Figure 2.18 Trandational mode shape, N-S (longitudinal), 3-story building.
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Figure2.19 Translational mode shape

Figure 2.20 Torsional mode shape, 3-story building.
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2.5.3 Calculated vs. Recorded Response

To study the dynamic time history response of the three-story Lancaster building subjected to the
recorded motions at its base, the 3-D ETABS model was simultaneously subjected to base
accelerations recorded in the N-S (record 13) and E-W (record 9) directions. A value of 5%
critical damping for all 20 modes was used in the dynamic response analyses. Both the
acceleration and displacement time histories for the building were computed using the analytical
model and compared to the recorded data. It was decided that the comparison of the calculated
building response with that recorded could more accurately be evaluated by studying the
displacement response.

The three-dimensional analytical model was used to compute the dynamic displacement
time history responses at each sensor location above ground level of the three-story building.
The ETABS acceleration time history results were computed and integrated to obtain the
corresponding displacement response of the building during each earthquake. Baseline

corrections were then applied to the displacement data.

2.5.3.1 Whittier Narrows Displacement and Acceleration Comparisons

Acceleration and displacement comparisons between the predicted values from the analytical
model and from the actual recorded response for sensor 3 of the three-story building during the
Whittier Narrows earthquake are shown in Figures 2.21 and 2.22. From these figures, it is
evident that aside from slightly overestimating the peak displacement at each sensor location, the
model successfully reproduced the displacement response. The model tended to overestimate the
magnitude of the peak acceleration values. However, the origin of this discrepancy is the result
of high-frequency, short-duration acceleration spikes. The model was able to reproduce the
general frequency of the recorded response. The time history acceleration and displacement

comparisons were also computed for the remaining 9 sensors elsewhere (Tokoro 2001).
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Figure 2.21 Calculated vs. recorded accelerations (ch. 3), Whittier Narrows.
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Figure 2.22 Calculated vs. recorded displacements (ch. 3), Whittier Narrows.

Whittier Narrows: Channel 3

0.30 1
0.20 1
0.10 |
0.00 |
-0.10 -
-0.20 |

recorded
ETABS

-0.30 1

Time (Sec)

Whittier Narrows: Channel 3

15

20

0.15 -
0.10 |
0.05 |

0.00 %

-0.05 |
-0.10 -

-0.15 1

recorded
ETABS

,- fo A % ‘w'\/wfw‘w

10 20
Time (Sec)

40

30

40



2.5.3.2 Landers Displacement and Acceleration Comparisons

Acceleration and displacement time history responses for sensor 3 at the roof level during the
Landers earthquake are compared in Figures 2.23 and 2.24. In all cases, the 3-D ETABS model
successfully approximated the recorded peak values, as well as the frequency of the response.
The calculated and recorded acceleration and displacement responses for the remaining sensors
of the three-story building are presented elsewhere (Tokoro 2001). The acceleration time
histories of all 10 sensors located above ground level show a reasonable correlation to the actual
recorded values. The model was especially accurate in predicting the acceleration time histories

of the south wall in the N-S lateral force resisting system at the second, third, and roof levels.

Landers: Channel 3
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Figure 2.23 Calculated vs. recorded accelerations (ch. 3), Landers.
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Figure 2.24 Calculated vs. recorded displacements (ch. 3), Landers.

2.5.3.3 Northridge Displacement and Acceleration Comparisons

Acceleration and displacement time history responses for sensor 3 at the roof level during the
Northridge earthquake are compared in Figures 2.25 and 2.26. In all cases, the 3-D ETABS
model was able to successfully approximate the recorded peak values, as well as the frequency of
the response. The calculated and recorded acceleration and displacement responses for the
remaining sensors for the three-story building are shown elsewhere (Tokoro 2001). The
acceleration time histories of all 10 sensors located above ground level show a reasonably good
correlation to the actual recorded values.

In general, the match between the recorded and calculated values of both displacement
and acceleration are good. However, the displacement comparisons provide more insight into
the physical response. The calculated acceleration amplitudes tend to overestimate the recorded
response at the locations of all channels in the E-W and N-S directions. One source of error is
due to the fact that the exact location of the recording instrument is unknown, which makes it

hard to know if the calculated results represent the exact location of the sensor in the building.
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Figure 2.25 Calculated vs. recorded accelerations (ch. 3), Northridge.
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Figure 2.26 Calculated vs. recorded displacements (ch. 3), Northridge.

However, these comparison plots indicate that the calculated displacement response
closely approximates the recorded displacement response of the building during each of these

three earthquakes. A closer examination of the comparison plots indicates that the analytical
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model slightly overestimated the peak displacement at each sensor location. This occurrence
may indicate that a slightly higher damping is required in the analytical model. The displacement
comparisons cover the entire duration for which there were recorded data, and show extremely
close results. Comparing the recorded and calculated displacement results over the significant
portion of the recorded ground motion indicated that the linear elastic model was adequate to

reasonably predict the displacement response of the building for each of the three earthquakes.

26 UNIFORM BUILDING CODE COMPARISON

The three-story office building in Lancaster, California, was designed in 1975, and it is assumed
that the governing building code was the 1973 Uniform Building Code (ICBO 1973). Therefore,
estimates of the nominal base shear capacity of the three-story building were made using the
1973 UBC. The design base shear was also calculated for the three-story building using the

1997 UBC in order to assess current code provisions for calculation of the design base shear.

2.6.1 Code Seismic Force Requirement (UBC 1973)

The three-story building was designed in 1975, and thus is assumed to have been designed
according to the governing building code at that time. The UBC 1973 specified that the design
base shear values were to be calculated along each principal dimension of the building. The base
shear V in the longitudinal or transverse direction of the building may be calculated using
Equation (2.5).

The seismic coefficient, C, is specified by Equation (2.6) and the period, T, can be
estimated using the empirical formula in Equation (2.7), where H is the total height of the
building in feet, and D is the plan dimension of the building in the direction of seismic loading

parallel to a principal building dimension.

V = KCWZ (2.5)
0.05

C= 2.6

T (2.6)

T _ 0.05H @7

VD
Due to the difference in longitudinal and transverse dimensions of the three-story

building, the period, and hence the base shear had to be computed for loading along both
44



directions. Using the Equation (2.7) in the N-S and E-W directions of the three-story building,

the calculated periods are shown in Equations (2.8) and (2.9), respectively.

_0.05H _ 00537.5f) _ 03)

D 120

T

_0.05H _ 0.05(37.51t)
J/Day J72 1t

Similarly, using Equation (2.6) we find that the seismic coefficients may be computed in the N-S

TEW

=0.22 sec (2.9)

and E-W direction as shown in Equations (2.10) and (2.11).

0.05 0.05
Cys = - =3 =0.091 (2.10)
\/TNS 0.17 sec
0.05 0.05
Coy = =0.083 2.11
= 3 Tew V0.22sec @1h

Using K=1.33, Z=1.0 (load bearing) and W to be the total weight of the three-story building
above ground in Equation (2.5), the design seismic resistance coefficients for the N-S and E-W

directions may be computed as shown in Equations (2.12) and (2.13).
Vs = (ZKC s )W = (1.0)(1.33)(0.09HW = 0.12W (2.12)
Vg = (ZKCgy )W = (1.0)(1.33)(0.083)W = 0.11W (2.13)

Taking W to be the effective dead load of the building, the design base shears in the N-S and E-
W directions are as shown in Equations (2.14) and (2.15).

Vs = 0.12W = 0.12(2606 kips) = 312.72 kips (2.14)
Vg, = 0.11W = 0.11(2606 kips) = 286.66 kips (2.15)

2.6.2 CodeDesign Requirements (UBC 1997)

The period of the three-story building was calculated according to Method A of the 1997 UBC
provisions, with the value of C; equal to 0.020. According to the 1997 UBC, the period of the
three-story building may be approximated by “Method A,” and is given by the following

empirical formula in Equation (2.16).

T =0.020(hn)>’% = 0.02(41.5 ft)3/* = 0.3270 sec (2.16)
The actual soil profile at the location of the building is unknown, which made using the

default soil profile Sp necessary in the code analysis calculations. Since the three-story building
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is located in California, it was necessary to use the seismic zone factor Z=0.4. Near-source
factors were chosen based on a generating seismic source A and a distance to source greater than
15km, where N, and N, were each taken to be 1.0. The seismic coefficients C, and C, for a
building in seismic zone 4 and sited on a soil of profile Sp are calculated using the 1997 UBC
formulas shown in Equation (2.17).
C,=0.44N, =0.44(1.0) =0.44
C, =0.64N, =0.64(1.0) = 0.64

A structural system factor of R=5.5 (masonry shear wall building frame system) was used in the

2.17)

base shear calculations although according to the 1997 UBC, a strength reduction factor of 4.5
would be more appropriate (ICBO 1997).

The 1997 UBC specifies that the design base shear V in a given direction of a building
should be determined from the Equation (2.18).

%
V:(C\,I}N:( 0.64*1.0 )\N:O.36\N (2.18)
RT 5.5*%0.3270sec

However, the total design base shear need not exceed Equation (2.19).

% %
V< 25C, 1\, _ (2.5 0.44 I'O)w oW (2.19)
R 55

The total design base shear shall not be less than Equation (2.20).

V =0.11C,IW = 0.11(0.44)(1.0)W = 0.048W (2.20)
In addition, the 1997 UBC specifies that for Seismic Zone 4, the total base shear shall not be less

than specified in Equation (2.21), where R is a factor based on the natural structural system of
the building, I is an importance factor, N, is a near-source factor, and C, and C, are seismic

coefficients which are determined for a given Seismic Zone and soil profile type.

* * *
V- (o.slquvl )W _ (0.8 0.4; 51.0 1'0)w _ 0.058W 2.21)

Using a value of R=5.5 and an importance factor of [=1.0 for a building of typical use,

the total design base shear as predicted by the 1997 UBC is governed by the limiting formula in

Equation (2.22).
2.5C,1 S5*%0.44%*1.
V = Sca — w =0.2W (2,22)
R 5.5
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Equation (2.22) states that the total lateral force requirement will be 20% of the effective self-
weight of the building, W. Estimating W as 2606 kips, the base shear requirement as determined
by the 1997 UBC code may be computed as in Equation (2.23).
V =0.2W = 0.2*2606.06 kips = 521.21kips (2.23)
The value of the design base shear calculated using the 1973 UBC requirements is based on
allowable (working) stress, whereas the value computed using 1997 UBC formulas is based on
the ultimate strength. For purposes of comparison, the value of base shear computed from the
1973 UBC was multiplied by the load factor of 1.4. It should be noted that the values of the base
shear calculated using the current 1997 UBC provisions in the N-S and E-W direction are 19.0 %
and 30.0% greater than the lateral force requirement used to design the building in 1975.
Therefore, the current 1997 UBC is more demanding for calculation of the design base shear
compared to the 1973 UBC. It should also be noted that the estimate of the period given by the
1973 UBC gave a close approximation of the actual value as determined from the recorded data
and the finite element calculations. The estimate from the 1997 UBC was 50% higher than the

actual although the period did not control the determination of the base shear for this building.

2.7 ANALYSESOF BASE SHEARS

Of the accelerations measured during three of the earthquakes recorded at the base of the
building, the maximum values of base acceleration in the N-S (Northridge) and E-W (Landers)
directions were 0.07g, which is of no surprise being that the location of the three-story building
was far from the epicenter of each earthquake. Thus, to study the seismic demands on the
building when subjected to more intense ground shaking, four more demanding ground motions
were selected. These four additional ground motions are the following: (1) the ground motion
recorded at the Newhall Fire Station during the Northridge earthquake, (2) the ground motion
recorded in Lucerne during the Landers earthquake that contains a one-sided displacement pulse,
(3) the ground motion recorded at Takatori during the Kobe earthquake that contains two-sided
displacement pulses and (4) the ground motions recorded at the Los Gatos Presentation Center
during the Loma Prieta earthquake that contains multiple-sided displacement pulses. Therefore,

seven ground motions were used for the evaluation of the seismic behavior of this building.
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28 IN-PLANE SHEAR CAPACITY

The nominal shear capacity of a structural wall can be determined using Equation (2.24), where

the coefficient C4 depends on the ratio of M/Vd (ICBO 1997).

V= CyAn/ Tl + A, (2.24)

For these walls, the above equation for nominal shear strength can be expressed as shown in

Equation (2.25), where the ratio of \I>/I_d is approximately 0.52, resulting in a value of C4 = 2.

f d
V. =C,/f' hd+ '%“Szy (2.25)

For the four walls in the N-S direction, the length of an individual wall is 567", the thickness, h,
is 12", the masonry strength is 1,500 psi and the horizontal steel is 1-#4 at 12". If the effective
length of the wall is taken as 0.8xly,, the nominal shear capacity of a single wall is 725 kips, and
for the four walls this becomes 2900 kips in the N-S direction. Lateral resistance in the E-W
direction is provided by six 8" masonry walls. Each wall has a length of 32 ft and is reinforced
with 1- #4 bar at 24 in. in the horizontal direction. As before, if the effective length of the wall is
taken as 0.8*1y, the nominal shear capacity of a single wall is 293 kips and for the six walls the

total shear capacity becomes 1756 kips in the E-W direction.

2.8.1 Whittier Narrows Earthquake

The linear elastic analytical model was used to predict the base shear demands of the three-story
building during the Whittier Narrows earthquake. The results were then compared to the design
values of base shear specified by the 1973 and 1997 UBC that were calculated in the previous
section. The comparison of the predicted base shear in the N-S and E-W directions to the 1973
and 1997 UBC values during the Whittier Narrows earthquake are displayed in Figures 2.27 and
2.28.
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Figure 2.27 N-S design vs. calculated base shear demand, Whittier Narrows, 3-story

building.
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Figure 2.28 E-W design vs. calculated base shear demand, Whittier Narrows, 3-story
building.
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From these comparisons, it can be seen that the seismic base shear demand on the
building is well within the strength limits set by both codes. These results suggest that the three-
story building did not suffer any appreciable damage during the Whittier Narrows earthquakes,

and consequently it is assumed to have behaved in a linearly elastic manner.

2.8.2 LandersEarthquake

The comparisons of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the Landers earthquake are displayed in Figures 2.29 and 2.30. From
inspection of the base shear time histories, it can be seen that the base shear in the E-W direction
exceeds the base shear in the N-S direction for much of the time history. This is to be expected,
because the transverse ground motion in channel 9 is stronger than the longitudinal motion as
measured by channel 13 and may also be affected by increased flexibility of the diaphragm. The
base shear demands on the three-story building were below both UBC design values in both
directions. Thus, the three-story building performed in a primarily linear manner during the

Landers earthquake.
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Figure 2.29 N-Sdesign vs. calculated base shear demand, Landers, 3-story building.
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Landers: Base Shear (E-W)
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Figure 2.30 E-W design vs. calculated base shear demand, Landers, 3-story building.

2.8.3 Northridge Earthquake

Base shear comparisons of the analytical time history results and for the 1973 and 1997 UBC
lateral force requirements in the N-S and E-W directions during the Northridge earthquake are
displayed in Figures 2.31 and 2.32. From these comparisons, we can see that the seismic
performance of the building was well within both UBC design criteria in both building
directions, which is indicative of the linear elastic behavior of the three-story building during the

Northridge earthquake.
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Northridge: Base Shear (N-S)
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Figure 2.31 N-Sdesign vs. calculated base shear demand, Northridge, 3-story building.
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Figure 2.32 E-W design vs. calculated base shear demand, Northridge, 3-story building.
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2.8.4 Newhall Fire Station (Northridge Earthquake)

The acceleration recorded at the Newhall Fire Station during the Landers earthquake was used to
study seismic response and behavior of the three-story building to strong motion. The N-S and
E-W components of this recorded base motion are shown in Figures 2.33 and 2.34. The peak
recorded base acceleration values in the N-S and E-W directions were both 0.60g. Elastic
response spectra for 5% critical damping were generated for this ground motion and are shown
in Figure 2.35.

The calculated base shears in the N-S and E-W directions due to the strong motion
recorded at Newhall are compared with the 1973 and 1997 UBC requirements in Figures 2.36
and 2.37. From these comparisons, it can be seen that the base shear demand of this record
exceeded both UBC values during the significant portion of the strong motion, thus indicating
that inelastic behavior could occur if the strength capacity is the minimum value required by
code. Due to demand vs. strength this most likely would have occurred in the E-W direction.
Such a result should be expected, since the code specifies the design for a reduced elastic base
shear using the system-specific R factor, so that the building will be excited into the inelastic
range and become vulnerable to damage under strong ground motion.
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Figure 2.33 N-Sacceleration time history, Newhall.
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Figure2.34 E-W acceleration time history, Newhall.
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Figure 2.35 N-Sand E-W response spectra, Newhall.

54



Newhall: Base Shear (N-S)
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Figure2.36 N-Sdesign vs. calculated base shear demand, Newhall, 3-story building.
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Figure 2.37 E-W design vs. calculated base shear demand, Newhall, 3-story building.
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2.8.5 Lucerne(LandersEarthquake)

The recorded ground accelerations at Lucerne during the Landers earthquake in the N-S and E-W
directions are shown in Figures 2.38 and 2.39. The recorded peak accelerations in the N-S and
E-W directions during this motion are 0.72g and 0.44g. Elastic response spectra for 5% of
critical damping were generated using the N-S and E-W ground motions recorded at Lucerne and
are shown in Figure 2.40.

Predicted base shear in the N-S and E-W directions during the strong motion recorded at
Lucerne are compared with the strength requirements of the 1973 and 1997 UBC in Figures 2.41
and 2.42. These comparisons indicate that the base shear demand on the three-story building
exceeded both UBC values for much of the duration of strong ground motion. From Table 2.6 it
can be seen that the maximum base shear demand in the N-S direction during this motion was
2,401 kips, which is 443% greater than the 1973 UBC code values of 442.4 kips for which the
building was assumed to have originally been designed. The maximum base shear demand in the
E-W direction was 2,578 kips, which is 543% greater than the 1973 UBC value of 401.2 kips. In
both cases the code values have been scaled by 1.4 to represent ultimate strength. Thus, from this
strong motion analyses, it can be concluded that the three-story building would have performed
in a nonlinear manner and suffered considerable damage if subjected to a ground motion similar
to that recorded at Lucerne and if the actual shear strength is close to the code requirement.
However, computed in-plane shear capacities of the walls significantly exceeded the code

strength requirements.
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Figure 2.38 N-Sacceleration time history, Lucerne.
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Figure2.39 E-W acceleration time history, Lucerne.
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Figure 2.40 N-Sand E-W response spectra, L ucerne.
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Lucerne: Base Shear (N-S)
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Figure2.41 N-Sdesign vs. calculated base shear demand, Lucerne, N-S, 3-story building.
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Figure2.42 E-W design vs. calculated base shear demand, L ucer ne, 3-story building.
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2.8.6 Takatori (Kobe Earthquake)

The recorded base accelerations at Takatori, Japan during the Kobe earthquake, used to conduct
strong motion analyses of the three-story building, are shown in Figures 2.43 and 2.44. The peak
recorded accelerations in the N-S and E-W directions during this motion are 0.61g and 0.62g.
Elastic response spectra for 5% of critical damping were generated using the N-S and E-W
ground motions recorded at Takatori are shown in Figure 2.45.

The comparisons of the predicted base shear in the N-S and E-W directions to the 1973
and 1997 UBC design base shears are presented in Figures 2.46 and 2.47. From these
comparisons, it can be seen that the base shear demand of the three-story building exceeded both
the 1973 and 1997 UBC criteria for nearly the entire duration of the significant strong motion.
From Table 2.6 we can see that the maximum base shear demand in the N-S direction during this
motion was 3337 kips, which is 754% greater than the 1973 UBC code values of 442.3 kips for
which the building was assumed to have been originally designed. The maximum base shear
demand in the E-W direction was 3903 kips, which is 973% greater than the 1973 UBC value of
401.2 kips. Thus, this strong motion analyses, indicates that the three-story building may have
performed in a nonlinear manner and suffered considerable damage if subjected to an equivalent

base motion.
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Figure 2.43 N-Sacceleration time history, Takatori.
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Spectral Acceleration (g)
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Figure 2.44 E-W acceleration time history, Takatori.
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Figure 2.45 N-Sand E-W response spectra, Takatori.
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Figure 2.46 N-Sdesign vs. calculated base shear demand, Takatori, 3-story building.
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2.8.7 LosGatos(Loma Prieta Earthquake)

The ground accelerations at Los Gatos Pres. Center (LGPC) recorded during the Loma Prieta
earthquake in the N-S and E-W directions used to conduct strong motion analyses of the three-
story building are shown in Figures 2.48 and 2.49. The recorded peak accelerations in the N-S
and E-W directions during this motion are 0.563g and 0.605g. Elastic response spectra for 5% of
critical damping for these ground motions are shown in Figure 2.50.

The comparison of the predicted base shear in the N-S and E-W directions to the 1973
and 1997 UBC values during the strong motion recorded at LGPC are shown in Figures 2.51 and
2.52. From these comparisons, we can see that the base shear demand of the three-story building
exceeded both UBC values for nearly the entire duration of the significant strong motion. From
Table 2.6 we can see that the maximum base shear demand in the N-S direction during this
motion was 2239 kips, which is 505% greater than the 1973 UBC code design values of 442.4
kips for which the building was assumed to have been originally designed. The maximum base
shear demand in the E-W direction was 2069 kips, which is 516% greater than the 1973 UBC
design criteria of 401.2 kips. Thus, from this strong motion analyses, we can conclude that the
three-story building would have performed in a nonlinear manner and suffered considerable
damage if subjected to a ground motion similar to that recorded at LGPC. However, strength
capacity of the structural walls is estimated to be considerably higher than the minimum code

requirement, which may limit the amount of damage in the E-W direction.
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Figure 2.48 N-Sacceleration time history, LGPC.
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Figure 2.49 E-W acceleration time history, L GPC.
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Figure 2.50 N-Sand E-W response spectra, LGPC.
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Los Gatos: Base Shear (N-S)
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Figure 2.51 N-Sdesign vs. calculated base shear demand, L GPC, 3-story building.
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Figure2.52 E-W design vs. calculated base shear demand, L GPC, 3-story building.
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Table2.6 Summary of N-Sand E-W peak absolute base shear demand, 3-story building.

Building Direction
Transverse (E-W) Longitudinal (N-S)
Max. Abs. Percent of E-W Percent of §L973 Percent of EL997 Max. Abs. | Percent of E-W Percent of .jL973 Percent of EI.997
Earthquake Base Shear capacity UBC design UBC design Base Shear capacity UBC design UBC design
strength strength strength strength
Vi max Voms 100 | Voms yjgp | Yems oo Vo max Vo g0| Voms 100 [ Vems .igg
' Vh‘\:ap b,1973 b,1997 ' Vn,cap b.,1973 b,1997
(kips) (percent) (percent) (percent) (kips) (percent) (percent) (percent)
Whittier 3346 191 83.4 64.2 2218 76 50.1 425
Recorded Narrows
Motions Landers 365.9 20.8 91.2 70.2 236.1 8.1 53.4 45.3
Northridge 241.6 13.8 60.2 46.4 247.3 8.5 55.9 47.4
Strong Newhall 3092.1 176.1 770.5 593.2 3395.5 117.1 767.7 651.5
Motion Lucerng 2578.2 146.8 642.5 494.6 2401.0 82.8 542.9 460.7
Analyses Takatori 3903.6 222.3 972.7 748.9 3336.6 115.1 754.4 640.2
Los Gatos 2068.5 117.8 515.4 396.9 2239.2 77.2 506.3 429.6

29 DIAPHRAGM SHEAR

Perhaps the most critical component of a building with rigid walls and flexible diaphragm is the
timber diaphragm. In-plane shear forces due to the deflection of the diaphragm can be significant
and under more severe earthquake ground motions can readily exceed allowable stresses
specified in current building codes. Under the three ground motions recorded at the building site,
the shear demand varies up to 0.24 kips/in. for the roof and up to 0.11 kips/in. for both floors.
These values compare with strength capacity of 0.18 kips/in. for the roof and 0.27 kips/in. for the
floors. The shear contours due to the recorded Northridge ground motion are representative of
this response and are shown in Figure 2.53 for the roof, Figure 2.54 for the third floor and Figure
2.55 for the second floor.

Considering the effect of the more severe ground motions on the diaphragm, the ground
motion recorded at the Newhall Fire Station (Northridge), is representative. The diaphragm shear
varies from 0.0 to 0.6 kips/inch at the roof and second floor levels and varies from 0.0 to 0.70
kips/inch at the second floor level. In-plane shear contours are shown in Figure 2.56 for the roof,

Figure 2.57 for the third floor and Figure 2.58 for the second floor.

65



{amn
L
ar

4 0.0 o P 0.72

Figure 2.53 In-plane shear force contour, roof, Northridge, 3-story building.
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Figure 2.54 In-plane shear force contour, 3" floor, Northridge, 3-story building.
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Figure 2.56 In-plane shear force contour, roof, Newhall, 3-story building.
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Figure 2.57 In-plane shear force contour, 3" floor, Newhall, 3-story building.
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Figure 2.58 In-plane shear force contour, 3" floor, Newhall, 3-story building.
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210 MODIFICATION OF ELASTIC RESPONSE: THREE-STORY BUILDING

From Table 2.6 it can seen that the maximum base shear demands from the four ground motions
recorded at the site are all less than the 1973 UBC allowable design requirement. However, the
maximum base shear demand in the N-S direction due to the Newhall ground motion has a value
of 3,396 kips. This is 675% greater than the 1973 UBC code strength design level of 438 kips
that is obtained by multiplying the allowable design level of 313 kips by 1.4 to scale it to the
strength design level. In a similar manner, the maximum value of base shear in the E-W direction
for this record was calculated to be 3,092 kips. This value is 671% greater than the 1973 UBC
code allowable design base shear scaled to a strength design level of 401 kips. Therefore, it
appears likely that the three-story building would have suffered a significant amount of damage
if it had experienced base motion of this magnitude and if the actual yield strengths of the
masonry walls were similar to the base shear requirements of the codes. However, it has been
shown that the walls of this building, with minimum reinforcing, have substantial overstrength
with respect to the code design base shear. This will be discussed in the following paragraphs.

It has been suggested (Bertero 1986) that formulation for the response modification
factor, R, can be divided into factors related to reserve strength (overstrength), ductility and
redundancy. This is the approach taken in more recent studies (ATC 1995) that resulted in
Equation (2.26) for the response modification factor.

R=RR,Ry (2.26)
In Equation (2.26) R; is a strength factor, Ry, is a ductility factor and Rg is a redundancy factor. It
is further suggested in this publication that buildings with as many as four lines of seismic
framing be assigned a redundancy factor of unity. Since the building under consideration has six
walls in the E-W direction and four walls in the N-S direction, it is concluded that for the
purposes of this study the redundancy factor can be considered as 1.0. The value of R given in
the code for a bearing wall system having masonry shear walls is 4.5 and the corresponding
strength factor is given as 2.8. This implies a ductility factor of Ry, = 4.5/2.8 = 1.6. Considering
the response to the Newhall ground motions discussed previously, the reduction factors for

strength and ductility are calculated as shown in Table 2.7.
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Table 2.7 Base shear response modification factors, 3-story building.

Newhall Fire Station (Northridge, 1994) Ground Motion

Building Direction Transverse (E-W) | Longitudinal (N-S)
DeélBgIé 'S;;?I;gt:héf\sld ) 637 Kips 637 Kips
Maximum Strength (RV,) 1756 Kips 2900 Kips
(In-plane shear strength, Sec. 2.7)
R, 2.8 4.6
Required Elastic Strength (Table 6) 3092 Kips 3396 Kips
R, 1.76 1.17
1
Design Strength (V) 401 Kips 438 Kips
UBC'73 x 14
Maximum Strength (R, ) 1756 Kips 2900 Kips
R, 4.38 6.62
Required Elastic Strength (Table 6) 3092 Kips 3396 Kips
R, 1.76 1.17

These components are computed using the 1997 UBC code with R = 4.5 and the 1973
UBC code that was assumed to have been used to design the three-story building. Although the
1973 design base shear scaled to strength level is between 63% and 69% of the 1997 strength
design base shear, the minimum reinforcing requirements for the structural walls cause the
amount of reinforcing steel in the walls to be the same for both codes. Therefore, the lateral
resistance is the same and the ductility factor remains the same for both codes. The main
difference is the overstrength factors that are 2.8 and 4.6 for the '97 UBC compared to 4.38 and
6.62 for the '73 UBC in the E-W and N-S directions respectively. Using the minimum steel
percentage also means that the lateral resistance depends primarily on the length and width of the
walls and can lead to substantial overstrengths in some cases depending on the structural
configuration. This can result in a substantial variation in the strength factor. In some cases, it
may have prevented serious damage to buildings of this type during strong earthquakes;
however, in other cases, it may have induced forces in the connections or diaphragms that were
well above their strength capacity. Similarly, increased loads transmitted from the walls into the
timber diaphragm may have exceeded the diaphragm capacity and have led to premature failure.

It can be seen that as the overstrength factor is reduced, the ductility factor will have to be
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increased and vice versa. The ductility factors calculated in Table 2.7 have values of 1.76 and
1.17 that are close to the value of 1.6 used for this type of building in the 1997 UBC. It should be
emphasized that this example is based on the in-plane shear strength of the structural walls. The
performance of the building may be controlled by some other failure mechanism such as
diaphragm shear, out-of-plane wall flexure, or diaphragm connection to the walls. The strength
of the overall structural system can be evaluated by using a nonlinear pushover analysis that

considers the interaction of the strengths of the various components.

211 DIAPHRAGM FLEXIBILITY

It is of interest to investigate the UBC 1997 requirements for diaphragm flexibility as applied to
the three-story building. The UBC 1997 code requirement will be computed for the three-story
building using both static and dynamic loading cases, and the suitability of these requirements

will be discussed.

2.11.1 1997 UBC Flexible Diaphragm Requirement

Section 1630.6 of the 1997 Uniform Building Code states that “Diaphragms shall be considered
flexible for the purposes of distribution of story shear and torsional moment when the maximum
lateral deformation of the diaphragm is more than two times the average story drift of the
associated story.” Thus, the code condition may be expressed using Equation (2.27).

1997 UBC - maximum lateral deformation of diaphragm.

>2 2.27
averageassociatedstory drift 2.27)

This ratio can be determined as the lateral in-plane displacement of the diaphragm itself under
lateral load relative to the story drift of adjoining vertical-resisting elements (walls) under
equivalent tributary lateral load. It should also be noted that “story drift” is the lateral

displacement of one level relative to the level above or below.

2.11.2 1997 UBC Flexible Diaphragm Verification

Verification of diaphragm flexibility was conducted by comparison of the midspan relative
deflection and corresponding support displacement of the roof and third-floor diaphragms of the

three-story building in the N-S and E-W building directions. Displacement time history results
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for the desired locations along the diaphragm were obtained using the ETABS linear elastic
mathematical model subjected to the recorded base motions during the Landers earthquake. As
previously mentioned, the maximum base acceleration recorded during the three earthquakes for
which there are recorded data was 0.07g (Landers); thus it was deemed appropriate to limit this
part of the study to characterize the flexibility of the roof and third-floor diaphragms based on
the displacement response of the building during the Landers earthquake.

Separate flexibility analyses were conducted using both static equivalent lateral loads as per
1997 UBC, and using dynamic time history analysis results. It should be noted that the 1997
UBC requirement for considering a diaphragm as flexible is for analysis and design using the
static procedure and loading the structure independently in each of the two principal directions.

The steps taken to compute the ratio for this study will be discussed in this section. The
calculations performed for the 1997 UBC displacement ratio for flexible diaphragm verification
are illustrated in Figure 2.59. Note that this figure is not meant to represent the actual
configuration of any of the buildings considered in this study. Also, for the sake of simplicity,
the drawings shown represent the case where no torsion is present. The gray lines in the diagram
represent the undeformed configuration, and the black lines represent the assumed deformed
configuration resulting from seismic loading. The steps required to compute the numerator of
the 1997 UBC ratio (level i) for this example building are illustrated in Figure 2.59 (a). The
maximum diaphragm deformation is the displacement at midspan (relative to the base) for the
level of the building under consideration (i.e., level i ) minus the average displacements (relative
to the base) at the vertical supports. Computation of the denominator for the 1997 UBC
displacement ratio is illustrated in Figure 2.59 (b). The denominator requires computation of the
interstory drift, which considers the displacement of the story below the level of interest (i.e.,

j =i1—=1). The interstory drift for story j is computed for each vertical support and these two
values of interstory drift are averaged to obtain the resulting denominator for the 1997 UBC

displacement ratio for story j . Hence the displacement ratio becomes A, 4/9;.
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Figure 2.59 Example calculation of numerator and denominator, 1997 UBC ratio.
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2.11.2.1 Static Loading

Diaphragm flexibility under static loading was studied by considering the behavior of the three-
story building under the 1997 UBC inverted triangular static equivalent lateral load pattern in the
N-S and E-W building direction separately. The load patterns used were generated with the
ETABS 1997 UBC automatic lateral-load-generating option, and were applied to the building
through its center of mass parallel to the N-S and E-W building directions. The deflected shape
of the third-floor diaphragm of the three-story building subjected to inverted triangular lateral
loading in the N-S and E-W directions is displayed in Figures 2.60 and 2.61, respectively.
Similarly, Figures 2.62 and 2.63 depict the deflected shape of the roof diaphragm when loaded
with the inverted triangular lateral load distribution. Comparing Figure 2.60 with Figure 2.62, it
can be seen that in the N-S direction, the diaphragm deforms as a cantilever off the two interior
walls with the larger relative deformation occurring at the edge of the diaphragm at the roof
level. Comparing Figures 2.61 and 2.63 indicates that the larger relative deformation in the E-W

direction is also at the roof level and occurs near the center of each of the two subdiaphragms.

e
===

===
e

Figure 2.60 N-Sdeformed shape, '97 UBC static loads, 3% floor, 3-story building.
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Figure2.62 N-Sdeformed shape, 97 UBC static loads, roof, 3-story building.
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Figure 2.63 E-W deformed shape, '97 UBC static loads, roof, 3-story building.

Diaphragm flexibility was considered for both directions. To compute the displacement
ratio to be compared to the 1997 UBC code criteria for the E-W direction, the maximum lateral
deformation of the subdiaphragm was taken to be the difference between the maximum
displacement along the subdiaphragm between the adjacent supports and the average
displacement of the two adjacent supports. For the N-S direction, maximum lateral deformation
in the diaphragm was the difference between the deformation at the “unsupported” edge of the
subdiaphragm and the deformation of the supporting walls. Additionally, for either direction, the
“average associated story drift” was taken as the average interstory drift of the vertical resisting
elements (walls) associated with the subdiaphragm.

To calculate numeric ratios for comparison using the ETABS analytical results, it was
necessary to compute the ratios using defined points along the wall and diaphragm near the
instrument locations. The points for ratio calculation are shown as a schematic diagram of the
plan views of the roof and third floors of the building in Figure 2.64. For convenience, the walls
of the building oriented in the E-W direction are labeled from left to right as W1, W2, and W3,
respectively.
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To compute the diaphragm flexibility ratio for the E-W direction, the maximum lateral
deformation was assumed to occur near midspan (sensor 3) between the supported ends of the
subdiaphragm at the north end (Figures 2.61 and 2.63). Therefore, taking the difference in
displacement between sensor 3 and the average displacement at sensors 2 and 4 produced the
maximum absolute displacement of the subdiaphragm at the roof level. The drift of the vertical
supporting elements was obtained by taking the difference between the drifts at the roof (sensor
2) minus the drift at the third floor (sensor 5). A similar procedure was used for the third floor
taking the difference in displacement between sensor 6 and the average displacement at sensors 5
and 7 to obtain the maximum absol ute displacement of the subdiaphragm at the third level. The
drift of the vertical supporting elements was obtained by taking the difference between the drifts
at the third level (sensor 5) minus the drift at the second level sensor 8. It will be shown that the
displacement response at sensor 4 is similar to sensor 2 and that sensor 7 is similar to sensor 5.

In the N-S direction, the sensors were located at the interior walls at the roof (10), third
floor (11) and second floor (12) levels, corresponding instrumentation on the diaphragms was
not available. Therefore locations directly opposite of locations 10 (Point A) at roof level and 11
(Point B) at the third floor were used to calculate the relative displacement at the edge of the
diaphragm. A procedure similar to that just discussed for the E-W direction was used to calculate
the code displacement ratio.

Table2.8 E-W and N-Sdiaphragm flexibility verification, '97 UBC static loading, r oof
and 3" floor diaphragms, 3-story building.

Static Loading
Corresponding
. Maximum d|aphragm ayerage 1997 UBC Code Ratio
Diaphragm deformation associated story
Floor . ; :
orientation drift
Amax AO Amax/AO
(inches) (inches) (inch/inch)
Roof E-W 0.1283 0.0255 5.03
N-S 0.1384 0.0288 4.81
3rd E-W 0.0788 0.0684 1.15
N-S 0.0774 0.0576 1.34

**Note: Static loading in N-S and E-W directions applied separately
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The calculated code displacement ratios for digphragm flexibility in the N-S and E-W
directions under static loading in the N-S and E-W directions are shown in Table 2.8, where
values above 2.0 are representative of a flexible diaphragm. The results of these comparisons
indicate that according to the aforementioned criteria, the roof diaphragm in both directions may
be considered a flexible diaphragm. However, the third floor ratios are below 2.0 for both

directions and may be considered as arigid diaphragm.

Grouted CMU block walls

>A rd
P
P— ?
10 2 3 syl 1 70
129’ J
w1 w2 w3
Roof Plan
s
P
p— ?
11 5 6 7vl | 70

129 —J

39 Floor Plan

Figure2.64 Locationsfor diaphragm flexibility verification, 3" floor and roof

diaphragms, 3-story building.

2.11.2.2 Dynamic Loading

The predicted displacement response of the three-story building during the Landers earthquake

was used to compute the flexible diaphragm code criteria again at the roof and third floor levels

and in the N-S and E-W directions. In contrast to the static loading case, the dynamic loads were
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applied ssimultaneoudly to the structure as two acceleration time histories at the base in the N-S
and E-W directions. Since the displacements varied with time, the displacement ratio was
computed at the instant of maximum midspan displacement in the diaphragm. After this initia
calculation, the computations were identical to those performed for the static loading case.

Time history plots of the displacements relative to the base of the structure at the midspan
and support locations for the roof and third-floor diaphragms in the E-W direction as obtained
using the ETABS mathematical model, are shown in Figures 2.65 and 2.66, and corresponding
magnified views of the comparison for both diaphragms are shown in Figures 2.67 and 2.68.
The magnified view showcasing the comparison of the midspan diaphragm displacement to the
corresponding support relative displacements in the E-W direction show that the period of the
oscillation of the displacement response is approximately 0.2 sec, and is therefore in agreement
with the fundamental period in the E-W direction obtained from the dynamic modal analyses.
From Figures 2.65 and 2.66, it is evident that the roof and third-floor diaphragms in the E-W
direction do not behave in arigid manner, as the center of the diaphragm displaces substantially
more than the supporting wall. Additionally, Figures 2.69 and 2.70 show the variation of support
displacement at walls W2 and W3, the supporting walls of the E-W diaphragm under
consideration for the roof and third-floor diaphragms. From this figure it is clear that the two
supporting walls undergo very similar displacements (which cause the graph to appear asif there
isonly one time history) for both the roof and third floors.

Landers: Roof Diaphragm Displacement (E-W)
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Figure 2.65 E-W midspan vs. support relative displacements, roof, 3-story building.
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Landers: 3rd Floor Diaphragm Displacements (E-W)
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Figure 2.66 E-W midspan vs. support relative displacements, 3" floor, 3-story building.

Landers: Roof Diaphragm Displacement (E-W)
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Figure 2.67 E-W midspan vs. support relative displacements (magnified), roof,
3-story building.

Landers: 3rd Floor Diaphragm Displacements (E-W)
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Figure2.68 E-W midspan vs. support relative displacements (magnified), 3" floor, 3-
story building.
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Landers: Roof Support Displacement (E-W)
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Figure 2.69 E-W supporting wallsrelative displacements, roof, 3-story building.
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Figure2.70 E-W supporting wallsrelative displacements, 3" floor level, 3-story building.

The time history comparison of the relative displacement at sensor location 10 and point
A on the roof diaphragm in the N-S direction are shown in Figure 2.71. A similar comparison
for location 11 and point B for the third-floor diaphragm is displayed in Figure 2.72, and the
corresponding magnified views for the roof and third-floor diaphragms are shown in Figures
2.73 and 2.74, respectively. As for the E-W direction, the magnified view of the diaphragm
displacement time history comparison verify that the period of the building in the N-S direction
is approximately 0.2 sec, as computed using modal analyses. Again, we see that even in the N-S
direction, both the roof and third-floor diaphragms do not behave rigidly, as the “free” end
displaces more than the supported end.

The results of the calculated flexibility ratios for the dynamic loading case are
summarized in Table 2.9 and indicate that the relative displacement ratios for both the roof and
third-floor diaphragms al exceed 2, thus implying that all the diaphragms in this building meet
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the 1997 UBC criteria for consideration as flexible diaphragms in both principal building
directions. For the roof digphragm, the results of the static and dynamic loading cases are
similar, though the calculated ratios using dynamic loading were higher. However, the results
for the third-floor diaphragm under dynamic loading are contradictory to those computed using
static loads. The ratios for the third-floor diaphragm in both the N-S and E-W directions for the
dynamic load case exceeded 2, indicating that this diaphragm also behaves in a flexible manner,
in contrast to the result obtained under static load. More complete instrumentation is needed to

evaluate the behavior of the diaphragm.

Landers: Roof Diaphragm Displacement (N-S)
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Figure 2.71 N-Smidspan vs. support relative displacements, roof, 3-story building.
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Figure 2.72 N-Smidspan vs. support relative displacements, 3" floor, 3-story building.
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Landers: Roof Diaphragm Displacement (N-S)
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Figure 2.73 N-S midspan vs. support relative displacements (magnified), roof, 3-story
building.
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Figure2.74 N-Smidspan vs. support relative displacements (magnified), 3" floor, 3-
story building.

Table2.9 E-W and N-Sdiaphragm flexibility verification, dynamic loading, roof and 3"
floor diaphragms, 3-story building.

Dynamic Loading
. Maximum dlaphragm Time of max_lmum Correspondlng avere}ge 1997 UBC Code Ratio
Floor Diaphragm deformation deformation associated story drift
orientation
Amax tmax A0 Amax/AO
(inches) (seconds) (inches) (inch/inch)

Roof E-W 0.0807 31.28 0.0093 8.65
N-S 0.0613 31.78 0.0071 8.66
3rd E-W -0.0619 27.76 -0.0159 3.90
N-S -0.0361 28.90 -0.0069 5.24

**Note: Dynamic loading in N-S and E-W directions applied simultaneously
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2.11.3 Base Shear Distribution for E-W Shear Walls (L anders Earthquake)

To add further insight into the behavior of the diaphragms of the three-story building, dynamic
time history results for the base shear were studied. It is well known that lateral load is
distributed to vertica resisting elements in different ways, depending on the behavior of the
diaphragm. If adiaphragm is perfectly rigid, the lateral resisting units (e.g., walls) will resist the
lateral load in proportion to relative rigidities of the walls. In contrast, if the diaphragm is
flexible, the lateral load is distributed in proportion to tributary area adjacent to the wall.

A plot of the base shear in the supporting walls, W2 and W3, of the E-W diaphragm is
shown in Figure 2.75. This figure indicates that for generally al of the earthquake motion, the
shear at the base of wall W2 is larger than for wall W3. At the time of maximum shear at the
base of the middle wall, (27.76 sec), the shear in wall W2 is 144 kips and the shear in end wall
W3 at that time is 114 kips. Therefore, at this instant, the ratio of the shear in W2 to that in W3
is 1.27. Such aresult suggests that the diaphragm in the E-W direction is behaving in a flexible
manner. Likewise acomparison of the shear in walls W2 and W1 of the E-W diaphragm, Figure
2.76, clearly indicates that wall W2 resists more shear than wall W1. At the point of maximum
shear in wall W2 (144 kips), the corresponding shear in wall W1 is 71 kips, and thus the ratio of
shear in wall W2 to wall W1 at this point is 2.0. Since the shear resisted by wall W2 istwice as
much as the shear resisted in walls W1, it islikely that the E-W diaphragm behavesin a flexible
manner. |t isalso interesting to note that the ratio of tributary areas W2/W1 is 2.33 and W2/W3
is 1.75. It should also be noted that part of this unbalance is due to the built-in eccentricity in the
E-W direction. The effect of this eccentricity can also be seen in Figure 2.77, which shows a
comparison of the shear in walls W1 and W3.

The results determined from the study of base shear distribution are in general agreement
with the results obtained using the code verification ratio for the dynamic loading case, where the
behavior of both the roof and third-floor diaphragms in the E-W direction were found to be
flexible. This result is also in agreement with the finding that under static loading in the E-W
direction, the roof digphragm behaves in a flexible manner, but thisis not true for the third-floor
diaphragm under similar loading.



Landers: Shear in Supporting walls, W2 vs. W3, E-W direction
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Figure 2.75 Base shear in E-W supporting walls, W2 and W3, Landers.

Landers: Shear in Supporting walls, W2 vs. W1, E-W direction
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Figure 2.76 Base shear in E-W supporting walls, W2 and W1, Landers.

Landers: Shear in Supporting walls, W3 vs. W1, E-W direction
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Figure 2.77 Base shear in E-W supportingwallsW1and W3, Landers.
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The base shears in the three main walls in the E-W direction under the Landers
earthquake base motion are compared in Figures 2.78-2.80 considering the actual flexibility of
the diaphragms versus the use of arigid diaphragm. The base shearsin the wall (W1) at the south
end of the building are shown in Figure 2.78. These results indicate that the maximum shears are
about the same, having values of 85 kips rigid vs. 80 kips flexible. At the middle wall (W2) the
shear due to the actual diaphragm is 33% larger than that of the rigid diaphragm (143 kips vs.
107 kips) as shown in Figure 2.79. For wall W3 at the north end of the building, the base shears
are amost the same, reaching 114 kips for the actual diaphragm compared to 108 kips for the
rigid diaphragm as shown in Figure 2.80.

Landers: Shear in Supporting Walls, Rigid vs. Flexible, W1 (E-W direction)
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Figure 2.78 Base shear in supporting wall W1 (E-W), rigid vs. flexible, Landers.

Landers: Shear in Supporting Walls, Rigid vs. Flexible, W2 (E-W direction)
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Figure 2.79 Base shear in supporting wall W2 (E-W), rigid vs. flexible, Landers.
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Landers: Shear in Supporting Walls, Rigid vs. Flexible, W3 (E-W direction)
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Figure 2.80 Base shear in supporting wall W3 (E-W), rigid vs. flexible, Landers.

212 SUMMARY AND CONCLUSIONSFOR THE THREE-STORY BUILDING
2.12.1 Summary

The three-story masonry building has recorded the response from three major earthquakes.
However, due to the distance from the building to the epicenter of the earthquake, the base
accelerations recorded at the building are relatively low with peak ground accelerations of
between 4% and 7% of gravity. Spectral analyses of the recorded data indicate that the period of
the fundamental translation modes in each direction are approximately 0.2 sec. A similar result
was obtained from the three-dimensional ETABS model of the building. Moving window
analyses of the recorded data indicate changes in period due to cracking but no permanent
deformation.

Comparison of the recorded response at all instrument |ocations shows a good correlation
with the time history response calculated using the computer model and the idealizations
discussed previously. Comparison of the time history of the calculated base shear with the
building code design base shear indicates that the response was less than the minimum code
design requirements for the three recorded earthquakes. However, using acceleration records
obtained at stations closer to the epicenter of two recently recorded earthquakes, the results of the
analyses indicate base shear values that far exceed the code minimums. Fortunately, the in-plane
shear capacities of the designed walls in each principal direction have considerably higher
strength than the code minimum requirements. These capacities are exceeded by the inertial

forces developed in the walls under these stronger ground motions for only a limited number of
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cycles. This significantly higher capacity is due to the minimum steel requirements for structural
walls and what appears to be architectural considerations.

2.12.2 Conclusions

The main conclusions that can be reached from the results obtained from study of the three-story

building are the following:

1. Careful modeling of geometry, element properties, and material properties along with the
use of a three-dimensional model that includes the diaphragm stiffness, can accurately
simulate the elastic seismic response of masonry buildings. This was verified by critical
comparison with the response measured in an instrumented building.

2. For purposes of comparison, the demanded base shear has been compared with the in-
plane shear capacity of the structural walls, which has been estimated according to code.
However, it has to be noted that the actual capacity of the building may be controlled by
other system components such as the in-plane shear capacity of the diaphragm, the
strength of the connections between the diaphragm and the walls, or the out-of—plane
moment capacity of the walls that do not have as much overstrength.

3. The in-plane shear capacity of the walls in each principal direction has considerably
higher strength than the code minimum requirements and these capacities are exceeded
for only a limited number of cycles when the building is subjected to earthquake ground
motions recorded at a free-field site nearer the epicenter. This higher strength appears to
be due to the length of the walls used in the framing system and the minimum steel
requirements for structural walls.

4. The criteria used in the building code for classifying a diaphragm as rigid or flexible
contains considerable uncertainty. The value of the code displacement ratio depends upon
the method used for the calculation (i.e, static vs. dynamic loading). Significant
differences were observed between the measured response obtained using static vs.
dynamic loading. Calculated code displacement ratios ranged between 0.73 and 2.55 for
static loading, and between 2.1 and 3.8 for dynamic loading. Thus, when using dynamic
loading, the code criteria classifies the roof and third-floor diaphragms in the N-S and E-
W directions as flexible. However, using static loading, the resulting displacement ratios

suggest that not all of the diaphragms may be classified as flexible.
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3 Two-Story Office Building: Palo Alto

3.1 BUILDING DESCRIPTION
311 General

A two-story office building in Palo Alto, California, is the second subject building considered in
this study. The structure was constructed in 1974. Plan views of the structural framing elements
are presented in Figure 3.1. The building is rectangular in shape, with a lateral-force-resisting
system composed of two-way grouted reinforced masonry brick walls at the north and south
ends, and a plywood floor system supported by Trus Joists. Vertical loads are carried by interior
tubular steel columns and exterior glulam columns, which are twice as numerous at the first story
of the building. The building foundation is continuous reinforced concrete footings connected by
grade beams under the glulam columns on the exterior, the structural walls at the two ends and
the two rows of tube columns down the center of the building length (N-S). Views of the N-S

and E-W exterior elevations of the two-story building are shown in Figures 3.2 and 3.3.

3.1.2 Diaphragms

The second-floor diaphragm of the two-story office building consists of 1.5 in. thick lightweight
concrete over % in. thick plywood mounted on 36 in. deep open truss joists running in the E-W
(transverse) direction every 2 ft. Two interior 5-1/8" x 15" glulam beams running in the N-S
direction and four 5-1/8" x 16-72" glulam beams running around the perimeter complete the floor
system. The specified compressive strength of the lightweight concrete, f'c, is 2500 psi. Douglas
fir (DF) plywood sheathing and glulam beams are used. The roof diaphragm consists of '4" thick
DF plywood together with deep interior and exterior glulam DF beams running in both
directions. The roof diaphragm is considerably more flexible than the first-floor diaphragm. The

aspect ratio of the diaphragm (length/width) is 1.87.



3.1.3 Grouted Walls

The lateral-force-resisting system is composed of four L-shaped two-way grouted brick walls.
Two are located at each end of the building to form a channel shape. All grouted masonry shear
walls are 12 in. thick. The joining grout is 7 in. thick. Bricks are grade MW (moderate
weathering) conforming to ASTM C-62. The bricks were joined with a mortar mix
corresponding to a type-S mortar according to ASTM C-270 specifications. Bricks were pre-
wetted to have an initial rate of absorption not in excess of 0.25 0z/in.*/min, according to ASTM
C-67 provisions. The grout was mixed according to ASTM C-476-63 Table 3.1, course grout,
with a specified compressive strength f'¢ of 2000 psi and a slump of 10 in.

The grouted walls were reinforced with 1-#4 at 12" in both horizontal and vertical
directions. Additional #8 bars were provided in the vertical direction at the corners of the L-
shaped walls. All reinforcing steel is grade 40 and is continuous with 50 diameter laps at splices
in the grouted brick walls. Splices are staggered in adjacent bars and special inspection was used

during the construction of the walls.

3.1.4 Connection between Diaphragmsand Walls

Ledgers for the diaphragms are connected to the grouted walls by % in. “J” bolts anchored to the
horizontal steel in the grouted walls. These ledgers are nominally placed every 24" in both

directions and the plywood is connected to them by 10d nails at 3 in.
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Second Story Plan (Roof diaphragm)

Figure 3.1 Building plan views, 2-story building.

I M= 1T ploe bemobed codoss (ol Teeph)
D = 1T ploe lessied roloss (s slery cnly)



Figure 3.2 N-Sexterior view, 2-story building.

Figure3.3 E-W exterior view, 2-story building.
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3.1.5 Foundation System

The slab on grade is a 4" thick reinforced concrete slab. The foundation consists of continuous,
reinforced footings (grade beams) for the grouted brick walls, the exterior glulam columns, and
the interior steel columns. Between the slab and foundations there is an engineered fill
consisting of 1 in. thick sand, a 6 mm thick polyethylene film lapped every 6 in., and 4" of pea
gravel. The footings are built over sandy clay fill with a capacity of 2000 psf, according to a
soil-mechanics study (Tena-Colunga and Abrams 1992). The walls are founded on footings that
are 3 ft wide, and have a depth of the 1'6” for the N-S walls, and 2’6" for the E-W walls. The

width of the footings for the exterior and interior columns is 8” and their depth is 1'6".

32 THELOMA PRIETA EARTHQUAKE (1989)

The Loma Prieta earthquake occurred at 5:04 pm (PDT) October 17, 1989. The earthquake had a
surface-wave magnitude of 7.1 and its epicenter was located about 10 miles northeast of Santa
Cruz and 60 miles southeast of San Francisco. The hypocenter was about 11 miles beneath the
earth’s surface. The earthquake ruptured a 25-mile segment of the San Andreas fault and was
felt from Los Angeles in the south, to the Oregon border to the north, and Nevada to the east.
The strong shaking during the earthquake lasted less than 15 sec.

3.3 INSTRUMENTATION AND RECORDED RESPONSE
3.3.1 Observed Damage

Specific information regarding the level of damage that the building suffered after the Loma

Prieta earthquake is not available.

3.3.2 Recorded Motionsduring the Loma Prieta Earthquake (1989)

The two-story office building was instrumented as part of the California Strong Motion
Instrumentation Program (CSMIP) with seven sensors. Sensors 1 and 3 recorded horizontal base
accelerations in the N-S and E-W directions, while sensor 2 recorded the vertical base
acceleration. Sensors 4, 5, and 6 recorded roof accelerations in the E-W direction while sensor 7

recorded accelerations in the N-S direction. The location of each sensor is shown schematically
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in Figure 3.4. The time histories of the recorded accelerations and corresponding displacements
at each of the 7 sensor locations are shown in Appendices B-1 and B-2. The sensors recorded a
total of 60 sec of acceleration data; however, only 10 sec can be considered as significant base
motion (Tena-Colunga and Abrams 1992). Peak values for this acceleration and computed
displacement data are summarized in Tables 3.1 and 3.2, respectively. It should be noted that the
peak absolute and relative displacements listed in Table 3.2 refer to the peak values over the
duration of the corresponding time history record. In particular the peak relative displacements
in Table 3.2 were computed as the maximum value over the corresponding relative displacement
time history and thus do not occur at the same time as the peak absolute displacement. From
preliminary inspection of the variation with time of the recorded acceleration response of the
two-story building, it is apparent that the frequency at each sensor appears to be relatively
constant even after the strongest portion of the motion. Such an occurrence suggests that the
building remained essentially elastic.

The recorded data for the two-story building indicate that considerable amplification of
peak acceleration between the ground and the roof occurred in the E-W direction. The north and
south walls experienced peak accelerations at the roof level of 0.34g measured at sensor 4, and
0.32g measured by sensor 6. At the center of the diaphragm a peak acceleration of 0.53g was
recorded by sensor 5. The peak base acceleration was recorded as 0.21g in the E-W direction
and 0.2g in the N-S direction. The increased acceleration at the center of the diaphragm in the E-
W direction is due to the flexibility of the diaphragm in that direction. In the N-S direction, the
acceleration at the center of the diaphragm was measured to be 0.36g.

Peak vertical ground acceleration at the base is 0.08g. Vertical accelerations are
sometimes a concern in masonry structures, since they may adversely affect the stresses due to
gravity loads, especially if these accelerations are high. It is shown in Table 3.1 that the peak
recorded vertical ground acceleration was only 0.08g.

The peak computed displacement at the center of the roof diaphragm in the N-S direction
obtained from the acceleration data is 5.4 in. compared with 5.38 in. at the base indicating no
differential displacement. In the E-W direction, the computed peak ground displacement was 7.0
in. at the base. Displacements calculated from the recorded accelerations at the roof were 7.29 in.
and 6.9 in. at the walls and 7.25 in. at the center of the diaphragm. The peak absolute and

relative displacements in Table 3.2 refer to the peak values over the duration of the
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corresponding time history record. Therefore, the peak relative displacement and any associated

peak absolute displacement do not occur at the same instant.
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Figure 3.4 Strong motion instrumentation, 2-story building.
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Table 3.1 Peak recorded accelerations, Loma Prieta, 2-story building.

Sensor I.D. Location Peak Ab§olute
Acceleration (g)

1 Ground (N-S) 0.20

2 Ground (UP) 0.08

3 Ground (E-W) 0.21

4 Roof (E-W) 0.34

5 Roof (E-W) 0.53

6 Roof (E-W) 0.32

7 Roof (N-S) 0.36

Table3.2 Peak absolute and relative computed displacements, Loma Prieta, 2-

story building.
. Peak Absolute Displacement Peak Relative Displacement
Sensor I.D. Location
(Inches) (Inches)
1 Ground (N-S) 4.73
2 Ground (UP) 1.06
3 Ground (E-W) 6.31
4 Roof (E-W) 6.47 0.40
5 Roof (E-W) 6.70 0.80
6 Roof (E-W) 6.19 0.46
7 Roof (N-S) 4,73 0.00

34  SPECTRAL ANALYSES
3.4.1 Linear Elastic Response Spectra (LERS)

In order to obtain a better evaluation of the recorded response, LERS for 5% damping for all
modes were generated and plotted for selected recorded building motions. Passing the recorded
accelerations through a single-degree-of-freedom oscillator having 5% of critical damping
generates the spectra. LERS for the base in the N-S and E-W directions were developed using

the base motions recorded on channels 1 and 3, respectively, and are displayed in Figure 3.5.
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Loma Prieta: Response Spectra
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1
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Figure 3.5 N-Sand E-W response spectra, Loma Prieta, 2-story building.

3.4.2 Fourier Analyses

Moving window Fourier transfer function analyses were performed using the recorded base and
roof motions in the N-S and E-W directions of the building during the Loma Prieta earthquake.
Sensors 1 and 7 in the N-S and sensors 3 and 5 in the E-W direction were used to conduct the
Moving window Fourier transfer function analyses. In these analyses, the Fourier transfer
functions have been calculated for 10-second window lengths with five-second window shifts
resulting in 10 windows. In the analysis of the two-story building in the E-W direction, the
individual window graphs in the E-W direction indicated that the first peak (or group of peaks)
occurred at a frequency of approximately 4 Hz, and a second group of peaks occurred at
approximately 6 Hz. However, the recurrent peaks at about 4 Hz during the windowing process
indicated that the first mode response of the two-story building occurred somewhere in the lower
frequency range. Therefore, the moving window plot was constructed by considering the first
mode response to occur at approximately at 4 Hz. The moving window results for the building
in the N-S, and E-W are shown in Figure 3.6. From the resulting moving window diagrams for
the E-W direction, it can be seen that the period of the two-story building remained essentially
constant at a value of approximately 0.28 sec during the entire duration of the earthquake record.
Similarly, in the N-S direction, the period of the building remained generally constant at a value

of 0.22 sec. This lack of a significant change in the first mode translation period in the N-S and
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E-W directions obtained from the moving window analyses suggests that the building did not
suffer appreciable structural damage. Therefore, it can be concluded that the two-story building
remained essentially elastic during the Loma Prieta earthquake.

Tena-Colunga and Abrams have obtained a period of 0.4 and 0.367 sec in the E-W and
N-S directions, respectively, for the two-story Palo Alto building (Tena-Colunga and Abrams
1992). However, Figure 3.6 shows that from the moving window Fourier transfer function
analyses of the building, the period of the two-story building is approximately 0.28 sec and 0.22
sec in the E-W and N-S directions, respectively. Such a significant difference in the period
obtained for the two-story building from the previous work of Tena-Colunga and Abrams
appears to be related to a difference in the interpretation of the peak where the first mode

reSponse occurs.

Loma Prieta: Moving Window
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Figure 3.6 Temporal period variation, Loma Prieta, 2-story building.

Tena-Colunga and Abrams used Normalized Fourier Amplitude Spectra as well as Linear Elastic
Response Spectra to determine the period of the two-story building. The first mode period
occurred in the normalized Fourier amplitude spectra at 0.4 and 0.367 sec for the E-W and N-S
directions when choosing the second peak in the normalized spectra to be designated as the first
mode response of the building (Tena-Colunga and Abrams 1992). However, by inspection of the
same normalized spectra, one may see that there is a spike in the spectra of sensors 3 and 5 at
about 0.23 sec, and in the spectra of sensors 1 and 7 at about 0.28 sec, which may be interpreted
as the first mode response. Such an assumption may be deemed reasonable, as the E-W and N-S
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direction periods of the two-story building appear to be close to the values in the normalized
Fourier amplitude spectra according to the peak in the E-W direction sensors (3 and 5) and the
N-S direction sensors (1 and 7). Therefore, for the analyses of the two-story building, the period
will be taken as 0.28 sec, and 0.22 sec, in the E-W and N-S directions, respectively.

35 ELASTIC DYNAMIC ANALYSES
35.1 Mathematical Model

A three-dimensional linear elastic finite element model using ETABS (Version 7) computer
software was developed for the two-story building because the preliminary spectral analyses on
the base motions revealed that the building had remained essentially elastic during the Loma
Prieta earthquake. This program was used, although it is recognized that several alternative
programs could have been used for this phase of the response analysis. The reasons for selecting
the ETABS program were discussed previously. An isometric view of the building model used
in the ETABS program is shown in Figure 3.7. There are four L-shaped, two-way grouted brick
shear walls for the primary lateral-force-resisting system. Two smaller shear walls at each end
provide additional lateral resistance, primarily in the N-S direction. The model consists of a total

of 7,264 nodal points, 7,676 shell elements, and 1,156 frame elements.

3.5.1.1 Modeling of Plywood Diaphragms

Thick shell elements were employed to model the roof and floor diaphragms. These elements
were necessary to adequately capture both the translational and flexural movement of the
diaphragms. The thick plate option was selected so that the shear deformation of the diaphragm
would also be considered. The roof and second-floor diaphragms of the two-story building
utilized structural plywood panels. At the roof level, the 52" plywood panels are mounted on
2x14 DF joists at 2 ft on center running in the N-S direction. The second-floor diaphragm of the
building consists of %" plywood panels mounted on 36" TIJM truss joists running in the E-W
direction. An equivalent diaphragm thickness was calculated for membrane behavior and
another equivalent thickness was calculated to represent flexural behavior. These properties were
used in each principal orthogonal direction of the building for the shell elements at each floor

level. Such equivalent, uniform shell element thickness was calculated by determining the
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equivalent thickness for which either the area or moment of inertia was the same as for the actual
diaphragm in each direction. For simplicity, the stiffness of the diaphragms in the E-W and N-S

directions was taken to be uncoupled, and therefore two-way action is neglected.

Figure 3.7 3-D linear elastic ETABS model, isometric view, 2-story building.

At the roof level in the E-W direction, equivalent shell element thickness was determined
based on the 4" plywood mounted on 2x4 DF blocking at the plywood edges. In the N-S
direction the thickness was based on the 2" plywood panels and the 2x14 DF joists. At the
second-floor level, the E-W direction equivalent thickness was based on %" plywood on top of
the 36” TIM open web trusses at 2 ft on center. The equivalent thickness in the N-S direction
was based on 3/4"” plywood with 2x4 DF flat blocking at every 4 ft at the plywood edges. The 1-
72" lightweight concrete fill (110 pcf) on top of the plywood was ignored in the equivalent shell
element thickness calculations. Such a decision may be considered reasonable, since the
concrete strength is 2,000 psi, with no reinforcing nor any actual connection to the diaphragm.
Therefore, in this study the contribution to the effective stiffness of the second-floor diaphragm
is neglected.

The calculated equivalent membrane thickness for the roof diaphragm in the E-W and N-

S building directions was 0.61 in., and 1.34 in., respectively. The calculated bending thickness
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for the roof diaphragm in the E-W and N-S directions was 1.13 in. and 6.97 in. At the second-
floor level, the membrane thickness used in the E-W and N-S directions was 0.61 in., and 1.63
in., respectively. Equivalent bending thickness for the second-floor diaphragm in the E-W and
N-S directions was calculated as 1.79 in., and 16.41 in., respectively. It should be noted that the
large value of bending thickness for the second-floor diaphragm in the N-S direction is due to the
open web Trus Joist spanning along the N-S dimension of the two-story building.

Orthotropic material behavior was essential to model the difference in diaphragm
material properties between the E-W and N-S directions. Effective material properties were
calculated for the roof and floor diaphragms, in order to include the interaction of the TIM
trusses and the plywood. The average modulus of elasticity of plywood was taken to be 1,700
ksi. The average modulus of elasticity of the 36” TIM trusses at the second-floor level was taken
to be 1,905 ksi. Equation (3.1) was used to calculate equivalent EI value for open-web TIM
trusses (truss only), where E is the effective modulus of elasticity, I is the actual moment of
inertia of the truss section, and d is average depth of truss minus 3.5 in.

El =10.06x10°d? (.1

The direction of the grain of the plywood was also considered in the calculations of the
effective modulus of elasticity of the diaphragms (i.e., Eywcak=1/35%Eguong =~ 50ksi) (Breyer, et al.
1999). The equivalent elastic modulus of each diaphragm in each direction was taken as the
average of each of the respective components used in the equivalent thickness calculations. With
such considerations in mind, the effective moduli of elasticity used at the roof level were 875 ksi
(plywood-weak-direction, beams) in the N-S direction, and 1,700 ksi (plywood-strong-direction,
beams) in the E-W direction. For the floor diaphragm shell elements, an effective modulus of
elasticity was taken as 1,700 ksi (plywood-strong-direction) in the N-S direction, and 975 ksi
(plywood-weak-direction, TIM trusses) in the E-W direction.

Since no data were readily available regarding the shear modulus of TJI and TJM truss
joists, the equivalent shear modulus value of each of the diaphragms was simply taken as the
average shear modulus of plywood. Thus, a value of 90 ksi for the shear modulus was used for

the shell elements modeling each diaphragm and for both principal directions of the building.
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3.5.1.2 Modeling of Masonry Shear Walls

Thick plate shell elements were used to model the 12" grouted brick shear walls. For calculation
of the equivalent shell element thickness for flexural behavior and membrane action of the
masonry shear walls, cracking of the wall section was assumed and was computed based on the
effective cracked section thickness for a rectangular section under bending. In doing so,
application of the effective cracked section thickness for a reinforced concrete section was
assumed even though the section was reinforced masonry (i.e., ter = 0.35tore). Thus, the
membrane and bending thickness for the shell elements used to model the shear wall was taken
to be 4.2" for the 12" walls. However, the weight of the walls used in the model is based on the
original dimensions of the walls.
Isotropic material behavior is assumed for the masonry shear walls and the modulus of
elasticity for masonry is calculated using Equation (3.2), where f'y, is taken as 1,500 ksi.
E=750f"_ (3.2)
Poisson’s ratio for masonry was assumed to be 0.2, and the shear modulus was calculated
internally by ETABS to be G=468.75 ksi based on the dependence relation in Equation (3.3) for

an isotropic material.

E

C= i+ 3:3)

3.5.1.3 Other Moddling Considerations

The connection of the interior and exterior glulam beams to the glulam columns and steel tube
columns was assumed to be simple shear type. Therefore, end moments about the strong axis of
the frame elements used to model these beams are released at the second floor of the two-story
building. Exterior columns were idealized with pinned connections, as the actual connection
consists of a steel saddle housing the glulam column and cannot transfer a large moment into the
soil. Additional line masses are added on framing elements (beams, columns) whose locations

are coincident with the nonstructural elements of the building that provide additional mass.
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3.5.1.4 Weight (Mass) Determination

The weight (mass) of the second-floor level and roof was estimated based on the reduced set of
structural blueprints obtained from CSMIP. However, it was necessary to estimate the weights
of some of the finish materials of each building. In the weight estimations, the self weight of the
grouted brick masonry walls was assumed to be 120 pcf. The unit weight of glulam was taken as
30 pcf, and the weight of exterior glass was taken as 8 psf. Each nominal dimension of the
lumber was reduced by 2 inch to reflect the true dimension. All weight calculations based on
plan-view area unit weights were based on the outer dimensions of the building. Estimations of
the total weight (mass) of each floor level of the building were based on the heights tributary to
each level. The details of the roof weight (mass) calculations for the two-story building are

displayed in Table 3.3.

Table 3.3 Roof weight (mass) calculations, 2-story building.

Assumed Unit .
Component Weight W(ell?ht
(pshH

Roof Framing X 71
Roofing 6 77
Hung Ceiling 8 103
Exterior Glass 8 19
Mechanical Equipment 50 14
Exterior Stud Wall X 12
Exterior GLB Columns X 6
Interior Steel Columns X 0
Edge Beams X 5
Interior Beams X 14
Shear Wall X 62
Total Roof Weight 388
Roof Translational Mass 1.00k-s*/in

An average lineal weight of the 36” TJM trusses was obtained from the Trus Joist McMillan
Product Specifications Manual. The lineal weight was taken to be 8.5 Ib/ft for a 36” TIM open-
web truss. The estimations made for the weight (mass) at the second-floor level of the building
are detailed in Table 3.4. The total weight of the building used for dynamic analyses is 1,227.68
kips (3.18 k-s*/in.).
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Table3.4 2" floor weight (mass) calculations, 2-story building.

Assumed Unit .
Component Weight W(ell?ht
(pshH

Roof Framing X 130
Concrete Slab (Lt. Wt.) X 217
Flooring 2 26
Hung Ceiling 8 103
Exterior Glass 8 43
Exterior Stud Wall X 3
Exterior GLB Columns X 20
Interior Steel Columns X 1
Edge Beams X 7
Interior Beams X 3
Partitions 10 129
Shear Wall X 157
Total 2™ Floor Weight 839
2" Floor Translational Mass 2.17k-s*/in

3.5.2 Modal Period Analyses

The mode shapes and frequencies for the first 27 modes were evaluated by using the three-
dimensional finite element ETABS model of the two-story building. The translation mode shapes
in the N-S and E-W directions obtained from the ETABS model are shown in Figures 3.8 and
3.9. A torsional mode shape is displayed in Figure 3.10. The periods of vibration corresponding
to the N-S and E-W mode shapes are 0.23 and 0.35 sec, respectively. The torsion period of
vibration was calculated to be 0.34 sec.

The translation mode in the E-W direction captures the in-plane bending of the
diaphragm with the E-W direction shear walls acting as supports in the horizontal plane. The
linear elastic analytical model gave a close approximation to the modal periods obtained from the
spectral analyses of 0.22 and 0.32 sec in the N-S and E-W directions, respectively. In running
the dynamic analysis of the model, the code recommended minimum value for the participating
mass in each principal orthogonal direction of the building was exceeded. Using 27 modes of
vibration in the ETABS model represented 98.7% of the participating mass, which exceeds the
90% requirement in the 1997 UBC.
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3.5.3 Calculated and Recorded Response Comparisons

3.5.3.1 Loma Prieta Displacement and Acceleration Comparisons

In order to study the dynamic time history response of the two-story Palo Alto office building
when subjected to the recorded motions at its base, the 3-D linear elastic model was subjected to

simultaneous base accelerations recorded in the N-S and E-W directions.

Figure 3.9 E-W translational mode shape, 2-story building.
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Figure 3.10 Torsion mode shape, 2-story building.

Time history comparisons of the calculated response with that recorded for the two-story
building are presented for the ground motion recorded at the base during the Loma Prieta
earthquake. A value of 5% critical damping value for all 27 modes was used in the dynamic
response analyses.

The three-dimensional analytical model was also used to compute the dynamic
displacement time history responses at each sensor location above ground level. The ETABS
acceleration time history results were computed and integrated to obtain the corresponding
displacement response of the building.

Acceleration and displacement comparisons between the predicted values from the
analytical model and from the actual recorded response for sensor 5 of the two-story building
during the Loma Prieta earthquake are shown in Figures 3.11 and 3.12. From these figures, it
can be seen that a close correlation between the recorded and predicted displacements was
obtained. Although the calculated accelerations tended to overestimate the magnitude of
acceleration spikes, the model was still able to sufficiently reproduce the general acceleration
characteristics of the recorded motion. Such an occurrence may be due in part to the fact that the
exact location of the recording instrument is unknown and hence, the recorded values may be
influenced by the torsional response of the building. This also makes it hard to know if the

calculated results represent the exact location of the sensor in the building. The acceleration and
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displacement time history comparisons for the remaining three roof-level sensors are given by

Tokoro (Tokoro 2001).
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Figure3.11 Calculated vs. recorded accelerations (ch. 5), Loma Prieta, 2-story building.
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Figure 3.12 Calculated vs. recorded displacements (ch. 5), Loma Prieta, 2-story building.

3.6 UNIFORM BUILDING CODE COMPARISON
3.6.1 Code Seismic Force Requirement (UBC 1973)

The two-story building was designed in 1974, according to the governing building code at that

time. Therefore, the 1973 UBC was used to estimate the nominal shear strength of the building.
The UBC 1973 code specifies that separate base shear design values be calculated along

each principal dimension of the building. The base shear, V, in the longitudinal or transverse

direction of the building may be calculated using Equation (3.4).
V = KCWZ (3.4)
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The seismic coefficient, C, is specified by Equation (3.5), and the period, T, can be estimated
using Equation (3.6), where H is the total height of the building in feet, and D is the plan

dimension of the building in the direction of seismic loading parallel to a principal building

dimension.
0.05
C= (3.5
T
T 0-05H (3.6)
JD

Due to the difference in longitudinal and transverse dimensions of the two-story building,
the period, and hence the base shear had to be computed for loading along both directions.
Using the empirical formula for estimating the period in the N-S and E-W directions of the two-

story building the periods are calculated as shown in Equations (3.7) and (3.8).
_0.05H _ 0.05(22.83 ft)

- /D JJ15451t

1. _005H _ 00502283 ) _ 013 e 58)

JDeaw 83 ft

Similarly, the seismic coefficients in the N-S and E-W directions are as shown in Equations (3.9)

TNS

=0.092 sec (3.7

and (3.10), respectively.

0.05 0.05

Cus = = =0.11 (3.9)
YThs  0.092sec

C 005 005 _g49 (3.10)

Ew = 3Tow ¥0.13sec
EW

Using K=1.33 and Z=1.0, the resulting design seismic resistance coefficients are shown in
Equations (3.11) and (3.12).
Vs = (ZKC W = (1.0)(1.33)(0.1HW = 0.15W (3.11)
Vg = KCqyWZ = (1.0)(1.33)(0.10)W = 0.13W (3.12)
Equations (3.13) and (3.14) show the design base shears in the N-S and E-W directions as a
result of taking W to be the effective dead load of the building.

Vs = 0.15W = 0.15(1228 kips) = 184.20 kips (3.13)
Vg, = 0.13W = 0.13(1228 kips) = 159.64 kips (3.14)

108



3.6.2 CodeDesign Requirements (UBC 1997)

The period of the two-story building was calculated according to Method A of the 1997 UBC
provisions, with the value of C; equal to 0.020. According to the 1997 UBC, the period of the
two-story building may be approximated by “Method A,” as given by Equation (3.15).

T =0.020(h,)*"* =0.02(22.83 ft)*’* = 0.21sec (3.15)
The actual soil profile at the location of the building is unknown, which made using the
default soil profile Sp necessary in the code analysis calculations. Since the two-story building is
located in California, it was necessary to use the seismic zone factor Z=0.4 for buildings in Zone
4 according to the code. Near-source factors were chosen based on a generating seismic source
A and a distance to source exceeding 15km, where N, and N, were each taken to be 1.0. The
seismic coefficients C, and C, for a building in seismic zone 4 and sited on a soil of profile Sp, is
to be calculated using the 1997 UBC formulas depicted in Equations (3.16).
C,=044N, =0.44(1.0) =0.44
C, =0.64N, =0.64(1.0) = 0.64

The building was considered to be a masonry shear wall frame building and therefore a structural

(3.16)

system factor of R=5.5 was used in the base shear calculations. The 1997 UBC defines that the
design base shear V in a given direction of a building should be determined from Equation
(3.17). However, the total design base shear need not exceed Equation (3.18). And the total
design base shear shall not be less than Equation (3.19).

k
V= C,l _ 0.64*1.0 —0.56W (3.17)
RT 5.5%0.21sec
* *
V< (2'5Ca| )W _ (w)\/\/ —0.2W (3.18)
R 5.5

V =0.11C_IW = 0.11(0.44)(1.0)W = 0.048W (3.19)
In addition, the 1997 UBC specifies that for Seismic Zone 4, the total base shear shall not be less

than Equation (3.20), where R is a factor based on the type of structural system of the building, I
is an importance factor, Ny is a near-source factor, and C, and C, are seismic coefficients which

are determined for a given Seismic Zone and soil profile type.

% % %
V- (0.8ZRNVI )w _ (0.8 0.4; 51.0 1'0)w _ 0.058W (3.20)

For a masonry shear wall building frame system, a structural system factor of R=5.5 is

specified. Due to the perimeter and interior framing this value was used in the base shear
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calculations. Using this value of R and an importance factor of I=1.0 for a building enduring
typical usage, in the 1997 UBC formulas to calculate the base shear, the total design base shear is

predicted by the 1997 UBC as governed by Equation (3.21).

sk sk
v = [ 23C! =(M)\N=o.zw (321)
R 5.5

The above expression states that the total lateral force requirement will be 20% of the effective

self-weight of the building, W. Estimating W as 1228 kips, Equation (3.22) is the calculated
base shear requirement as determined by the 1997 UBC code.

V =0.2W =0.2*1228 kips = 245.6 kips (3.22)

The value of the design base shear calculated using the 1997 UBC requirements is based

on ultimate strength, whereas the value computed using 1993 UBC formulas is based on the

allowable stress design. For purposes of comparison, the value of base shear computed from the

1973 UBC was multiplied by the load conversion factor for masonry of 1.4 to increase the base

shear to the strength design level. It should be noted that the values of the base shear calculated

using the current 1997 UBC provisions are 3.0% less than the lateral force requirement for the

N-S direction and 7.2% greater than the lateral force requirement in the E-W direction used in

the 1973 UBC that was assumed to have been the basis for the design of the building in 1974.

3.7 ANALYSESOF BASE SHEAR

The elastic response of the structure is evaluated considering the time history demands of the
ground motions recorded at the base of the two-story building during the Loma Prieta
earthquake. Four additional ground motions were used to evaluate the performance of the two-
story building to stronger, more demanding ground motions as well as to study the response to
records characterized as having significant displacement pulses. The four additional ground
motions used in the study to represent stronger ground motions are the following: (1) the ground
motion recorded at the Newhall Fire Station during the Northridge earthquake, (2) the ground
motion recorded at Lucerne during the Landers earthquake that contains a one-sided
displacement pulse, (3) the ground motion recorded at Takatori during the Kobe earthquake that
contains two-sided displacement pulses, and (4) the ground motions recorded at the Los Gatos

Presentation Center during the Loma Prieta earthquake.
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The recorded ground accelerations at the base of the two-story building were quite small,
which is characteristic of a location far from the epicenter or fault trace of the earthquake.
Therefore, the addition of the four strong ground motion records brought the total ground
motions used in the study of this building to five. The details of these additional recorded

motions were discussed in a previous section.

3.7.1 In-Plane Shear Capacity

The nominal shear capacity of a structural wall can be calculated using Equation (3.23),

where the coefficient C4 depends on the ratio of \I>/I_d

f d
V., =C,/f' hd+ '%“Szy (3.23)

. M . :
For these walls, the ratio of vd is greater than unity and therefore Cq = 1.2. For all structural

walls, the thickness, h, is 12", the masonry strength is 1,500 psi and the horizontal steel
reinforcement is 1-#4@12". The four main walls in the N-S direction are 144" in length. If the
effective length of the wall is taken as 0.8ly,, the nominal shear capacity of a single wall is 141
kips and for the four walls this becomes 564 kips. In addition there are four other walls at the
first-floor level that are 114" in length in the N-S direction. These walls add an additional 445
kips of lateral resistance for a total of 1009 kips in the N-S direction. In the E-W direction there
are four walls with each wall having a length of 112"”. When 0.8l,, is used for the effective length
of the wall, the nominal shear capacity of the four walls is only 437 kips, which is less than half

of the capacity in the other direction.

3.7.2 LomaPrieta Earthquake

The linear elastic analytical model was used to predict the base shear demands of the two-story
building during the Loma Prieta earthquake. The results were then compared to the design
values of base shear specified by the 1973 and 1997 editions of the UBC that were calculated in
the previous section. The comparisons of the predicted base shear in the N-S and E-W directions
as compared to the 1973 and 1997 UBC values during the Loma Prieta earthquake are displayed

in Figures 3.13 and 3.14. From these comparisons, the base shear in the N-S direction exceeds
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the design criteria by approximately 35%, although the base shear is approximately 33% of the
calculated shear capacity of the N-S walls. In the E-W direction, the base shear exceeds the
design criteria by more than 100% and in addition one excursion in the base shear reaches the

calculated capacity of the E-W walls indicating the potential for damage to these elements.
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Figure 3.13 N-Sdesign vs. calculated base shear demand, L oma Prieta, 2-story building.
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Figure 3.14 E-W design vs. calculated base shear demand, Loma Prieta, 2-story building.
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3.7.3 Newhall (Northridge Earthquake)

The acceleration recorded at the Newhall Fire Station during the Landers earthquake was used to
study the seismic response and behavior of the two-story building to more demanding ground
motion. The comparison of the predicted base shear in the N-S and E-W directions with the
1973 and 1997 UBC values under this ground motion is shown in Figures 3.15 and 3.16. From
these comparisons, it can be seen that the base shear demand of the two-story building exceeded
both UBC values for the significant strong motion duration. From Table 3.6 we can see that the
maximum base shear demand during this motion was 1,690 kips in the N-S direction, which is
934% greater than the 1973 UBC code values of 184 kips for which the building was assumed to
have originally been designed. It can also be seen that the calculated shear capacity is exceeded
by approximately six peak excursions of the base shear. The maximum value of base shear in
the E-W direction was calculated to be 1,932 kips, or 1185% greater than the 1973 UBC design
value of 163 kip. The base shear time history also exceeds the calculated shear capacity by as
much as 342% with numerous excursions above the capacity limit during amost six seconds of
the time history. Therefore, it is very likely that the two-story building would have suffered
significant damage if it were to experience base motion of this magnitude.

Table 3.5 shows a comparison of the design base shear for the two-story building as per
the 1997 UBC and 1973 UBC codes.

3.7.4 Lucerne (LandersEarthquake)

Calculated base shear in the N-S and E-W directions under the ground motion recorded at
Lucerne are compared to the 1973 and 1997 UBC values in Figures 3.17 and 3.18. From these
comparisons, it can be seen that the base shear demand of the two-story building exceeded both
UBC values for nearly the entire duration of the significant strong motion. Response data
summarized in Table 3.6 indicate that the maximum base shear demand in the N-S direction
during this motion was 1,367 kips, which is 755% greater than the 1973 UBC code values of 184
kips (ASD) for which the building was assumed to have been originally designed. However, only
one cycle of the base shear just reaches the calculated capacity of the wallsin this direction. The
maximum base shear demand in the E-W direction was 710 kips, which is 336% greater than the
1973 UBC value of 160 kips (ASD). The maximum base shear is aso 62% larger than the
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calculated shear capacity. Comparing the time history base shear with the calculated capacity

indicates that the capacity is exceeded on as many as nine occasions. Thus, from this strong

motion analyses, we can conclude that the building most likely would have suffered considerable

damage to the E-W walls if subjected to an equivalent base motion.
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Figure3.15 N-Sdesign vs. calculated base shear demand, Newhall, 2-story building.
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Figure 3.16 E-W design vs. calculated base shear demand, Newhall, 2-story building.
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Figure 3.17 N-Sdesign vs. calculated base shear demand, L ucerne, 2-story building.
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Figure 3.18 E-W design vs. calculated base shear demand, L ucer ne, 2-story building.

3.75 Takatori (Kobe Earthquake)

Calculated base shear in the N-S and E-W directions under the ground motions recorded at
Takatori during the Kobe earthquake are compared to the 1973 and 1997 UBC values in Figures
3.19 and 3.20. From these comparisons, it can be seen that the base shear demand of the two-

story building exceeded both UBC values for nearly the entire duration of the significant strong
115



motion. Data presented in Table 3.6 indicate that the maximum base shear demand in the N-S
direction during this motion was 1,369 kips, which is 756% greater than the 1973 UBC code
values of 184 kips for which the building was assumed to have originally been designed. The
maximum base shear demand in the E-W direction was 2,179 kips, which is 1,337% greater than
the 1973 UBC vaue of 160 kips. Thus, from this strong motion analyses, it is likely that the
two-story building would have suffered significant damage if subjected to an equivalent base

motion.
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Figure 3.19 N-Sdesign vs. calculated base shear demand, Takatori, 2-story building.

Table 3.5 Wall shear capacity/design strength summary, 2-story building.

Wall Shear Design Base Shear Design vs. capacity values
Capacity 1973 UBC|1997 UBC| Vpcap VS Vb1073 | Vb.cap VS- Vb 1997
Building Direction Vo can Vo073 Vo107 Vb,cap + 100 \\//b,cap %100
b,1973 b,1997
(kips) (kips) (kips) (percent) (percent)
Transverse (E-W) 564.0 159.6 245.6 353.4 229.6
Longitudinal (N-S) 1009.0 184.2 245.6 547.8 410.8
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Figure3.20 E-W design vs. calculated base shear demand, Takatori, 2-story building.

3.7.6 LosGatos Presentation Center (Loma Prieta Earthquake)

Comparisons of the predicted base shear in the N-S and E-W directions under the ground
motions recorded at the Los Gatos Presentation Center during the Loma Prieta earthquake to the
1973 and 1997 UBC values are shown in Figures 3.21 and 3.22. These comparisons indicate that
the base shear demand exceeded both UBC values for nearly the entire duration of the significant
strong motion. Data summarized in Table 3.6 indicate that the maximum base shear demand in
the N-S direction during this motion was 1,000 kips, which is 543% greater than the 1973 UBC
code values of 184 kips for which the building was assumed to have originally been designed.
The maximum base shear demand in the E-W direction was 1,543 kips, which is 947% greater
than the 1973 UBC value of 160 kips. Thus, from this strong motion analysis, significant

building damage is suggested if the building were subjected to a similar base motion.
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Figure 3.21 N-Sdesign vs. calculated base shear demand, L GPC, 2-story building.
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Figure 3.22 E-W design vs. calculated base shear demand, L GPC, 2-story building.

38 DIAPHRAGM SHEAR

Shear contours for the ground motion recorded at the base of the building during the Loma Prieta

earthquake are shown in Figure 3.23 for the roof diaphragm and Figure 3.24 for the second-floor

diaphragm. The maximum value at the roof level is less than 0.5 kipsg/in. and the maximum

value at the second floor is less than 0.65 kips/in. These values compare with a strength value of
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0.18 kipg/in. at the roof and 0.42 kips/in. at the second floor. It should be noted that the second-
floor value includes the effect of 1.5 in. of lightweight concrete, which is placed on top of the
plywood.

Shear contours under the ground motion recorded at the Newhall Fire Station are
representative of more severe ground motions, and are shown in Figures 3.25 and 3.26 for the
roof and second floor, respectively. These indicate a maximum demand at the roof of 0.6 kipg/in.
and a maximum demand at the second floor of 0.7 kipg/in.

Table3.6 Summary of N-Sand E-W design vs. calculated peak absolute base shear
demand, 2-story building.

Flexible Diaphragm Analyses
Buildling Dimension
Transverse (E-W) Longitudinal (N-S)
Percent of 1973 | Percent of 1997 Percent of 1973 | Percent of 1997
Max. Abs. [ Percent of E-W | ;g design UBC design Max. Abs. | Percentof N-S | ;5 design UBC design
Earthquake Base Shear capacity strength strength Base Shear capacity strength strength
Vomar | Lom sq00 | Vo yqop | Vem si00 Vomar | o q00| Vo yg00 | Vhmm i
' b,cap Vb,m b,1997 ' b,cap Vb,:g?s b,1997
(kips) (percent) (percent) (percent) (kips) (percent) (percent) (percent)
Recorded | -\ - prieta 559.1 99.1 2448 227.7 382.7 37.9 151.0 155.9
Motions
Strong Newhall 1932.1 342.6 845.9 786.9 1690.0 167.5 666.8 688.3
Motion Lucerne 709.9 125.9 310.8 289.1 1367.0 135.5 539.4 556.7
Analy Takatori 2179.0 386.3 954.0 887.4 1369.1 135.7 540.2 557.6
Los Gatos 1543.0 273.6 675.5 628.4 952.7 94.4 375.9 388.0
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Figure 3.23 In-plane shear contour, roof, Loma Prieta, 2-story building.
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Figure 3.25 In-plane shear force contour, roof, Newhall, 2-story building.
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Figure 3.26 In-plane shear force contour, 2" floor, Newhall, 2-story building.

39 MODIFICATION OF ELASTIC RESPONSE: TWO-STORY BUILDING

From Figure 3.14 it was shown that due to the ground motion recorded at the building during the
Loma Prieta earthquake, the maximum base shear, while exceeding the 1973 UBC design
requirement, just reached the wall shear capacity (564 kips) on one cycle in the E-W direction
(559 kips). In the N-S direction the capacity is larger (1009 kips) and the base shear demand was
less (383 kips). The maximum base shears developed by the Loma Prieta earthquake ground
motions and the four more severe earthquake ground motions are summarized in Table 3.6.

The maximum base shear demand in the N-S direction due to the Newhall ground motion
has a value of 1,690 kips. This is 655% greater than the 1973 UBC code value of 184 kips
multiplied by 1.4 to scale it to the strength design level (258 kips). In a similar manner, the
maximum value of base shear in the E-W direction for this record was calculated to be 1,932
kips. This value is 866% greater than the 1973 UBC code design base shear scaled to a strength
design level of 223 kips. From these calculations, it appears likely that the two-story building
would have suffered a significant amount of damage if it had experienced base motion of this
magnitude and if the actual yield strengths of the masonry walls were similar to the base shear

requirements of the codes. However, it has been shown that the walls of this building, with

121



minimum reinforcing, have substantial overstrength with respect to the code design base shear.
Thiswill be evaluated in the following paragraphs.

The building can be considered as having four walls in both the N-S and E-W directions.
Therefore, for the purposes of this study, the redundancy factor was taken as unity. The value of
R given in the code for a building frame system having masonry shear walls is 5.5 and the
corresponding strength factor is given as 2.8. This implies a ductility factor of R, = 5.5/2.8 = 2.0.
Considering the response to the Newhall ground motions discussed previously, the response
reduction factors for strength and ductility are calculated as shown in Table 3.7.

Table 3.7 Base shear modification factors, 2-story building.

Newhall Fire Station (Northridge, 1994) Ground Motion
Building Direction Transverse (E-W) | Longitudinal (N-S)
Design Strength (Vs ) 246 Kips 246 Kips
UBC'97,R=55
M(T:;T::; zgg::e(nzst\;; ) 564 Kips 1,009 Kips
R, 2.3 41
Required Elastic Strength (R,R)V,) 1,932 Kips 1,690 Kips
R, 34 17
|
Design Strength (V, ) 223 Kips 258 Kips
UBC'73
Maximum Strength (R.V, ) 564 Kips 1,009 Kips
R, 2.53 391
Required Elastic Strength (R,R)V,) 1,932 Kips 1,690 Kips
R, 34 17

As mentioned previoudly for the three-story building, the lateral resistance is a function of the
length of the structural walls used in each direction and may be more of an architectural
consideration than a strength consideration. This can result in a substantial variation in the over-
strength factor. It can be seen that as the overstrength factor is reduced, the ductility factor will
have to be increased and visa-versa. The ductility factors calculated in Table 3.7 have values of
1.7 and 3.4, respectively. It should be noted that this example is based on the in-plane shear
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strength of the structural walls that has the same value for both building codes, since minimum
steel reinforcement was used in both cases. Hence the maximum base shear strengths and the
ductility factors are the same; however, the overstrength factors depend upon the code
requirement considered. The performance of the building may be controlled by some other
failure mechanism such as diaphragm shear, wall flexure, or diaphragm connection to the walls.
The strength of the structure can be evaluated by using a nonlinear pushover analysis that

considers all possible failure mechanisms.

3.10 DIAPHRAGM FLEXIBILITY
3.10.1 UBC 1997 Flexible Diaphragm Requirement

Paragraph 1630.6 of the 1997 Uniform Building Code indicates that, “Diaphragms shall be
considered flexible for the purposes of distribution of story shear and torsional moment when the
maximum lateral deformation of the diaphragm is more than two times the average story drift of
the associated story.” Equation (3.24) is an expression of this code condition.

maximum|ateral deformation of diaphragm. S
averageassoci atedstory drift

1997UBC:

2 (3.24)

This ratio can be determined as the difference between the maximum latera in-plane
displacement of the diaphragm relative to the average story drift of the adjoining vertica
resisting elements (walls).

3.10.2 UBC 1997 Flexible Diaphragm Verification

Verification of diaphragm flexibility was conducted by comparison of the midspan and
corresponding support displacement of the roof and second-floor diaphragms in the N-S and E-
W building directions. Displacement time history results for the desired locations along the
diaphragm were obtained using the ETABS linear elastic mathematical model subjected to the
recorded base motions during the Loma Prieta earthquake. This ground motion has a recorded
peak base acceleration of 0.20g. Separate flexibility analyses were conducted using both static
equivalent lateral loads as per 1997 UBC, and using dynamic time history analysis results. As
mentioned previously for the three-story building, the 1997 UBC criteria for considering a
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diaphragm as flexible or rigid is based on a static analysis with lateral loading applied
independently in each of the two principal directions.

3.10.2.1 Static Loading

Diaphragm flexibility under static loading was studied by considering the behavior of the two-
story building under the 1997 UBC inverted triangular static equivalent lateral load pattern in the
N-S and E-W building direction separately. The load patterns used were generated with the
ETABS 1997 UBC automatic lateral-load-generating option, and were applied to the building
through its center of mass parallel to the N-S and E-W building directions. Figures 3.27 and 3.28
show the deflected shapes of the roof diaphragm of the two-story building when subjected to this
static loading in the E-W and N-S directions, and Figures 3.29 and 3.30 show the deflected
shapes of the second-floor diaphragm when loaded in the E-W and N-S directions. It is clear
from these diagrams that the roof diaphragm appears to exhibit larger deformation toward the
center as compared to its counterpart for the second floor.

Diaphragm flexibility was evaluated in both directions. To compute the displacement
ratio for comparison with the 1997 UBC code criteria for the E-W direction, the maximum
lateral deformation of the diaphragm was taken to be the difference between the displacement at
the middle of the diaphragm and its vertical supporting elements (i.e., the average displacement
of the supporting walls in the E-W direction). For the N-S direction, maximum lateral
deformation was the difference between the “unsupported” edge of the diaphragm and the
average displacement of the supporting walls in the N-S direction. Additionally, for either
direction, the “average associated story drift” was taken as the average interstory drift of the
vertical wallsin the direction under consideration.

In order to calculate numeric ratios for comparison using the ETABS analytical results, it
was necessary to compute the ratios at defined points along the wall and diaphragm. The points
used for ratio calculation are shown schematically in plan views of the roof and second floor of
the building in Figure 3.31.
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Figure 3.30 N-Sdeformed shape, 97 UBC static loads, 2" floor, 2-story building.

To compute the displacement ratio for the code criteria for the roof diaphragm in the E-W
direction, which has wall supports at each end, the maximum lateral deformation was assumed to
occur at midspan between the two end supports. The maximum absolute displacement of the
diaphragm, relative to the base, was obtained from sensor 5 at the roof level. Since there were no
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instruments on the second-floor level, it was necessary to use predicted displacement data from
the time history analysis at the location corresponding to sensor 4 on the roof. This point is
shown as Y in Figure 3.31. Taking the difference in displacement between sensor 5 and the
average displacement at sensors 4 and 6 produced the maximum displacement of the roof
diaphragm. The drift of the vertical supporting elements was obtained by taking the drift at the
roof (sensor 4) minus the drift at the second floor (point Y). A similar procedure was followed
for the second floor using datapoints A and Y.

In the N-S direction, only one sensor (7) was located at the center of the roof in this
direction. In this case, calculated data points at the second level, B and X, corresponding to
locations W and Z at the roof level were required as shown in Figure 3.31. These data points
were used to calculate the displacement ratios in the N-S direction for the roof and second-floor
levels following the procedure discussed for the E-W direction.

The displacement ratios representing the code criteria for diaphragm flexibility for the
roof and second-floor diaphragms are shown in Table 3.8 for static loading in the N-S and E-W
directions. These results indicate that the code displacement ratios for the roof and second-floor
diaphragms in both the N-S and E-W are less than 2, indicating a rigid diaphragm by 1997 UBC

criteria

Crouted besck walls

L
L

L

Ground Level Plan

L]
Roof Plan

Figure3.31 Diaphragm flexibility verification locations, 2" floor and r oof

diaphragms, 2-story building.
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Table 3.8 Diaphragm flexibility verification, 97 UBC static loading, 2-story building.

Static Displacements
Corresponding
_ Maximum d|aphragm ayerage 1997 UBC Code Ratio
Diaphragm deformation associated story
Floor . ; ;
orientation drift
(inches) (inches) (inch/inch)
Roof E-W 0.1909 0.1144 1.67
N-S 0.0779 0.0588 1.32
ond E-W 0.1101 0.1143 0.96
N-S 0.0470 0.0538 0.87

**Note: Static loading in N-S and E-W directions applied separately.

3.10.2.2 Dynamic Loading

The predicted displacement response of the two-story building during the Landers earthquake
was used to compute the flexible diaphragm criteria again at the roof and second-floor levelsin
the N-S and E-W directions. In contrast to the static loading case, the dynamic loads were
applied ssimultaneously to the structure as two acceleration time histories at the base in the N-S
and E-W directions. Since the displacements at a data point varied with time, the ratio
representing the code criteria was computed at the instant of maximum midspan displacement
determined from the time history analyses. After this preliminary, the computations were
identical to those performed for the static loading case.

Time history plots of the displacements relative to the base of the structure at the midspan
and support locations of the roof and second-floor diaphragms in the E-W direction, obtained
using the ETABS mathematical model, are shown in Figures 3.32 and 3.33. Magnified views of
the comparison for both diaphragms are shown in Figures 3.34 and 3.35. The magnified view of
the diaphragm to support relative displacements in the E-W direction shows that the period of
oscillation of the displacement response is approximately 0.32 sec, which is in agreement with
the E-W trandlational period obtained from the dynamic modal analyses. These time histories
clearly show that the roof and second-floor diaphragms in the E-W direction behave in aflexible
manner, as the center of the diaphragm displaces substantially more than the supporting wall.

The time history comparison of the relative displacement at data point W and point Z on

the roof diaphragm in the N-S direction is shown in Figure 3.36. A similar comparison for
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location B and point X for the second-floor diaphragm is displayed in Figure 3.37. Magnified
views for both cases are subsequently shown in Figures 3.38 and 3.39. The magnified view of
the diaphragm displacement time history comparison verifies that the period of the building in
the N-S direction is approximately 0.2 sec, as computed using modal analyses. It can be seen
that even in the N-S direction, both the roof and second-floor diaphragms do not behave rigidly,
asthe “free” end displaces significantly more than the supported end.

The results of the calculated flexibility ratios for the dynamic loading case are
summarized in Table 3.9 and indicate that the relative displacement ratios for both the roof and
second-floor diaphragms are al under 2, thus implying that all the diaphragms in this building
may not be classified as flexible according to the 1997 UBC criteria.

For the two-story building, the results obtained using both static and dynamic analyses
indicate that the diaphragms at the second floor and roof should not be considered as flexible

according to the code displacement criteria.
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Figure 3.32 E-W midspan vs. support relative displacements, r oof, 2-story building.
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Figure 3.33 E-W midspan vs. support relative displacements, 2™ floor, 2-story building.
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Loma Prieta: Roof Diaphragm, E-W
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Figure3.34 E-W midspan vs. support relative displacements (magnified), r oof,
2-story building.
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Figure3.35 E-W midspan vs. support relative displacements (magnified), 2"
floor, 2-story building.
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Figure 3.36 N-Smidspan vs. support relative displacements, roof, 2-story building.
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Loma Prieta: 2nd Floor Diaphragm, N-S
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Figure 3.37 N-Smidspan vs. support relative displacements, 2" floor, 2-story building.
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Figure 3.38 N-Smidspan vs. support relative displacements (magnified), roof, 2-story
building.
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Table3.9 Diaphragm flexibility verification, dynamic loading, roof and 2"

floor diaphragms, 2-story building.

Dynamic Loading
. Maximum dlaphragm Time of max_lmum Correspondlng avergge 1997 UBC Code Ratio
Floor Diaphragm deformation deformation associated story drift
orientation
Amax tmax A0 Amax/AO
(inches) (seconds) (inches) (inch/inch)

Roof E-W -0.6446 8.60 -0.3122 2.06

N-S 0.1801 10.60 0.0704 2.56
ond E-W -0.3701 8.58 -0.3063 1.21

N-S 0.1112 10.58 0.0785 1.42

**Note: Dynamic loading in N-S and E-W directions applied simultaneously.

3.10.3 Maximum Absolute Column Shears (L ucer ne Record)

Due to the small size of the shear walls relative to the outside building dimensions, it is
suspected that the columns will take a large portion of the shear demand imposed on them during
an earthquake. Thus, the column shear demands in the two-story building were studied for one
of the stronger ground motion records, the Lucerne record. From the linear dynamic time history
results from the two-story building for the Lucerne record, the maximum absolute column shears
were found for all first-story exterior and interior columns. Figure 3.40 shows the column
callout of all exterior and interior columns in the two-story building. Table 3.10 is a summary of
the maximum absolute first-story column shears using the two components of the Lucerne
ground motion.

The maximum absolute value of total base shear demand for the two-story building for
the Lucerne record in the N-S and E-W directions, obtained from linear elastic analysis, was
1367.0 kips and 709.9 kips, respectively. Table 3.10 shows that the total of the maximum
absolute interior column shears is 3.18 kips and 5.32 kips in the N-S and E-W directions,
respectively. Likewise, the total of the absolute maximum for the exterior columns are 31.84
kips and 94.14 kips for the exterior columns in the N-S and E-W directions. Therefore, the
percentage of the maximum base shear resisted by the interior columns is 0.23% and 0.75% in
the N-S and E-W directions. Similarly, the exterior columns resist 2.3% and 13.3% in the N-S
and E-W directions. Thus, it may be concluded that the shear walls resist the majority of the
total base shear in both the N-S and E-W directions. Also, it is recognized that adding the
maximum absolute values of the column shears may exhibit excessive overconservatism,

considering that the maximum may not occur at the exact same time in the time history record.
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Table3.10 N-Sand E-W maximum absolute column shears, L ucerne, 2-story building.

Summary of Exterior Column Shears Summary of Interior Column
(LUCERNE record) Shears (LUCERNE record)
Exterior Column| Vs Vew Interior Vis Vew
Designation (ki i Cc_>|umr_1 i i
pS) (klpS) Des|gnat|0n (klpS) (klpS)
C1 0.38 4.71 C40 0.16 0.38
C2 0.52 6.71 Cc41 0.24 0.42
C3 0.40 7.93 Cc42 0.14 0.47
C4 0.63 7.93 C43 0.51 0.47
C5 0.52 6.71 C4a4 0.10 0.42
C6 0.54 4.71 C45 0.19 0.38
C7 0.82 4.09 C46 0.18 0.30
C8 0.84 5.62 ca7 0.14 0.23
C9 0.79 8.95 C48 0.16 0.29
C10 0.76 5.62 C49 0.24 0.35
C11 0.80 4.09 C50 0.14 0.37
C12 0.87 2.61 C51 0.51 0.37
C13 0.72 2.61 C52 0.10 0.35
Cl4 0.72 1.29 C53 0.18 0.23
C15 0.38 0.68 C54 0.19 0.29
C16 0.82 0.38 TOTALS 3.18 5.32
C17 0.52 0.53
C18 0.84 1.83
C19 0.40 0.34
C20 0.79 0.29
Cc21 0.63 0.34
Cc22 0.76 1.83
C23 0.52 0.53
C24 0.80 0.38
C25 0.54 0.68
C26 0.87 1.29
Cc27 2.51 0.68
C28 0.23 1.18
C29 0.65 0.96
C30 0.65 0.92
C31 0.23 1.14
C32 2.51 0.85
C33 2.53 0.68
C34 0.82 1.18
C35 0.59 0.96
C36 0.59 0.92
C37 0.82 1.14
C38 2.53 0.85
TOTALS 31.84 94.14
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311 SUMMARY AND CONCLUSIONSFOR THE TWO-STORY BUILDING
ANALYSES

3.11.1 Summary

The two-story masonry building has recorded the response from one major earthquake. Spectral
analyses of the recorded data indicate that the period of the fundamental tranglation modes in the
N-S and E-W directions are 0.22 sec and 0.28 sec, respectively. The results obtained from the
three-dimensional ETABS model of the building indicated corresponding values of 0.23 sec and
0.35 sec. Comparison of the recorded response at all instrument locations shows a good
correlation with the time history response calculated using the computer model and the
idealizations discussed previously. Comparison of the time history of the calculated base shear
with the base shear requirements of the building code indicates that the response was less than
the minimum code requirements for the recorded earthquake. Strong motion analyses using an
additional 4 ground motion records show that the wall capacity values are greatly exceeded for a

limited number of cycles, which could potentially result in nonlinear behavior of the structure.

3.11.2 Conclusions

The main conclusions that can be reached from the results obtained for the two-story building are
the following:

1. Careful modeling of geometry, element properties and material properties along with the
use of athree-dimensional model that includes the orthotropic stiffness properties of the
diaphragm, can accurately simulate the elastic seismic response of masonry buildings.
This was verified by critical comparison with the response measured in an instrumented
building.

2. For purposes of comparison, the in-plane shear capacity of the structural walls has been
used as an indication of capacity. However, the actual capacity of the building may be
controlled by the in-plane shear capacity of the diaphragm, the connections of the
diaphragm to the walls, or the out-of-plane moment capacity of the walls. This aspect will
require further study.

3. For the two-story building, the value of the code displacement criteria for evaluating
diaphragm flexibility did not depend on the loading method (i.e., static vs. dynamic). All
calculated displacement ratios using both static and dynamic loading were less than 2 and
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yielded the result that the roof and second-floor diaphragms may not be considered to be
flexible. Thisresult was different for that observed for the three-story building.

. The strength capacity in the E-W direction is approximately half of that in the N-S
direction, making the building more vulnerable to E-W ground motion. This is not the

intent of the code requirements.
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4  One-Story Building: San Francisco

41 BUILDING DESCRIPTION
411 General

The third building under investigation in this study is a one-story substation building designed in
1971 in San Francisco. Plan and elevation views giving the overall dimensions of the structural
framing elements are shown in Figure 4.1. Details of the diaphragm to wall connections are
shown in Figures 4.2—4.5. Locations of various connection details, relative to the plan view of
the one-story building are shown in Figure 4.2. Figures 4.3 and 4.4 show the connection details
of the lower and upper E-W (longitudinal) walls to the roof diaphragm, respectively (i.e.,
sections 1 and 2). Similarly, Figure 4.5 is the connection detail of a N-S (transverse) wall to the
roof diaphragm (section 3). The transverse dimension of the building is oriented in the N-S
direction, and the longitudinal dimension of the building is oriented in the E-W direction. The
building is rectangular in shape, with four exterior concrete masonry shear walls, which are
designed to carry both lateral and gravity loads. Horizontal loads are carried in the floor system
by means of a flexible steel T-deck diaphragm, connected to the concrete walls by means of a
series of steel plates and welds. The building foundation consists of continuous reinforced

footings that extend under the structural walls at the two ends of the building.

4.1.2 Diaphragms

The roof diaphragm of the one-story substation building consists of a 6”-18 ga. “Inland T Deck”
with a yield stress of f; = 36 ksi. The ribs of the deck span in the transverse (N-S) dimension of
the building. The aspect ratio of the diaphragm (length/width) is approximately 32'-8"/22" =
1.48.



4.1.3 Grouted Walls

The one-story building has 8" thick concrete block walls on all four sides, which comprise the
lateral-force-resisting system of the building in both orthogonal directions. All reinforcing was
ASTM A-615 grade 40 steel (f, = 40 ksi). Typical flexural vertical reinforcing in the block walls
is 1-#4 at 16" o.c., and typical horizontal shear reinforcing is 2-#4 at 16" o.c. The minimum
concrete compressive strength of the concrete block walls is f'c = 2,500 psi at 28 days. The
concrete block was open-end grade “A” units in common bond construction with solid grout.
Concrete blocks were jointed with a mortar of type “S” with minimum compressive strength of

2,000 psi at 28 days.

4.1.4 Connection between Diaphragmsand Walls

The roof diaphragm in the N-S direction has a gentle slope with one end of the deck raised 4"
above the level of the deck at the opposite end. At the higher end of the deck (north wall) the ribs
of the T-deck are cradled inside and fillet welded to a 3 x 3 2 x %" angle that is welded to the
top leg of a 3 x 3 x %" angle as shown in Figure 4.4 (sect. 2). The 3 x 3 x 4" angle is connected
to a 2" corbel cut into the 8” masonry wall using %" of grout and '4” ¢ steel bolts at 32" on
center. At the lower end of the deck along the south wall, the ribs of the deck sit inside a 3 x 3 x
74" angle running parallel to the length of the wall as shown in Figure 4.3 (section 1). The
horizontally oriented leg of the angle is connected to the wall by %" of grout sitting on a 2"
corbel in the wall, with the vertical leg of the angle bolted to the wall with 2" ¢ steel bolts at 32"
on center. In the N-S direction, the ribs of the deck run parallel to the length of the walls at the
east and west ends of the building. At each of these walls, the bottom of a single deck rib sits on

a 6 x 4" plate with 2" ¢ x 12" anchors at 32" o.c. as shown in Figure 4.5 (section 3).

4.1.5 Foundation System

The slab on grade is a 6" thick reinforced concrete slab utilizing a typical reinforcing schedule of
1-#4 at 12" o.c. in the E-W (longitudinal) direction. The foundation consists of continuous

reinforced footings (grade beams) on which the structural masonry shear walls are supported.
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The depth of the grade beams is 18” with a width of 10", with #3 stirrups at 12” o.c. and 4-#4
rebars placed in a rectangular formation in the cross section. Engineered fill was used between

the slab and foundation of the building.

Roof Plan

6-18ga Tdeck\ | 6" 18ga T deck

08 // 8" CHU Block Wiallz \ ;umw<.

EMV Bevation NSB -

Figure4.1 Plan and elevation views, 1-story building.
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42 INSTRUMENTATION AND RECORDED RESPONSE

The one-story building is not instrumented.

4.3 ELASTIC DYNAMIC ANALYSES
43.1 Mathematical Model

A three-dimensional linear elastic finite element model using ETABS (version 7) computer
software was developed for the one-story substation building. An isometric view of the building

model used in the ETABS program is shown in Figure 4.6. The model consists of a total of 274
nodal points and 444 shell elements.
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Figure4.6 3-D linear elastic ETABS model, isometric view, 1-story building.

4.3.1.1 Modeling of Steel Diaphragms

Thick shell elements were used to model the roof diaphragm. These elements were necessary to
adequately capture both the translational and flexural movement of the diaphragms. The thick
plate option was selected so that the shear deformation of the diaphragm would also be

considered. The roof diaphragm is a 18 ga 6" T-deck. An equivalent diaphragm thickness was
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calculated for membrane behavior and a similar thickness was calculated to represent flexural
behavior, which were the thickness of rectangular sections whose width, area, and moment of
inertia were identical to that of the original section. These properties were used in each principal
orthogonal direction of the building. For simplicity, the stiffness of the diaphragms in the E-W
and N-S directions was taken to be uncoupled.

At the roof level in the N-S (transverse) direction, equivalent shell element thickness was
determined based on the 18 ga. 6" T-deck, with a thickness of 0.05 in. (based on 18 ga. steel). In
the E-W (longitudinal) direction, both equivalent bending and membrane thickness were taken as
the thickness of the horizontal component of the deck equal to 0.05 in. The calculated equivalent
membrane thickness for the roof diaphragm in the E-W and N-S building directions was 0.05 in.,
and 0.0748 in., respectively. The calculated bending thickness for the roof diaphragm in the E-
W and N-S directions was 0.05 in. and 1.27 in., respectively.

For analysis, isotropic material behavior of the steel was assumed. Material properties
for the steel material weight and shear modulus were assumed to be v=0.3 and y=2.83 x 10™

k/in®. Additionally, a modulus of elasticity of 29,000 ksi was used in the analysis.

4.3.1.2 Modeling of Masonry Shear Walls

Thick plate shell elements were used to model the 8” concrete block shear walls. For calculation
of the equivalent shell element thickness for flexural behavior and membrane action of the
masonry shear walls, cracking of the wall section was assumed and was computed based on the
effective cracked section thickness for a rectangular section under bending. In doing so,
application of the effective cracked section thickness for a reinforced concrete section was
assumed even though the section was reinforced masonry (i.e., ter = 0.35to, as discussed
previously). Thus, the membrane and bending thickness for the shell elements used to model the
shear wall was taken to be 2.8” for the 8” walls. However, the weights of the walls used in the
model were based on the original dimensions of the walls.

Isotropic material behavior was assumed for the concrete shear walls. The compressive

strength of the concrete was specified as f'.=2500psi. Therefore, the modulus of elasticity for
the concrete walls was calculated using Equation (4.1), and computed to be equal to 2850 ksi.

E=57,f" (4.1)
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Poisson’s Ratio for masonry was assumed to be 0.2, and the shear modulus was calculated

internally by ETABS to be G = 1188 ksi, using Equation (4.2) for an isotropic material.

E

1o (4.2)

4.3.1.3 Other Modeling Considerations

The effect of the foundation was not considered in this study, and hence the support conditions
for the vertical elements in the model are considered as fully fixed. Also, the finite element
mesh used for the roof diaphragm was such that the nodal points common to the walls and the
diaphragm were at the centerline of the weld along a particular dimension. The additional mass
of the metal stud parapet was not added to the model for simplicity. In addition, all dimensions

in the model were considered centerline-to-centerline distances.

4.3.1.4 Weight (Mass) Determination

The weight (mass) at the roof level was estimated, and was needed for future use in computing
the design base shear. In the weight estimations, the self-weight of the grouted concrete block
masonry walls was assumed to be 120 pcf. All weight calculations were based on plan-view area
unit weights and on the outer dimensions of the building. The details of the roof weight (mass)

calculations for the one-story building are displayed in Table 4.1.

Table4.1 Roof weight (mass) calculations, 1-story building.

Component Assumed Unit Weight | Weight (k)
Roof Steel Decking 7 pst 6
Shear Wall 120 pcf 113
Metal Stud Parapet 7 pst X
Total Roof Weight 126
Roof Translational Mass 0.326 k-s*/in
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4.3.2 Modal Period Analyses

Using the three-dimensional finite element ETABS model of the one-story building, the mode
shapes and frequencies for the first 15 modes were evaluated. The building exhibits double
symmetry about both building axes. Accidental torsion is neglected and the torsional mode
shape is not shown. The translation mode shapes in the N-S direction obtained from the ETABS
model are shown in Figure 4.7 and those obtained in the E-W direction shown in Figure 4.8. The
periods of vibration corresponding to the N-S and E-W mode shapes are 0.0501 and 0.0322 sec,
respectively.

The translation mode in the N-S direction captures the in-plane bending of the diaphragm
with the N-S shear walls acting as fixed diaphragm supports in the horizontal plane. There is
little deformation of the diaphragm and the masonry walls in the E-W direction due to the
rigidity of the longitudinal walls and the relatively short length of the N-S walls. This is reflected
in the mass participation factors, which were calculated to be 58% in the N-S direction and only
16% in the E-W direction. Note that the roof is very lightweight and nearly all of the mass for the
building is in the walls. In the E-W direction, the longitudinal walls contain most of the
building mass but due to their stiffness, do not participate in the dynamic response. This is
reflected in the low mass participation factor in this direction. Possible additional flexibility at

the foundation was not considered in this study.
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Figure 4.7 Translational mode shape, N-Sdirection, 1-story building.

Figure 4.8 Trangational mode shape, E-W direction, 1-story building.
146



4.3.3 Calculated TimeHistory Displacement Response

As previously discussed, there are no recorded data for the one-story building, due to the lack of
instrumentation. Thus, no verification of the model using displacement comparisons with
recorded data will be presented. However, using the same techniques and modeling assumptions
as in the instrumented two- and three-story buildings, the model of the one-story building was
developed, and was subjected to an ensemble of earthquake ground motions. The resulting
displacement responses are presented. A schematic showing the nodal locations, where the
relative displacements will be monitored is shown in a plan view in Figure 4.9. Locations 61 and
68 are on the N-S walls (diaphragm support locations). Locations 28 and 27 are along the E-W
walls, and point 221 is at the center of the diaphragm with respect to both directions. Due to the
dual symmetry possessed by this building about both principal axes, only the response quantities
at points 27 and 61 will be considered. The following sections will summarize the relative
displacement time histories (relative to the base) for a support location on the E-W and N-S

walls, as well as the relative displacement in the middle of the diaphragm in the N-S and E-W

y
A A
b 01 t—> 684
221 X

Figure 4.9 Reference pointsfor time history analyses, 1-story building.

directions.

Since this building is not instrumented, there is no input base acceleration or recorded
response for the building that can be used for analytical investigation. Therefore six ground
motions recorded in the free field at other locations were selected for use in this phase of the
investigation. The six ground motions used in the study are the following: the two components
of ground motion recorded at (1) Lucerne during the 1992 Landers earthquake, (2) Newhall Fire
Station during the 1994 Northridge earthquake, (3) Hollywood Storage Lot during the 1952 Kern
County earthquake, (4) Hollywood far field (Kern County), (5) Arleta Fire Station record
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(Northridge), and (6) Los Gatos Presentation Center (1989 Loma Prieta). The Newhall and
Arleta records are two strong motion records obtained during the Northridge earthquake. As
mentioned previously for the other buildings, the Lucerne record obtained during the Landers
earthquake is considered a one-sided displacement pulse and the Los Gatos Presentation Center
record obtained during the Loma Prieta earthquake is considered as having multiple-sided
displacement pulses. The two Hollywood records obtained during the Kern County earthquake
are minor ground accelerations due to the distance from the epicenter and are considered to be

representative of motions in seismic zones of lower risk.

4.3.3.1 Newhall Record (Northridge Earthquake)

Figure 4.9 shows the displacement relative to the base of the structure at the middle of the roof
diaphragm (point 221) in the N-S and E-W directions using both components of the Newhall
record. Also shown are the relative displacements at the support (wall) locations in the N-S
(points 61, 68) and E-W (points 27, 28) directions. Note the changes in the scale due to the small
deformations. From Figure 4.10 the maximum E-W displacement in the diaphragm is seen to be
only 0.00036 in. compared to a maximum wall displacement of 0.00015 in. In the N-S direction,
shown in Figure 4.11, the maximum diaphragm displacement is 0.009 in. and the maximum wall

displacement is 0.001 in..

4.3.3.2 Lucerne Record (Landers Earthquake)

Figures 4.12 and 4.13 show the displacement relative to the base of the structure at the middle of
the roof diaphragm (point 221) in the E-W and N-S directions using both components of the
Lucerne record. Also shown are the relative displacements at the support (wall) locations in the
N-S (points 61, 68) and E-W (points 27, 28) directions. From Figure 4.12, the maximum
displacement in the diaphragm in the E-W direction is 0.00042 in., whereas the maximum
displacement at the wall is 0.00016 in. In the N-S direction, Figure 4.13, the maximum
diaphragm displacement is 0.014 in. and the maximum displacement of the wall is only 0.0015

n.
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Newhall:Location 221X (diaphragm, E-W) Newhall:Location 27 (wall, E-W)
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Figure4.10 E-W diaphragm relative displacement (pt. 221X) and cor responding support
displacements (pts. 27, 28), Newhall, 1-story building.
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Figure4.11 N -Sdiaphragm relative displacement (pt. 221Y) and corresponding support
displacements (pts. 61, 68), Newhall, 1-story building.
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Lucerne: Location 221X (diaphragm, E-W) Lucerne: Location 27 (wall, E-W)
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Figure4.12 E-W diaphragm relative displacement (pt. 221X) and corresponding
support displacements (pts. 27, 28), Lucerne, 1-story building.
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Figure4.13 N-Sdiaphragm relative displacement (pt. 221Y) and corresponding
support displacements (pts. 61, 68), L ucer ne, 1-story building.
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4.3.3.3 Arleta Record

The recorded base accelerations at the Arleta Fire Station during the Northridge earthquake in
the N-S and E-W directions are shown in Figures 4.14 and Figure 4.15, respectively. The peak
acceleration N-S is 0.32g and the peak acceleration E-W is 0.36g.

The relative displacement (to the base of the structure) at the middle of the roof
diaphragm (point 221) in the N-S and E-W directions using both components of the Arleta
record is shown in Figures 4.16 and 4.17. Also shown is the relative displacement at the support
(wall) locations in the N-S (points 61, 68) and E-W (points 27, 28) directions. The maximum
displacement in the E-W direction (Fig. 4.16) has a value of 0.00023 in. in the diaphragm and
0.000076 in. in the wall. In the N-S direction (Fig. 4.17), the maximum diaphragm displacement

is 0.0048 in. compared with a maximum displacement at the wall of 0.00054 in.

Arleta: N-S
0.40
] ——N-S
S 0.20 |
c ]
S ]
T 0.00
5 ]
° ]
o 4
< -0.204
-0.40 ‘ ‘ ‘ ‘ ‘ ;
0 10 20 30 40
Time (Sec)

Figure4.14 N-Sacceleration time history, Arleta.
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Figure4.15 E-W acceleration time history, Arleta.
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Arleta: Location 221X (diaphragm, E-W) Arleta: Location 27 (wall, E-W)
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Figure4.16 E-W diaphragm relative displacement (pt. 221X) and corresponding
support displacements (pts. 27, 28), Arleta, 1-story building.

Arleta: Location 221Y (diaphragm, N-S) Arleta: Location 61 (wall, N-S)
Z 6.0E-03 T 6.0E-04
£ 4.0E-03 1 — Point221Y £ 4.0E-04 7 — Jointé1
§ 2.0E-03 ] £ 2.0E-04 ]
(=}
—; 0.0E+00 3 € 0.0E+00 ]
2 [}
S .2.0E-03 ] T .2.0E-04 ]
: 2
£ -4.0E-03 £ -4.0E-04 4
& -6.0E-03 ‘ ‘ & -6.0E-04 ‘ ‘
0 20 40 60 0 20 40 60
Time (Sec) Time (Sec)

Arleta: Location 68 (wall, N-S)

6.0E-04
4.0E-04
2.0E-04 4

—— Joint68

0.0E+00 1 A
-2.0E-04 ]
-4.0E-04 ]

Relative displacement (in.)

-6.0E-04 T T
0 20 40 60
Time (Sec)

Figure 4.17 N-Sdiaphragm relative displacement (pt. 221Y) and corresponding support
displacements (pts. 61, 68), Arleta, 1-story building.
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4.3.3.4 Los Gatos (Loma Prieta Earthquake)

Figures 4.18 and 4.19 show the displacement relative to the base of the structure at the middle of
the roof diaphragm (point 221) in the N-S and E-W directions using both components of the Los
Gatos record. Also shown are the relative displacements at the support (wall) locations in the N-
S (points 61, 68) and E-W (points 27, 28) directions. From Figure 4.18 it can be seen that the
maximum displacement in the diaphragm is 0.00044 in. in the E-W direction compared with

0.00013 in. in the wall. In the N-S direction, shown in Figure 4.19, the maximum displacement

in the diaphragm is 0.013 in. compared with 0.0014 in. in the wall support.

4.3.3.5 Hollywood Far Field (HOLFF) (1952 Kern County Earthquake)

The ground accelerations recorded at the Hollywood far-field station during the Kern County

earthquake (1952) are shown in Figure 4.20 for the N-S component and in Figure 4.21 for the E-

W component. The peak recorded acceleration in the N-S direction is 0.058g and the peak value

E-W is 0.043g.
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Figure4.18 E-W diaphragm relative displacement (pt. 221X) and corresponding support

displacements (pts. 27, 28), LGPC, 1-story building.
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Displacement (in.)
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Figure 4.19 N-Sdiaphragm relative displacement (pt. 221Y) and corresponding
support displacements (pts. 61, 68), LGPC, 1-story building.
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Figure4.20 N-Sacceleration time history, HOL FF.
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Hollywood Far Field: E-W

0.06

0.03 |

0.00 -

Acceleration (g)

-0.03

-0.06 : : : : : :
0 10 20 30 40
Time (Sec)

Figure4.21 E-W acceleration time history, HOL FF.

The displacements relative to the base of the structure at the middle of the roof
diaphragm (point 221) in the N-S and E-W directions using both components of the Hollywood
far field record are shown in Figures 4.22 and 4.23. Also shown are the relative displacements at
the support (wall) locations in the N-S (points 61, 68) and E-W (points 27, 28) directions. The
displacements in the N-S direction are shown in Figure 4.22. The maximum displacement in the
diaphragm is shown to be 0.00072 in. and the maximum displacement at the wall support is
0.00008 in. In the E-W direction, shown in Figure 4.23, the maximum displacement in the

diaphragm is 0.000038 in. and the maximum displacement at the wall is 0.000013 in.

4.3.3.6 Hollywood Storage Lot (HSL) (1952 Taft Earthquake)

The accelerations recorded in the N-S and E-W directions in the parking lot of the Hollywood
Storage Building during the 1952 Kern County earthquake are shown in Figures 4.24 and 4.25,
respectively. The peak acceleration is 0.055g in the N-S direction and 0.04g in the E-W

direction.
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Hollywood Far Field: Location 221Y (diaphragm, N-S)

Hollywood Far Field: Location 61 (wall, N-S)
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Figure4.22 N-Sdiaphragm relative displacement (pt. 221X) and cor responding

Figure4.23 E-W diaphragm relative displacement (pt. 221Y) and cor responding

support displacements (pts. 61, 68), HOL FF, 1-story building.
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support displacements (pts. 27, 28), HOL FF, 1-story building.
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Hollywood Storage Lot: N-S
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Figure4.24 N-Sacceleration time history, HSL.
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Figure4.25 E-W acceleration time history, HSL.

Shown in Figures 4.26 and 4.27 are the displacements relative to the base at the middle of
the roof diaphragm (point 221) in the N-S and E-W directions using both components of the
Hollywood Storage Lot record. Also shown are the relative displacement at the support (wall)
locations in the N-S (points 61, 68) and E-W (points 27, 28) directions. The maximum
displacement of the diaphragm in the E-W direction obtained from Figure 4.26 is 0.00004 in.
compared with 0.000014 in. at the support wall. In the N-S direction, the maximum displacement
in the diaphragm is 0.0007 inches compared with 0.000078 in. at the support wall as shown in
Figure 4.27.

It is of importance to note that for all but one of these ground motions, the diaphragm
would be classified as rigid in the E-W direction according to the current code criteria. This
would require that in this direction, accidental torsion should be considered. In the N-S direction,

according to the UBC displacement ratio, the diaphragm will be classified as flexible.
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Figure4.26 E-W diaphragm relative displacement (pt. 221X) and corresponding
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support displacements (pts. 27, 228), HSL , 1-story building.
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Figure4.27 N-Sdiaphragm relative displacement (pt. 221Y) and corresponding

support displacements (pts. 61, 68), HSL, 1-story building.

158



44  UNIFORM BUILDING CODE COMPARISON

The one-story substation building located in San Francisco was designed in 1971, and is assumed
to be designed for the lateral force requirements of the 1969 City and County of San Francisco
Building Code. The lateral force requirements of this code were similar to those of the 1967
UBC. Therefore, for the purposes of this study, it is assumed that the code provisions involving
the design base shear are the same as those specified in the 1973 UBC, since major changes to
these provisions were made in 1960 and 1976. The design base shear was also calculated using

the 1997 UBC in order to assess current code provisions for such a design.

4.4.1 Code Seismic Force Requirement (UBC 1973)

The UBC 1973 code specifies that separate base shear design values be calculated along each
principal dimension of the building. The base shear, V, in the longitudinal or transverse
direction of the building may be calculated using Equation (4.3).

V = KCWZ (4.3)
The seismic coefficient, C, is specified using Equation (4.4), and the period, T, can be estimated
using the empirical formula in Equation (4.5), where H is the total height of the building in feet,
and D is the plan dimension of the building in the direction of seismic loading parallel to a

principal building dimension.

c =005 (4.4)
3\/?
1 = 0-05H (4.5)

JD

Due to the difference in longitudinal and transverse dimensions of the two-story building,
the period, and hence the base shear had to be computed for loading along both directions. The
use of Equation (4.5) to estimate the period in the N-S and E-W directions of the one-story
building yields Equations (4.6) and (4.7).

0.05H  0.05(10.67 ft)
\/ Dys \/ 221t
0.05H  0.05(10.67 ft)
JDaw /43331t

=0.11sec (4.6)

=0.081sec 4.7)

159



Using Equation (4.4), the seismic coefficients in the N-S and E-W directions are computed in

Equation (4.8) and (4.9).

0.05 0.05
Cys = =3 =0.0975 (4.8)
Vs 3/0.135sec
_ 005 005 =0.109 (4.9)

W 3o ¥/0.096sec
Using K=1.33 and Z=1.0 in Equation (4.3) the calculated design seismic resistance coefficients
are as shown in Equation (4.10) and (4.11).
Vs = (ZKC )W = (1.0)(1.33)(0.0975)W = 0.13W (4.10)
Vg, = (ZKCpqyy W = (1.0)(1.33)(0.109)W = 0.14W (4.11)
Equations (4.12) and (4.13) are the result of taking W to be the effective dead load of the
building and computing the design base shears in the N-S and E-W directions.

Vs = 0.13W = 0.13(126 kips) = 16.4kips (4.12)
Vg, =0.14W = 0.14(126 kips) = 17.6 kips (4.13)

4.4.2 Code Design Requirements (UBC 1997)

The period of the one-story building was calculated according to Method A of the 1997 UBC
provisions, with the value of C; equal to 0.020. According to the 1997 UBC, the period of the
one-story building may be approximated by “Method A,” as given by the following empirical
formula in Equation (4.14).

T =0.020(h,)"* =0.02(10.67)""* = 0.12sec (4.14)
The actual soil profile at the location of the building is unknown, which made using the
default soil profile Sp necessary in the code analysis calculations. Since the one-story building is
located in California, it was necessary to use the seismic zone factor Z=0.4 for buildings in Zone
4 according to the code. Near-source factors were chosen based on a generating seismic source
A and a distance to source exceeding 15 km, where N, and N, were each taken to be 1.0. The
seismic coefficients C, and C, for a building in seismic zone 4 and sited on a soil of profile Sp is
to be calculated using Equation (4.15) from the 1997 UBC.
C,=0.44N, =0.44(1.0)=0.44

(4.15)
C, = 0.64N, = 0.64(1.0) = 0.64
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The 1997 UBC defines that the design base shear V in a given direction of a building
should be determined from Equation (4.16), though the total design base shear need not exceed

Equation (4.17). The total design base shear shall not be less than specified in Equation (4.18).
%
v:(cv')w:(m)w:l.ww (4.16)
RT 4.5%0.12
% %
vs(Z'SCV')Wz(Z'S 0.44 1'0)\/\/=O.24W @.17)
R 4.5

V =0.11C_IW = 0.11(0.44)(1.0)W = 0.048W (4.18)
In addition, the 1997 UBC specifies that for Seismic Zone 4, the total base shear shall not be less

than Equation (4.19), where R is a response modification factor based on the type of structural
system for the building, I is an importance factor, N, is a near source factor, and C, and C, are

seismic coefficients which are determined for a given Seismic Zone and soil profile type.

* * *
Vz(O'SZRNV|)W=(O'8 0.151.0 l'ojwzo.ossw 4.19)

For a concrete shear wall load-bearing system, a structural system factor of R=4.5 was

used in the base shear calculations. Using this value of R and an importance factor of I=1.0 for a

typical building, the total design base shear as predicted by the 1997 UBC is governed by

Equation (4.20).
% %
V= (Z-SCv' )w - [w)w = 0.24W (4.20)
R 4.5

The above expression states that the total lateral force requirement will be 24% of the effective

self-weight of the building, W. Estimating W as 126 kips, the base shear requirement as
determined by the 1997 UBC is as shown in Equation (4.21).
V =0.24W = 0.24 *126kips = 30.24kips (4.21)
The value of the design base shear calculated using the 1973 UBC requirements is for an
allowable stress, whereas the value computed using 1997 UBC formulas based on the strength
design. For purposes of comparison, the value of base shear computed from the 1973 UBC was
multiplied by the load factor for masonry of 1.4. Thus, the value of base shear computed by the
1973 UBC for this building, as expressed in terms of strength design is 22.96 kips and 24.64 kips
in the N-S and E-W directions, respectively. It should be noted that the values of the base shear

calculated using the current 1997 UBC provisions are 32% greater than the lateral force
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requirement N-S and 23% greater than the lateral force requirement E-W used to design the

building in 1971 (i.e., using the 1973 UBC criteria).

45  ANALYSESOF BASE SHEAR

The elastic response of the structure is evaluated considering the time history base shear
demands of six recorded earthquake acceleration time histories and the in-plane shear as
specified by building code and the in-plane shear capacity as determined from wall thickness and

reinforcing.

45.1 In-Plane Shear Capacity

The nominal shear capacity of a structural wall can be calculated using Equation (4.22), where

the coefficient C4 depends on the ratio of M/Vd.
fd
V, =C,/f' hd JFA‘““?y (4.22)

For these walls, the ratio of M/Vd is greater than unity and therefore Cq4 = 1.2. For all structural
walls, the thickness, h, is 8 in., the masonry strength is 2,500 psi, and the horizontal steel
reinforcement is Grade 40 reinforcement consisting of 2-#4@32". The two walls in the N-S
direction have a length, 1, of 248 in.. If the effective length, d, of the wall is taken as 0.8l,, the
nominal shear capacity of a single wall is 195 kips and for the two walls in the N-S direction this
becomes 390 kips. In the E-W direction there are two walls with each wall having a length of
520 in. When 0.8l,, is used for the effective length of the wall, the nominal shear capacity of each
wall is 408 kips, and for the two walls in the E-W direction, the wall shear capacity becomes 816

kips, which is more than twice the capacity in the N-S direction.

4.5.2 Newhall Record (Northridge Earthquake)

The comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the strong motion recorded at Newhall are compared in Figures 4.28 and

4.29.
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400
300 1 ETABS
1997 UBC

- 200 1 1973 UBC
2 w all shear capacity(N-S)
= 100 - I
< |
Q O -jomsatl] | Iy smrsicns
@ fryr
© -100 -
©
@ 200 |

-300 -

_400 T T T T T T T T T T T T T T

0 20 40 60

Time (sec.)

Figure4.28 N-Sdesign vs. calculated base shear demand, Newhall, 1-story building.

Newhall: Base Shear (E-W)
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Figure4.29 E-W design vs. calculated base shear demand, Newhall, 1-story building.

45.3 LucerneRecord (LandersEarthquake)

The comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the strong motion recorded at Lucerne are presented in Figures 4.30 and

4.31.
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Lucerne: Base Shear (N-S)
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Figure4.30 N-Sdesign vs. calculated base shear demand, L ucerne, 1-story building.

Lucerne: Base Shear (E-W)
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Figure4.31 E-W design vs. calculated base shear demand, L ucerne, 1-story building.

454 ArletaRecord

The comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the strong motion recorded at Arleta are presented in Figures 4.32 and 4.33,

respectively.
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Figure4.32 N-Sdesign vs. calculated base shear demand, Arleta, 1-story building.
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Figure4.33 E-W design vs. calculated base shear demand, Arleta, 1-story building.

455 LosGatos

Comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997

UBC values for the strong motion recorded at Los Gatos are presented in Figures 4.34 and 4.35.
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Figure 4.34 N-Sdesign vs. calculated base shear demand, L GPC, 1-story building.

Los Gatos: Base Shear (E-W)
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Figure4.35 E-W design vs. calculated base shear demand, L GPC, 1-story building.

45.6 Hollywood Far Field (HOLFF) (1952 Taft Earthquake)

The comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the strong motion recorded at Hollywood far field during the 1952 Taft
earthquake are presented in Figures 4.36 and 4.37.
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Figure4.36 N-Sdesign vs. calculated base shear demand, HOL FF, 1-story building.

Hollywood (Far field): Base Shear (E-W)

800
600 - ETABS
1997 UBC

’g 400 - 1973 UBC
< 200 - w all shear capacity (E-W)
@
Q 0
[
O -200 A
@
@ 400 -

-600 -

'800 T T T T T T T T T T T T T T T T T T T T T T T T T T T T T

0 10 20 30 40 50 60

Time (sec.)

Figure4.37 E-W design vs. calculated base shear demand, HOL FF, 1-story building.

4.5.7 Hollywood Storage Lot (HSL) (1952 Taft Earthquake)

The comparison of the predicted base shear in the N-S and E-W directions to the 1973 and 1997
UBC values during the strong motion recorded at the Hollywood Storage Lot during the 1952
Taft earthquake are presented in Figures 4.38 and 4.39.
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N-Sdesign vs. calculated base shear demand, HSL, 1-story building.
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E-W design vs. calculated base shear demand, HSL, 1-story building.
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46 MODIFICATION OF ELASTIC RESPONSE: ONE-STORY BUILDING

The maximum base shears developed by two weak ground motions recorded at the Hollywood
Storage building and four additional recorded strong ground motions are summarized in Table
4.2. Considering the weak ground motions, it can be seen that the maximum developed base
shear (4.4 kips) is well below the minimum design value of both codes (23 kips). Considering
the strong ground motions, it can be seen that the code values are exceeded by as much as 467%.
However, as discussed for the previous two buildings, this building also has considerable
overstrength based on the minimum reinforcing requirements for the masonry walls. In the E-W
direction the capacity is larger (816 kips) and the maximum base shear demand of 58 kips is only
7% of capacity. It can be noted that the shear capacity of the masonry alone is 400 kips which
would be more than sufficient for this component of the ground motion.

The maximum base shear demand in the N-S direction, due to the Los Gatos ground
motion, has a value of 107 kips and the capacity is 390 kips. Hence in this direction the
maximum demand is 27% of capacity. In this direction the masonry walls alone have a capacity
of 192 kips which is above the base shear demand. This indicates that the base shear developed
by the strong ground motions is also well below the capacity of the resisting walls and implies
that the response will be primarily linear elastic. The reduction factors for the elastic response are
evaluated in the following paragraphs.

This building has two lines of seismic walls in each direction and due to its small size, the
redundancy factor will be taken as 1.0 for purposes of this study. The value of R given in the
code for a building frame system having masonry shear walls is 4.5 and the corresponding
strength factor is given as 2.8. This implies a ductility factor of Ry, = 4.5/2.8 = 2.0. Considering
the response to the Newhall and Los Gatos ground motions discussed previously, the response

reduction factors for strength and ductility are calculated as shown in Table 4.3.

169



Table4.2 Summary of N-Sand E-W design vs. calculated peak absolute base

shear demand, 1-story building.

Flexible Diaphragm Analyses

Building Dimension
Transverse (E-W) Longitudinal (N-S)
Percent of 1973 | Percent of 1997 Percent of 1973 | Percent of 1997
Max. Abs. | Percentof B-W | © design UBC design Max. Abs. [ Percent of N-S | © )5 design UBC design
Earthquake Base Shear capacity strength strength Base Shear capacity strength strength
Vb,nmx . Vb_rnax . Vn.nm 5 b, max b, max Vb.max
Vi, max * 100 — %100 ——*100 Vi max * 100 #100 ——*100
Vb,cap b,1973 b,1997 b.cap b,1973 b,1997
(kips) (percent) (percent) (percent) (kips) (percent) (percent) (percent)
Newhall 57.8 11.1 234.6 229.4 88.2 25.5 384.4 350.2
Strong Motion Lucerne 45.9 8.8 186.1 182.0 125.0 36.1 5445 496.1
Analyses Los Gatos 47.3 9.1 192.2 187.9 107.3 31.0 467.4 425.9
Arleta 32.1 6.2 130.2 127.3 44.4 12.8 193.4 176.2
Lower Ground Hollywood (far field) 4.3 0.8 17.5 17.1 6.7 1.9 29.0 26.4
Motions Hollywood (storage lot) 4.4 0.8 17.8 17.4 6.3 1.8 27.3 24.9
Table 4.3 Base shear modification factors, 1-story building.
Ground Motion Newhall L os Gatos
Building Direction Transverse (E-W) | Longitudinal (N-S)
Design Strength (V . .
gn Strength (Vo) 30.2 Kips 30.2 Kips
UBC 97, R =45
Maximum Strength (R¢Vy) . .
520 Kips 346 Kips
(In-plane shear strength)
R, 17. 11.
Required Elastic Strength (R RV ) 58 Kips 107 Kips

Design Strength (V)

UBC *73 24.6 Kips 23.0 Kips

Maximum Strength (RyVy) 520 Kips 346 Kips
R 21 15

Required Elastic Strength (R RV ) 58 Kips 107 Kips
R, A1 31

As mentioned previously for the other two buildings, the lateral resistance is a function of
the length of the structural walls used in each direction and may be more of an architectural
consideration than a strength consideration. This can result in a substantial variation in the
overstrength factor.
ductility factor is reduced, and the building remains well within the elastic response range. The
ductility factors calculated in Table 4.3 have values of 0.11 and 0.31. It should be noted that this

example is based on the in-plane shear strength of the structural walls. The performance of the
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building may be controlled by some other failure mechanism such as diaphragm shear, wall
flexure out-of-plane or diaphragm connection to the walls. However, due to the very light weight
of the roof diaphragm, these possible failure modes seem less likely for this building. The
strength of the structure can be evaluated by using a nonlinear pushover analysis that considers

all possible failure mechanisms.

47 MOMENT CONTOURS (WALLYS)

The moment contours for the four walls of the one-story building computed for the six ground
motions used for dynamic time history analyses are shown in this section. Since the building
possesses dual symmetry, the moment contours will be shown only for one of the walls in the N-
S and one of the walls in the E-W direction. Vertical reinforcing steel consisted of 1-#4 bar
spaced at 16 in. Since there was only a single curtain of steel, the reinforcing was assumed as
placed in the middle of the concrete wall, resulting in an effective depth of 4 in. Using the
material properties f, = 40 ksi and ', = 2.5 ksi, the out of plane moment capacity of the wall was
calculated to be 1.75 in.-kips/in. A combination of 1.2D+0.5L+1.0E was used for development

of the out-of-plane moment contours shown in the remainder of this section.

4.7.1 Newhall Record (Northridge Earthquake)

The moment contours obtained for the one-story building show the out-of-plane moments for
the N-S and E-W walls using the two orthogonal components of the Newhall record, and are
shown in Figures 4.40 and 4.41, respectively. The values shown on the bottom of each moment
contour figure are in moment per unit length (e.g., kip-in./in.). The values of moment per unit
lengths in the color regions should be taken as the upper bound of the regions (for conservatism),

since the values cannot be determined in a more accurate way.
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Figure 4.40 Moment contour for a N-Swall, Newhall, 1-story building.
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Figure4.41 Moment contour for an E-W wall, Newhall, 1-story building.

4.7.2 LucerneRecord (LandersEarthquake)

The moment contours for the N-S and E-W walls using the two orthogonal components of the

Lucerne record are shown in Figures 4.42 and 4.43, respectively.
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Figure 4.42 Moment contour for a N-Swall, L ucerne, 1-story building.
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Figure 4.43 Moment contour for an E-W wall, Lucerne, 1-story building.

4.7.3 ArletaRecord (Northridge Earthquake)

The moment contours for the N-S and E-W walls using the two orthogonal components of the

Arleta record are shown in Figures 4.44 and 4.45, respectively.
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Figure 4.44 Moment contour for a N-Swall, Arleta, 1-story building.
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Figure 4.45 Moment contour for an E-W wall, Arleta, 1-story building.

4.74 LGPC Record (Loma Prieta Earthquake)

The moment contours for the N-S and E-W walls using the two orthogonal components of the

Los Gatos record are shown in Figures 4.46 and 4.47, respectively.
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Figure4.46 Moment contour for aN-Swall, LGPC, 1-story building.
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Figure4.47 Moment contour for an E-W wall, LGPC, 1-story building.

4.75 Hollywood Far Field (Kern County Earthquake)

The moment contours for the N-S and E-W walls using the two orthogonal components of the

Hollywood far-field record are shown in Figures 4.48 and 4.49, respectively.
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Figure 4.48 Moment contour for aN-Swall, HOLFF, 1-story building.
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Figure 4.49 Moment contour for an E-W wall, HOLFF, 1-story building.

4.7.6 Hollywood Storage Lot (Kern County Earthquake)

The moment contours for the N-S and E-W walls using the two orthogonal components of the

Hollywood Storage Lot record are shown in Figures 4.50 and 4.51, respectively.
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Figure4.50 Moment contour for aN-Swall, HSL, 1-story building.
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Figure4.51 Moment contour for an E-W wall, HSL, 1-story building.

The moments calculated in the walls of the one-story building are summarized in Table
4.4. These data indicate that the out-of-plane moment capacity of the wall (1.75 in.-kip/in.) was
exceeded under the Newhall ground motion at a localized position at the base of the wall near the
mid-length of the wall. The moment demand at this location is influenced by the assumed fixed-
boundary condition for the out-of-plane moment. Under the other three strong ground motions
considered in this study, no yielding of the reinforcement is predicted although there would
undoubtedly be some cracking. Considering the out-of-plane moments developed under the two
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lower acceleration records, the maximum moments in the walls are approximately one tenth of

the moment capacity.

Table 4.4 Maximum out-of-plane wall moment (in.-kips/in.).

EarthquakgGround Transverse Wall | Longitudinal Wall
Motion
Newhall Fire Station 3.15 0.24
Lucerne 0.84 0.21
Arleta Fire Station 1.12 0.11
Los Gatos Presentation Ctr. 1.32 0.18
Hollywood Far Field 0.17 0.56
Hollywood Parking Lot 0.18 0.60

48 SUMMARY FOR ONE-STORY BUILDING

The one-story building had no instrumentation, and thus neither model verification nor spectral
analyses could be performed. However, the modeling considerations were the same as those
employed in the three- and two-story buildings, and it is assumed that the model can predict the
behavior of this building in the same manner as observed in the other cases. Linear elastic time
history analysis was conducted using a total of 6 sets of ground motion records, four representing
severe ground motions with displacement-pulse effects, and two representing minor ground
motions. Displacement time histories at the walls and middle of the roof diaphragm in both the
N-S and E-W directions were presented, and their significance discussed. The amplitude of the
displacement time histories for all cases are near zero, indicating little relative movement of the
building during the simulations. This indicates that the building is primarily moving with the
ground as a rigid body.

Base shear time history comparisons were shown for all 6 sets of ground motion records
and are well below both the design values and wall capacity values as based on in-plane shear.
An evaluation of out-of-plane bending moments in the walls indicated that for one ground
motion (Newhall) the moment capacity was exceeded in a localized area of the lower portion of
the transverse walls. The results also show that the one-story building would not suffer any

appreciable damage in the event of earthquakes similar to those used in these simulations.
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A recent study (Cohen, et al. 2002) describes shaking table tests on two one-story, half-
scale masonry buildings. The size of the prototype building was 18’ x 44’ x 14’ and one had a
metal deck roof diaphragm. These dimensions are similar to those of the one-story building
considered in this study which has dimensions 22" x 43" x 10.7" with the exception that the test
buildings had two 8’ x 8" openings in one of the longitudinal sides to permit access. The
measured periods obtained from the tests were 0.05 sec in the transverse direction and 0.083 sec
in the longitudinal direction. The period in the transverse direction is identical to the
corresponding period in the study building (0.05 sec). In the longitudinal direction the period in
the test building is longer .083 sec versus 0.032 sec in the study building. This is most likely due
to the openings in the longitudinal wall of the test building. The following response effects were
noted based on the results of the shaking table tests: (a) the cracking patterns observed in the
tests suggested that the half-scale specimens remained basically elastic when the input base
accelerations were less than 0.50g and (b) the in-plane transverse response of the roof
diaphragms and the associated out-of-plane transverse response of the masonry walls played
important roles in the seismic response of the test buildings. These results are in general

agreement with those of the current study.
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5 Summary and General Conclusions

51 SUMMARY

The objectives of this study were to (1) assess the applicability of the 3D anaytical models
presently available for analyzing the elastic seismic performance of reinforced masonry
buildings, (2) to estimate through dynamic analyses the response of the two reference buildings
and compare the results with corresponding values recorded in the buildings during recent
earthquakes, (3) to estimate the lateral strength that will be demanded of the reference study
buildings if subjected to critical ground motions during their service life, and (4) to evaluate the
implications of the obtained results regarding the reliability of present seismic code regulations
for the design of such buildings.

Case studies have been presented describing the seismic response of two instrumented
reinforced masonry buildings with plywood diaphragms and a one-story reinforced masonry
building with a T-deck (steel) roof diaphragm and no instrumentation. Two existing buildings
for which the recorded response to seismic ground motions is available were chosen for
analytical investigation. The first building, a three-story office building in Lancaster, California,
was anayzed for its behavior during the Whittier Narrows, Landers, and Northridge earthquakes.
A second two-story office building in Palo Alto was studied to evaluate its seismic response
during the Loma Prieta earthquake. Analysis of the displacement response obtained from the
recorded acceleration time histories for each of the two instrumented buildings showed little
variation in frequency response, thus suggesting elastic behavior. Spectral analyses were
performed to determine the dynamic characteristics of each structure consisting of response
spectra and Fourier analyses. Moving window Fourier transfer function analyses conducted on
the recorded response of each building showed that both structures remained essentially elastic

during each earthquake.



A three-dimensional linear elastic dynamic model was developed using ETABS computer
software. For the two instrumented buildings, base shear time histories during each of the
recorded ground motions were computed using the analytical model and compared to the design
base shear required by the building code for which each building was designed as well as to the
design base shear required by the current 1997 UBC code. To study the predicted response of
each building to more severe and near-fault motions, additional earthquake accelerations
recorded at other sites were used. Base shear demands were computed for these ground motions
and compared with the minimum design base shear required by code.  The base shear
comparisons using the recorded motions at the base of the buildings verified that the behavior of
each building during the recorded base motion was essentially elastic. However, analysis of the
response of these buildings to the additional severe ground motions recorded at different sites
indicated that each building would likely suffer damage.

Spectral analyses were performed on each of the two instrumented buildings to determine
the dynamic characteristics of the building using the accelerations recorded in the building
during the seismic ground shaking. Three-dimensional, linear-elastic finite e ement models were
developed for use with the ETABS program. Linear elastic analyses were conducted for the
ground motions recorded at the base of the buildings and the resulting building response was
compared to that measured by the sensors on the building. Base shear demands were also
studied by comparing the 1997 UBC design base shear values to the values predicted by the
analytical models. In-plane shear forces in the horizontal diaphragms were evaluated in terms of
shear-flow contours, and out-of-plane bending moments in the walls were also evaluated in terms
of contour plots that were compared to the computed ultimate strengths.

For each of the instrumented buildings, an investigation of the 1997 UBC criteria for
flexible diaphragms was conducted. Two sets of relative displacement ratios used by the code
were computed based on either static loading (per 1997 UBC) or dynamic loading. For the three-
story building, static and dynamic analyses resulted in significantly different values of the
diaphragm flexibility ratio and indicated different classifications of the diaphragms. However,
for the two-story building, the code ratios computed for the roof and second-floor diaphragms
using both static and dynamic loading agreed as to the classification of the diaphragms as not
flexible.

The one-story building lacked instrumentation, and thus it was not possible to conduct

spectral analyses and model verification. A linear elastic ETABS model was constructed for this
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building using similar modeling techniques to those used in both instrumented buildings.
Dynamic time history analysis was performed specifically for the displacement at the wall and
diaphragm midspan, and base shear in the N-S and E-W directions. A total of 6 total sets of
recorded ground motions were used in the analyses. These are thought to be representative of (1)
severe ground motions, (2) single and multiple displacement-pulse ground motions, and (3)
moderate ground motions in seismic zones of reduced risk. The results from these analyses
suggest that the one-story building will not suffer appreciable damage in the event of being

subjected to any of these ground motions.

52  CONCLUSIONS

From the analysis of the results presented in this study, the following conclusions have been
reached.

1. The modeling capabilities of the current ETABS (version 7) program, including the use
of a three-dimensional model that includes the diaphragm stiffness, can accurately
reproduce the elastic response of reinforced masonry buildings considering the actua
stiffness characteristics of the diaphragms. This was verified by critical comparison with
the response measured in two instrumented masonry buildings.

2. In considering the three-dimensional response, building behavior characteristics such as
distribution and participation of mass, orthotropic behavior of the timber diaphragms,
interaction of frames and walls, orthogonal reaction components on connections and the
interaction of two simultaneous seismic input motions are accounted for directly.

3. Consideration of the effect of cracking on the section properties are necessary to
satisfactorily model grouted reinforced masonry shear walls. This is particularly true for
structures that have experienced one or more earthquakes.

4. The three-story case study building experienced three earthquake ground motions that
produced base shear demands that were smaller than the design base shear required by
the 1973 UBC, used in the design, and by the 1997 UBC.

5. Thetwo story case study building experienced ground motions that generated base shears
that were as much as 50% above the design base shear. However, the estimated capacity
indicated that the building had sufficient overstrength so that any structural damage
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10.

11.

would be limited. There may have been some limited cracking of the masonry, though the
reinforcing steel appearsto have remained elastic.

The base shear comparisons for the three-story building indicate that the 1997 UBC
lateral force requirements result in a higher design base shear relative to the 1973 UBC
provisions. The value of the design base shear in the E-W direction is 30% higher and the
value in the N-Sdirection is 19% higher than the 1973 values.

Observation of the recorded acceleration and displacement response, the moving window
Fourier transfer function analyses, and the base shear comparisons all provide convincing
evidence that the three-story building remained essentially elastic during the three
earthquake ground motions recorded at the base.

It is likely that some damage would be incurred in each of the structures studied if they
were subjected to the severe earthquake ground motions. However, this damage potential
is tempered by the existing overstrength of the walls due to the use of minimum
reinforcement. This capacity is exceeded for only alimited number of cycles.

For purposes of comparison, the in-plane shear capacity of the structural walls has been
used as an indication of capacity. However, the actual capacity of the building may be
controlled by the in-plane shear capacity of the diaphragm, the connections of the
diaphragm to the walls, or the out-of-plane moment capacity of the walls.

The in-plane shear capacities of the walls in each principal direction for the 3-story
building have considerably higher strength than the code minimum requirement and these
capacities are exceeded for only a limited number of displacement cycles. This higher
strength appears to be due to the length of the walls used in the framing system and the
minimum steel requirements for the structural walls.

The value of the code displacement ratio used as a criteria for determining when the roof
or floor diaphragms should be considered as flexible does not appear to give consistent
results and depends upon the method of calculation (i.e., static vs. dynamic). Significant
differences were observed as summarized in Table 5.1.
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Table5.1 Summary of flexibility classificationsfor diaphragms of 2- and 3-story

buildings under static and dynamic loading.

Building
L ocation Three Story Two Story
Static Dynamic Static Dynamic
Roof Flexible Rigid Rigid Flexible
| Story Flexible Flexible Rig_;id Rigid

12. Differences were observed between the period and design base shear between the 1973
UBC and 1997 UBC. In the 1973 code, the period is a function of the building dimension
in the direction of loading, whereas, the period determined in the 1997 code is
independent of plan dimensions and uses a single period based on the building height for
both directions. Both of these code provisions produce estimates of the building periods
that are not consistent with the values computed from the computer model or obtained
from the recorded response. This results in an inconsistency in determination of the
design base shear.

13. Results of this study indicate that in-plane shear in the timber diaphragms may be the
weak part of the building system.

14. The assumption of flexible vs. rigid diagphragm may have a significant effect on the
distribution of base shear forces to the resisting elements that are generally shear walls.

15. Results from dynamic time history analyses indicating small demands compared with
available capacity suggest that the one-story building will not suffer any appreciable
damage in the event of severe earthquake ground motions similar to those used in the
analyses conducted for the two- and three-story buildings.

16. The in-plane shear strength capacity of the walls of all three buildings exhibits a
significant overstrength relative to code lateral force requirements. This appears to be due
to the size and length of the walls and the architectural considerations in the design. This
study has shown that the base shear developed by severe ground motions can
significantly exceed the minimum base shear specified by building codes. In this case, the
additional shear strength of the walls will be advantageous. However, the overstrength of
the walls may attract additional inertial forces due to the ground shaking, and, in addition,
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5.3

17.

may place an increased load on another more critical element such as the roof or floor
diaphragm and the connection of these diaphragms to the walls. Therefore, other
elements of the structural system should be designed for the increases in seismic forces
arising from the overstrength of the walls suggesting the use of a higher overstrength
factor in the design of connecting elements.

From a design standpoint, defining the diaphragm as “flexible” or “rigid” can have a
significant effect on the individual lateral resisting elements. If the diaphragm meets the
criteria for a flexible diaphragm, the lateral design forces will be distributed to the
elements according to mass of their tributary area. If they are classified as rigid, the
distribution of lateral design forces will be according to their lateral stiffness. In addition,

arigid diaphragm will require consideration of accidental torsion.

RECOMMENDATIONS

To date there has been very little testing of subdiaphragms. More recent tests (Pardoen, et
al., 1999) have considered parameters interior to the sub-diaphragm (nailing, plywood
thickness, and panel orientation) but have not addressed the interaction of the sub-
diaphragm with the wall. Also, the use of closely spaced truss joists has not has not been
considered nor has the use of different blocking schemes. Some of these tests should be
biaxial, since the diaphragm is under a biaxial state of stress with orthotropic material

properties. Hence, additional tests of timber diaphragms need to be conducted.

This study has shown that the connections between the diaphragm and the supporting
walls can experience significant multi-component loading at certain critical locations on
the diaphragm. This effect combined with the directional properties of timber, parallel to
grain or perpendicular to grain, will have a significant effect on connector performance.
Tests to date have consider uniaxial loading that is generally parallel to the grain.

The effects of vertical accelerations on diaphragm response should be investigated. If

vertical accelerations have a significant effect on the response, this will increase the

triaxial state of loading on the connections to the walls.
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4. Additional instruments are needed on the diaphragms to evaluate the actua flexibility.
For the two-story building the seven instruments were not nearly enough and the
recorded data had to be supplemented by calculated data. Since diaphragm flexibility isa
function of the interstory displacement, recordings are necessary on two or three
consecutive floor levels.
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APPENDIX A-1
Recorded Acceleration Time Histories, Whittier Narrows, 3-Story Building
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APPENDIX A-2

Recor ded Displacement time histories, Whittier Narrows, 3-Story Building
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APPENDIX A-3

Recorded Acceleration TimeHistories, Landers, 3-Story Building
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APPENDIX A-4

Recor ded Displacement Time Histories, Landers, 3-Story Building
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APPENDIX A-5

Recorded Acceleration Time Histories, Northridge, 3-Story Building
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APPENDIX A-6

Recorded Displacement Time Histories, Northridge, 3-Story Building
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APPENDIX B-1

Recorded Acceleration TimeHistories, Loma Prieta, 2-Story Building
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APPENDIX B-2

Recor ded Displacement Time Histories, Loma Prieta, 2-Story Building
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