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ABSTRACT

The California building inventory includes many different building types. Two common building
types in this inventory are tilt-up buildings and reinforced concrete buildings with embedded
stedl frames (sometimes referred to as steel reinforced concrete, or SRC, buildings). Many of
these buildings were built before the implementation of modern provisions for seismic design
and may be susceptible to significant damage in moderate-to-strong earthquake ground motions.
Given this potential vulnerability, a study was undertaken to assess modeling and evaluation
approaches for each building type.

For tilt-up buildings, a nonlinear analysis methodology was developed using a series of
simple 2-D models to evaluate connection forces and deformations, as well as demand in the roof
diaphragm, for a given ground motion. Data from the response of an instrumented building
(CSMIP Station 47391) were used to validate the model. The correlation studies showed that the
model was capable of representing the overall measured response of the building reasonably
well. Sensitivity studies were performed to assess the influence of various parameters on tilt-up
response, including soil-foundation-structure interaction (SFSI). The sensitivity studies indicate
that diaphragm stiffness has a considerable impact on response and behavior and that near-field
earthquakes with forward directivity increased connection and diaphragm forces from 10 to 25%.
Soil-foundation-structure interaction did not have a significant impact on building response.

Due to the nature of the dynamic response of SRC buildings, which is dominated by out-
of-plane “breathing” of the walls and roof, linear dynamic analysis methods were employed. The
Linear Dynamic Procedure (LDP) described in FEMA 273 was used to assess critical structural
elements of the lateral and gravity force-resisting systems. The evaluation indicated that the
system was both strong and stiff, and thus, remained essentially elastic for the spectrum provided
(10%/50 yr). Soil-foundation-structure interaction did not have a significant impact due to the
dynamic response characteristics of the building.
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1 Introduction and Report Organization

1.1 INTRODUCTION

Two common building types in the California inventory of buildings are tilt-up buildings and
reinforced concrete buildings with embedded steel frames (sometimes referred to as steel reinforced
concrete, or SRC, buildings). Many of these buildings were built prior to the implementation of
modern provisions for seismic design and are susceptible to significant damage in moderate-to-
strong ground motions. Given this potential vulnerability, a study was undertaken to assess modeling
and evaluation approaches for each building type. Representative buildings were selected to establish
typical building configurations and structural details. An electrical repair facility located in Fremont,
California, provided the basis for evaluation of the tilt-up buildings and an electrical substation in
Berkeley, California was used as a representative SRC building. Modeling approaches and analysis
tools were selected for the evaluation of each building type. The influence of soil-foundation-structure

interaction (SFSI) was also considered.

1.2 BUILDING TYPES
1.2.1 Tilt-up Buildings

Tilt-up buildings are common in California because they offer a large, open floor space and are
economical to construct. However, the poor performance of tilt-up buildings in previous California
earthquakes indicates that they are susceptible to damage. Although code requirements have been
improved over the past 25 years based on observed damage, significant damage was reported in the
Northridge earthquake. Typical damage included failure of connections between the roof and walls
and failures between individual wall panels, often resulting in partial collapse of the roof and wall
panels. Nonlinear modeling is likely needed to best predict the connection forces and deformations
to improve evaluation techniques for tilt-up buildings. Given these general observations, this report
emphasizes the use of simple nonlinear modeling and analysis methods. Although soil-foundation-
structure interaction is not expected to play a significant role in the dynamic response of a tilt-up
building, relatively simple studies were undertaken to quantitatively assess the impact of such

interaction.
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Calibration of the modeling approach developed in this study for tilt-up buildings was an
essential component of the study. To address this need, a tilt-up building in Hollister, California,
instrumented by the California Strong Motion Instrumentation Program (CSMIP) and subjected to
moderate ground shaking in the Loma Prieta earthquake, was used to study building response. The
structural systems for the Hollister and Fremont buildings are similar; therefore, conclusions derived
from the study of the Hollister building can be applied to other similar buildings in the California

building inventory. No specific studies of the Fremont building were undertaken.
1.2.2 Steel Reinforced Concrete Buildings

The Berkeley substation building was used as an example of an older, box-like steel and reinforced
concrete building. The structural system for the low-rise building consists of steel trusses and columns
with perimeter concrete walls and a concrete roof. The steel members are either fully or partially
embedded in the concrete roof and walls. Relatively little information on the seismic performance
of'this type of building is available. Given the large number of stiff reinforced concrete walls in this
type of building, there is an expectation that the collapse prevention performance level can be
achieved with little or no modification. Although the concrete wall panels were likely neglected in
the original lateral load analysis of the building, the stiff low-rise walls provide substantial lateral-
force resistance. The role of out-of-plane response on the behavior of the thin wall panels and the
deformations that the wall panels impose on the structural steel components in the building may
substantially impact building response. As well, given the stiff structural system, soil-foundation-
structure interaction may play a significant role in the response of such buildings. The primary
objectives of the SRC building study are (1) to study the dynamic response of a typical SRC building

and (2) to identify appropriate modeling and evaluation techniques.
1.3 REPORT ORGANIZATION

The report is organized into four chapters. The first chapter provides an overview of the project.
Soil-foundation-structure interaction is the focus of Chapter 2. Modeling and evaluation of tilt-up
and SRC buildings are addressed in Chapters 3 and 4, respectively. The approach developed in
Chapter 2 is used in Chapters 3 and 4 to assess the importance of soil-foundation-structure interaction
on building response. A brief study is also undertaken in Chapter 3 to assess the impact of near-field
ground motion characteristics on the response of tilt-up buildings. Conclusions for each building

type are summarized at the end of Chapters 3 and 4.
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2 Modeling of Soil-Structure Interaction Effects

2.1 INTRODUCTION

2.1.1 Background

The seismic excitation experienced by structures is a function of the earthquake source, travel-path
effects, local site effects, and soil-foundation-structure interaction (SFSI) effects. The product of
the first three of these factors is a free-field ground motion. Structural response to free-field motion
is influenced by SFSI. In particular, accelerations within structures are affected by the flexibility of
foundation support and variations between foundation and free-field motions. Consequently, an
accurate assessment of inertial forces and displacements in structures requires a rational treatment
of SFSI effects.

SFSI analysis procedures include direct approaches in which the soil and structure are modeled
together in a single analysis, and substructure approaches where the analysis is broken down into
several steps. The emphasis here is on the relatively straightforward and more commonly used
substructure approach, illustrated in Fig. 2.1. The substructure approach separately evaluates the following
two principal mechanisms of interaction between soil and foundation:

° Kinematic Interaction: The presence of stiff foundation elements on or in soil cause foundation
motions to deviate from free-field motions as a result of ground motion incoherence, wave
inclination, or foundation embedment. Kinematic effects are described by a frequency
dependent transfer function relating the free-field motion to the motion that would occur on
the base slab if the slab and structure were massless.

° Inertial Interaction: Inertia developed in the structure due to its own vibrations gives rise to
base shear and moment, which in turn cause displacements of the foundation relative to the
free field. Frequency-dependent foundation impedance functions describe the flexibility of
the foundation support as well as the damping associated with foundation-soil interaction.

The focus here is on inertial interaction, which is the more important effect for foundations without

large rigid base slabs or deep embedment. When kinematic interaction is ignored, it is equivalent to

assuming a transfer function of unity.



suii .................. OGFIM

Interaction Problem ) Kinematic Interaction,
Evaluatlon of Foundation Input Motions
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(2) Impedance Function (3) Analysis of structure on
compliant base subjected to FIM

Fig. 2.1: Substructure approach to analysis of the SSI problem
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The effects of inertial interaction can be readily visualized using the model shown in Fig. 2.2. The
figure consists of a single-degree-of-freedom structure of height /2 on a flexible foundation medium represented
by the frequency-dependent and complex-valued impedance terms &, and Ee . Using this model, Veletsos
and Meek (1974) found that the seismic response of a flexible-base structure can be represented with an
equivalent fixed-base single-degree-of-freedom structure with vibration period and damping ratio T and
5 , respectively. The corresponding fundamental-mode parameters for a structure on a rigid soil/foundation
system (i.e., a fixed-base structure) are T and ¢ . Hence, the effects of SFSI can be expressed through

a comparison of the fixed- and flexible-base vibration parameters as follows:
T /T = Period lengthening ratio

~

’=C- ¢ —Foundation damping factor

T/r)

These factors are a useful quantification of inertial SFSI effects for structures modeled with lumped masses,
because they can be combined with fixed-base parameters (assumed to be “known”) to evaluate flexible-
base parameters. In turn, they can be used in simple response-spectrum-based analyses of seismic structural
response (e.g., Fig. 2.3). This framework is the basis of SFSI provisions in the NEHRP Recommended
Provisions for Seismic Regulations for New Buildings and Other Structures (BSSC, 1998). However,
for reasons discussed in Section 2.3, this framework is not readily applicable to the subject structures in
this study, and a different approach is adopted in which impedance functions are directly included in
structural response analyses.

Impedance functions (&, and k. , ) generally represent the single greatest source of uncertainty
in SFSI analyses. Hence, the primary focus of this chapter, presented in Section 2.2, is on simplified
procedures for evaluating impedance functions. Key issues addressed include the selection of representative
shear wave velocities for nonuniform soil profiles, and the evaluation of impedance for arbitrary foundation
shapes and flexible foundations. These procedures improve the basic formulation in the NEHRP Provisions
as well as the procedures adopted by Stewart et al. (1998). Section 2.3 and the Appendix for this
Chapter discuss the application of these procedures for the buildings discussed in detail in Chapters 3
and 4.

2.2 IMPEDANCE FUNCTION

2.2.1 Mathematical Representation

The impedance function is represented in Fig. 2.2 by &, and &, . For surface or lightly embedded

foundations, neglecting the coupling between the translational and rocking deformation modes

2-3



\N\Y //

/7 ANANN /7 ANNN
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introduces negligible errors. Simplified impedance function solutions for translation and rocking are available
for rigid circular disk foundations located on the ground surface or embedded into a uniform, visco-elastic

halfspace. Terms in the impedance function are expressed in the form

k; =k, (a,,v)+iac,(a,,v) (2.1)

where j denotes either deformation mode # or 0, ® is angular frequency (radians/sec.), a, is a
dimensionless frequency defined by a, = wr/V,, r = equivalent foundation radius, Vs = soil shear
wave velocity, and v = soil Poisson ratio. Foundation radii are computed separately for translational
and rocking deformation modes to match the area (4,) and moment of inertia (/,) of the actual
foundation (i.e. r, = \/A ST Py = V4l /m). There are corresponding (a,), and (a,), values as well.

The real stiffness and damping of the translational and rocking springs and dashpots are
expressed, respectively, by

Kru

ku :auKu c, = ﬁu (22a)

V,
K,r
ko =0,K, =B, (2.2b)

S
where o, B,, 0., and 3, express the frequency dependence of the impedance terms, and K, and K,

represent the static stiffness of the foundation. The following sections outline procedures for evaluating

the static stiffness terms and the dynamic modifiers for stiffness and damping (o and [3 terms).
2.2.2 Static Stiffness

The static stiffness of surface foundations can often be adequately represented by the solution for a
rigid disk founded on a halfspace,

K, = cr K 8

u 27— u 0 3(1 U)Grg (23)

where G = soil dynamic shear modulus. Poisson’s ratios recommended for use with Eq. 2.3 in the
NEHRP recommended provisions are indicated in Table 2.1. For foundations embedded to depth e,

the solution in Eq. 2.3 can be modified as suggested by Kausel (1974):

(k,), =K, [1%5) (k,), = K€[1+2£) (2.4a)

For foundations embedded to depth e within a finite soil layer of depth H that overlies a rigid base, the
solution by Kausel (1974) is

(K )y =K ( ——I I ) .
(Ko )rye =K (1+2 Il+07—I +__j



Egs. 2.4 are approximate expressionsthat apply for »/H < 0.5 and ¢/r < 1. The conditionsfor which the
finite soil layer over rigid base Site characterization may be applied are discussed bel ow.

Threekey issues associated with the use of Egs. 2.3 and 2.4 are (1) the selection of asoil shear
modulusthat representsastrain-degraded, nonuniform stratum, (2) limitations of the circular foundation
formulation for noncircular foundation shapes, and (3) applicability of therigid foundation model to
discontinuousfoundation systems.

Table 2.1: NEHRP-prescribed values of Poisson’s Ratio (BSSC, 1998)

Soil Type Poisson’s Ratio (v)
Clean sands, gravels 0.33
Stiff clays, cohesive soils 0.40
Soft Clays 0.45

Representative Soil Shear Modulus

The selection of arepresentative shear modulus must account for the nonuniformity of the profileand the
reduction of modulus associated withincreasing shear Strain.

The small strain shear modulusis eval uated from shear wave velocity as pr =G, wherep=
mass density. For nonuniform soil deposits, representative halfspace shear wave velocities, (Vs),,
can be calculated as the ratio of effective profile depth (Z,) to shear wave travel time through the
profile. Effective profile depthsinthe NEHRPrecommended provisionsareZ, =4 x r, for trandations
and Z, = 1.5 x r, for rocking. Alternatively, Roesset (1980) has suggested for circular foundations
the use of soil properties from a depth of 1/2 x r, while Gazetas (1991) recommends for square
foundations (side dimension 2a) that soil properties be sel ected for adepth of 1/2x « for trand ations
and 1/3 x a for rocking. While the Roesset and Gazetas recommendations are similar, the NEHRP
recommendationsare quitedifferent, sofurther investigation of thismatter isundertaken.

Theevaluation of optimal profile depth (Z,) isinvestigated by comparing rigorously defined
static impedance solutions for square foundations on various nonuniform soil profiles (Wong and
Luco, 1985) with static stiffnesses cal culated for an* equivalent” halfspace using thefollowing closed form
expressionsfor asquare foundation on ahafspace (Gazetas, 1991)

9 3.6

KM :EGHG K@ :EGHGS (25)
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where (5, 1s the effective halfspace shear modulus. The objective is to evaluate the effective profile depths
for which the halfspace solution represents the actual static stiffhess in translation and rocking with acceptably
small errors. These analyses are performed for a rigid square foundation of side dimension 2a resting on
two different profile configurations: (1) a stepped halfspace and (2) a linearly increasing velocity profile
overlying a halfspace. These configurations are drawn in the upper right-hand corners of Figs. 2.4. For
both the halfspace and nonuniform profiles, the mass densities of the surface layer and underlying halfspace
are assumed to form a ratio of p,/p,=1.13 by Wong and Luco (1985). In the case of the nonuniform layer,
mass density increases from p; at the top of the layer to p, at the bottom of the layer. The effective
halfspace density (p,) is taken as a weighted average across the profile depth.

Plotted in Fig. 2.4 are normalized residuals of the static translational and rocking stiffhess, calculated

as follows:

Residual (u) = (Ky e - Ko)/Ky
(2.6)
Residual (8) = (Kg . - Ko)/ Ky

where K, and K, are the actual static stiffnesses for the profiles computed from Wong and Luco (1985).
As shown in Figs. 2.4(a) and (b), the code recommends values of Z,/r,, = 4 for translation and Z /7, =1.5
for rocking lead to significant overestimates of foundation stiffness for strongly nonuniform profiles. As
expected, residuals decrease with increasing profile uniformity (Vs,/Vs, approaching unity and H/a — o).
The largest errors occur for the profiles having the shallowest depth range across which Vs varies (Fig.
2.4(a), Ha=0.5, Fig. 2.4(b), Ha=2).

Figs. 2.4 (c) and (d) show residuals for normalized profile depths of Z,7,.,.,< 1.0. From these
figures, Z,/r,= Z,/r,=0.75 are seen to provide nearly optimal solutions for the stepped halfspace and
linearly varying profiles. With these profile depths, equivalent halfspace solutions for most //a values fall
within 25% of the actual solution, with the exception of stepped halfspace profiles with V,/V, <0.5—a
circumstance addressed in the following paragraph. The residuals do not trend to exactly zero as V,/V,
approaches unity because of the nonuniform density profile used by Wong and Luco (1985). It may be
noted that if p,, was taken as p,, the residuals at V,/V, =0.8 would effectively be eliminated.
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Fig. 2.4 (a) : Static stiffness residuals for finite soil layer over halfspace
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For profiles with a strong contrast in shear wave velocity, it is of use to investigate the accuracy of
the finite soil layer over a rigid base model, as compared to the effective halfspace models invoked above.
To directly investigate the errors in the finite soil layer over a rigid base model for different two-layer

systems, residuals associated with this model are computed as

Residual (u) = (K, - Ki)/ K,
2.7)
Residual (0) = (K5 - Ko)/ K

As afirst-order approximation, stiffhesses K, ; and K, are evaluated using the square foundation halfspace
stiffness values from Eq. 2.5 with the finite soil layer correction indicated in Eq. 2.4(b) for H/a>2. Fig.
2 .4(e) shows residuals for a range of velocity ratios (V,/V,) and profile depths (H/a). The results indicate
that for H/a > 2, the residuals associated with the use of the rigid base model are small (<~ 5%) for V,/
V' <0.5. Hence, for simplified analyses, use of the finite soil layer over a rigid base model is recommended
for profiles with a uniform velocity layer overlying a material with twice the surface layer’s V. For other
site conditions investigated, the profile is generally best modeled as a halfspace with velocities computed
over normalized profile depths of Z,/7,= Z,/r,=0.75.

The second consideration associated with the development of effective profile velocity is the reduction
of modulus with cyclic shear strain. The NEHRP recommended provisions correlate modulus reduction
with the ground motion parameter .S, as indicated in Table 2.2. As noted in the Appendix, however, the
coeflicients in Table 2.2 can significantly overestimate the nonlinearity of the soil response. A better estimate
of modulus reduction effects is obtained by deconvolving the design-basis free-field motion through the soil
column using a 1-D ground response analysis program such as SHAKEO91 (Idriss and Sun, 1991). The
resulting strain-dependent soil properties across the appropriate profile depth can then be used to evaluate

halfspace velocity.
Representation of Noncircular Foundation Shapes

As noted previously, the static stiffhesses of arbitrarily shaped foundations can often be evaluated using the
relations in Eq. 2.3 provided foundation radii are computed that match the area (7 ) and moment of inertia
(r,) of the actual foundation. This formulation can break down, however, as the aspect ratio of the foundation

increases. Plotted in Fig. 2.5 are ratios of static impedance for rectangular foundations (computed according

Table 2.2: Code-prescribed values of soil modulus and V, degradation with
effective long period ground acceleration, S, (BSSC, 1998)

Ground Acceleration Coefficient, S,
<0.10 <0.15 <0.20 >0.30
G/G 0.81 0.64 0.49 0.42

max

Vol Vnmax 0.90 0.80 0.70 0.65
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to Gazetas, 1991) to static impedance for the equivalent disk foundation. The disk solution underpredicts
the actual static stiffness for aspect ratio, L/B > 2, but is less than a 20% effect up to /B > 6. For aspect
ratios larger than 1/B>6 (strip footings) it is recommended that the impedance for circular foundations be

increased according to the ordinates in Fig. 2.5.
Modeling of Discontinuous Foundations

The static stiffness equations in Eq. 2.3 assume a continuous foundation system supports the entire
building structure (e.g., mats, continuous spread footings underlying walls that are continuous around
the building perimeter, spread footings interconnected by grade beams and/or a base slab). Continuous
foundations that are nonrigid (i.e. flexible), are discussed in 2.2.3. The discussion here focuses on
structures founded on discontinuous foundation elements (e.g. continuous spread footings supporting
discontinuous walls, independent spread footings).

Foundation stiffnesses can be derived for independent footings using Eq. 2.3 or 2.4, provided
the foundation radii are computed to match the dimensions of the actual foundation elements. As
recommended in the NEHRP code, the rocking impedance for structures founded on several

independent footings can be approximately computed as

K, = Zkﬂ. -y} (2.8)

where £ represents the vertical foundation stiffhess of an individual footing, and y, represents the normal
distance from the centroid of the 7* footing to the rocking axis of the foundation.

Foundation stiffnesses for continuous footings underlying discontinuous walls (e.g. tilt-up
structures) should be evaluated separately for each wall. Solutions for long rectangular foundations
in Gazetas (1991) can be used, or modifications to the disk foundation stiffness according to Fig. 2.5
can be invoked. These stiffnesses can then be used in a substructure analysis of the wall response.
An example of the calculation of wall footing impedance is provided in the Appendix for a tilt-up

structure in Hollister, California.
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2.2.3 Dynamic Modifiers for Stiffness and Damping

Foundation impedance for both the translation and rocking modes is frequency dependent and
complex-valued. As noted in Eq. 2.2, the « factors express the frequency dependence of the real
stiffness, while f3 factors express the frequency dependence of damping.

The ¢, and S, factors for a rigid disk foundation resting on a halfspace are plotted in Fig. 2.6 using
the formulation of Veletsos and Verbic (1973). Within the frequency range of common engineering interest,
these factors can be applied to nonuniform soils provided a representative halfspace velocity is selected
(as discussed in Section 2.2.2). Based on analysis (Dobry and Gazetas, 1986) and case history data
(Stewart et al., 1998), the factors in Fig. 2.6 can also be applied to noncircular foundation shapes, provided
the foundation aspect ratio is less than four. Note from Eqs. 2.2 that the static foundation stiffnesses (K,
K,) that should be used for the evaluation of dashpot coefficients (c;, c,) are based on an assumed disk
foundation shape. Accordingly, a modified static stiffness using the aspect ratio correction in Fig. 2.6
should not be used in the calculation of foundation damping with Eqs. 2.2. In the limiting case of a strip
foundation, the o factors are nearly one for practical purposes, whereas 3,=0.67 and 3,=0.38 (independent
of frequency).

As can be seen in Fig. 2.6, a key issue associated with the evaluation of damping factors f3, at
low frequencies is characterization of the effective soil hysteretic damping ratio 3. It is known from
laboratory testing of soil that is a function of soil type and the amplitude of shear strains in the soil.
Typical values of 3 are about 1 to 15% for sand and low-plasticity cohesive soils, and about 2 to
10% for clays with a plasticity index of about 30 to 40 (Vucetic and Dobry, 1991; Stokoe, 1999).
The low end of the quoted ranges would apply to low-level shaking (S, < 0.1), the high end to
relatively severe shaking (S, > 0.4). More precise guidelines for the selection of S are currently
under development.

For embedded foundations, Elsabee and Morray (1977) suggest that a combination of static
stiffness values from Eq. 2.4 with the dynamic factors in Fig. 2.6 provides a reasonable representation
of dynamic foundation impedance for e/r <0.5. Case history data analyzed by Stewart et al. (1998)
suggest this practice is acceptable for building structures. However, for deeper embedment, a more
rigorous solution, such as that developed by Apsel and Luco (1987), can significantly improve the
results, particularly for high-frequency structures.

For flexible foundations, analyses by Iguchi and Luco (1982) and a case history discussed in
Stewart et al. (1998) suggest that the rocking impedance solution for rigid foundations obtained
through the use of Eqs. 2.2-2.3 and Fig. 2.6 can be significantly in error for the wall/foundation
configuration shown in Fig. 2.7(a) (a stiff core of shear walls resting on a continuous base slab, no
perimeter walls). For such cases, it is necessary to account for the reduction in foundation stiffness
and damping associated with the flexibility of the base mat. The key parameter governing the

influence of foundation flexibility effects on rocking impedance is the ratio of the soil-to-foundation rigidity,
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3
n=S7 (2.9)

D

in which G is the soil dynamic shear modulus and D is the foundation’s flexural rigidity,

3
_ B

T 12(-0?)

where £, 1, and v,are the Young’s modulus, thickness, and Poisson’s ratio of the foundation, respectively.

(2.10)

Values of o, and [B, for rigid core shear walls of various radii on slab foundations are plotted in Fig. 2.7(b)
based on the analysis of Iguchi and Luco (1982). These dynamic modifiers are formulated for use with the
standard static stiffnesses calculated using Eqs. 2.2-2.3. The dynamic modifiers in Fig. 2.7(b) should be
used in lieu of those in Fig. 2.6 for structures with the configuration indicated in Fig. 2.7(a).

2.3  APPLICATIONS AND CONCLUSIONS

There are two general applications of impedance functions: (1) quantification of foundation spring
and dashpot coefficients for use in structural response analyses and (2) analysis of period lengthening
ratios and foundation damping factors for response-spectrum-based analysis of seismic structural
response. The subject buildings for this study cannot be readily modeled as lumped-mass systems
(mass is principally distributed along walls in the concrete building and along the roof diaphragm in
the tilt-up building). Hence, period-lengthening ratios and foundation damping factors are not the
ideal representation of SFSI effects in these cases. Rather, SFSI effects were evaluated by comparing
the response of the building-specific structural models for fixed-base conditions (infinite foundation
stiffness, zero damping) and flexible-base conditions (stiffness and damping represented by impedance
functions). Results of these comparisons are presented in Chapters 3 and 4. Example calculations

of impedance functions are appended to the end of'this chapter.
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APPENDIX 2: A SITE-SPECIFIC ANALYSIS OF IMPEDANCE FUNCTIONS

A2.1: STEELREINFORCED CONCRETE BUILDING, BERKELEY, CALIFORNIA

The impedance function for this site was evaluated using the simplified procedures in Chapter 2 (based on
the impedance of a disk foundation) and the impedance solutions for square foundation shapes by Wong
and Luco (1985) as implemented in the computer code DYNA4 (Novak et al., 1993). Both formulations
assume a rigid foundation slab, which is justified given the presence of shear walls around the building

perimeter (see Section 2.2.3).
Soil Conditions

The soil profile for the site, shown in Fig. A2.1(a), was compiled from borings located along a BART
tunnel alignment approximately 100 to 200 ft. from the site. No in-situ measurements of shear wave
velocity (V) are available, but J, was estimated based on correlations with void ratio and geologic age by
Fumal and Tinsley (1985) and correlations with SPT blow count by Seed et al. (1984). Strain- compatible
soil properties were evaluated using the profile in Fig. A2.1(a) in deconvolution analyses with the ground
response program SHAKEO1 (Idriss and Sun, 1991). The deconvolution analysis was performed using
the ground motion recorded at the Gilroy #2 station during the 1989 Loma Prieta earthquake. This
representative ground motion was selected based on de-aggregation results from probabilistic seismic
hazard analysis for the site, and the PGA was scaled to match the PGA of the 10% in a 50-year constant
hazards spectrum. Other time histories were considered, but the computed shear strain profiles, and

hence profiles of strain compatible soil properties, were found to be fairly insensitive to the time history.
Simplified Analysis

Actual foundation dimensions are 64 x 90 ft. Equivalent radii of disk foundations can then be calculated as
r,=43 ft., and r,=40 and 47 ft. (transverse and longitudinal directions, respectively). Based on the best-
estimate small strain V, profile in Fig. A2.1(a), representative shear wave velocities for the site are calculated
over profile depths of 0.75r, for translation and 0.75r, for rocking as 802 ft/s (translation) and 798 ft/s and
808 ft/s (transverse and longitudinal rocking, respectively). Effective strain-dependent shear wave velocities
are computed using two techniques: (1) reduction factors in Table 2.2 for S, > 0.3 and (2) the results of
the previously described ground response analyses, which yield representative shear wave velocities of
644 ft/s (translation) and 641 ft/s and 649 ft/s (transverse and longitudinal rocking, respectively). The
resulting shear moduli are used with a Poisson’s ratio of 0.33 (Table 2.1) in Eq. 2.3 to calculate the

following static stiffhesses:
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Modulus Reduction based on Table 2.2

K,=2.07 E08 (Ib/ft)

(Ko)uas =2.54 E11 (Ib ft/rad)

(Ko)one=4.22 E11 (Ib.ft/rad)

Modulus Reduction based on Ground Response:

K,=3.18 E08 (Ib/ft)

(Ko)oms = 3.90 E11 (Ib.ft/rad)

(Ko} = 6.49 E11 (Ib.ft/rad)

Comparing these values, it is readily apparent that the modulus reduction factors in the NEHRP
Provision significantly overestimate the soil nonlinearity at this site.

To construct full impedance functions, the static stiffness values are multiplied by the frequency-
dependent dynamic modifiers o, and B, in Fig. 2.6 (for j = u# and 6). Using the static soil stiffness
values derived from ground response analyses, the estimated impedance functions are as shown in Fig.
A2.1b (gray lines).

DYNA4 Analyses

DYNAA4 analyses of the impedance of rectangular foundations are based on equivalent dimensions of
square foundations (2a x 2a). These equivalent dimensions are a=38 ft. for translation, and @=35 and
41.5 fi. for rocking (transverse and longitudinal directions, respectively). DYNA has a limited range of soil
profile geometries that can be modeled. In particular, the ratio of the thickness of the linearly varying
portion of a nonuniform profile (/) to the foundation dimension has a minimum value of H/a=2.0, whereas
for the Berkeley site profile this ratio is actually H#/a=0.60 to 0.72. In addition, the ratio of the ground
surface velocity (V,,) to the velocity at depth (J,,) in DYNA can assume only a discrete number of values,

the most appropriate of which is V,,/},=0.8 for the subject site. Given the above constraints, the degraded
shear wave velocity profile in Fig. A2.1(a) was modified to an “equivalent” profile with H/a=2.0 and V,,/
V.,=0.8, and the same average V, to depth 2a as the profile in Fig. A2.1(a). Using these foundation and
soil properties, the frequency-dependent foundation impedance functions were evaluated as shown in Fig.

A2.1b (black lines).
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Comparison

The static stiffness values from different analyses are listed below.

K, (Ib/ft) Kgirans (Ib.ft/rad) Kg1ong (Ib.ft/rad)

Simplified analysis: 2.07 E08 2.54Ell 422 El1
degraded V; from

Table 2.2
Simplified analysis: 3.18 EO8 390E11 6.49 E11
degraded V, from
Ground Response

DYNA 4 2.80 EO8 3.32 Ell 5.53Ell

The simplified and DYNA4 impedance functions based on best-estimate shear wave velocity data
are in reasonable agreement. The differences result from the different representations of the same velocity
profile necessitated by DYNA4 limitations, as discussed above. Asnoted previously, the static impedance
values calculated from the degraded velocity profile invoking the shear modulus reduction factors from the
NEHRP Provisions are significantly too low, indicating that these provisions significantly overestimate soil

nonlinearity in this case. The variations of stiffhess and damping with frequency by the two analysis schemes

are nearly identical.
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A2.2: TILT-UP BUILDING, HOLLISTER, CALIFORNIA

A single impedance function representing the entire foundation system of this tilt-up building was
not evaluated. Rather, the foundation impedance for in-plane deformations of end walls was evaluated
using the simplified procedures in Chapter 2 (based on the impedance of a disk foundation) and the

impedance solutions for arbitrarily shaped foundations by Dobry and Gazetas (1986).
Soil Conditions

The soil profile shown in Fig. A2.2(a) is based on subsurface exploration at Hollister City Hall,
located near the site. The V, profile shown in Fig. A2.2(a) is based on downhole measurements by
Shannon & Wilson/Agbabian Associates (1980). Strain-compatible soil properties were evaluated
using the profile in Fig. A2.2(a) in deconvolution analyses with the ground response program
SHAKEDO91 (Idriss and Sun, 1991). The deconvolution analysis was performed using the ground
motion recorded at the Hollister free-field station near the site during the 1989 L.oma Prieta earthquake.

The profile of strain-compatible shear wave velocity from these analyses is shown in Fig. A2.2(a).
Simplified Analysis

The end walls for this building are 100 ft. long by 0.5 ft. wide. The foundation width is not known but is
assumed to be 3 ft. Equivalent radii of disk foundations can then be calculated as 7,=9.8 ft. (translation)
and r,=23.8 ft. (in-plane rocking). Based on the best-estimate small strain V, profile in Fig. A2.2(a),
representative shear wave velocities for the site are calculated over profile depths of 0.75r,, for translation
and 0.75r, for rocking as 500 ft/s (translation) and 518 ft/s (rocking). Effective strain-dependent shear
wave velocities are computed using both reduction factors in Table 2.2 for S, >0.3 and ground response
analyses. The resulting shear moduli are used with a Poisson’s ratio of 0.4 (Table 2.1) in Eq. 2.3 to
calculate static stiffnesses for an equivalent disk-shaped foundation. These stiffnesses are then modified
according to Fig. 2.5 due to the long aspect ratio of these end wall foundations (/B =33) to yield the
following static stiffness estimates:

Modulus Reduction Based on Table 2.2
K, =422 E07 (Ib/ft)
K, =4.03 E10 (Ib.ft/rad)
Modulus Reduction Based on Ground Response:
K, =9.53 E07 (Ib/ft)
K, =9.53 E07 (Ib.ft/rad)
As with the Berkeley site, the NEHRP modulus reduction provisions are seen to overestimate

significantly the soil nonlinearity at this site.
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Using the frequency-dependent dynamic modifiers o, and 3, in Fig. 2.6 (for j =u and 0), the static
stiffnesses are modified using Eqgs. 2.2 to evaluate the estimated impedance functions shown in Fig. A2.2(b)
Results are shown with and without the aspect ratio correction for static stiffness noted above. Note that
the aspect ratio correction for static stiffness (solid, gray line) is recommended for static stiffness, but is not

appropriate for evaluation of damping (dashed gray line is preferable).
Dobry and Gazetas (1986) Analysis

Impedance solutions for foundations with arbitrary aspect ratio (L/B) by Dobry and Gazetas (1986) were
evaluated for the end wall foundations using a value of /B=33. These analyses were performed two
ways, once with halfspace velocities computed from effective profile depths recommended in this report
(based on dimensions for an equivalent disk foundation) and again with effective profile depths recommended
in Gazetas (1991) of 67 ft. (0.67L) for translation and 33 ft. (0.33L) for rocking. The resulting frequency-
dependent foundation impedance functions (Gazetas, 1991 depths only) are shown in Fig. A2.2b (black
lines).

Comparison

The static stiffness values from different analyses are listed below.

K, (Ib/ft) Ko (Ib.ft/rad)
Simplified analysis: 4.22 EO7 4.03 E10
Degraded Vs from Table 2.2
Simplified analysis: 9.53 E07 9.07 E10
Degraded Vs from Ground
Response
Dobry and Gazetas: 9.31 EO8 8.95 E10

Degraded Vs, profile depth
from eq. disk fndn. dimension

Dobry and Gazetas: 1.16 E09 9.19E10
Degraded Vs, profile depth
recommended by Gazetas

The middle two rows of the above table illustrate that the static stiffness associated with the degraded
profiles are very similar for the simplified analysis (which has an aspect ratio correction) and the Dobry and
Gazetas (1986) recommendations. Further, as shown in the last two rows, the effect of varying the profile
depths is small for this site, due to the relatively uniform soil conditions near the ground surface. The
frequency dependence of the stiffness results is negligible in translation, and strongly dependent on foundation
aspect ratio (L/B) for rocking. The disk approximation significantly overestimates the frequency-dependent
reduction in rocking stiffness. It is noteworthy that this reduction is similar for the circular and oblong
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foundation when expressed with respect to normalized frequency o, = wry/v, for disks and o, = wB/v, for
rectangular foundations (where w=circular frequency).

The primary difference between damping estimates in the simplified analysis and Dobry and Gazetas
(1986) procedures is at small frequencies, where hysteretic soil damping dominates the damping for disk
foundations. Damping values at large frequencies are identical for the two procedures, provided that the
damping estimate from the simplified analysis is based on the equivalent disk static stiffness without alteration

for aspect ratio effects (as noted above and in Section 2.2.3).
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Fig.A2.2(a) : Generalized soil profile for the Hollister site.
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3 Building Vulnerability Studies:
Tilt-up Buildings

3.1 INTRODUCTION AND STRUCTURAL SYSTEM

Tilt-up wall structures have been widely used for industrial and commercial buildings throughout
the United States. The tilt-up construction method became popular for constructing low-rise
structures due to the economy in construction cost and time this method provides. Wall panelsin
tilt-up buildings are cast horizontally on the floor slab, tilted up by a crane to their final position,
and are then connected to the foundation. The primary structural system consists of the concrete
wall panels and a wood roof digphragm connected to the walls through ledger beams attached to
thewalls.

Past earthquakes have revealed that tilt-up construction is susceptible to structural
damage during earthquakes. The most common cause of damage is related to the
performance/failure of roof-to-wall connections.

Observed performance of buildings aong with data from instrumented buildings and
experimental studies have provided valuable information about the seismic performance of tilt-
up buildings. However, available modeling techniques still do not provide design professionals
with ssmple yet robust analysis procedures that can reliably evaluate forces in critical
components of tilt-up buildings.

The object of this study was to develop a simple analysis methodology that would enable
the user to evaluate connection forces and deformations as well as the roof diaphragm demands
for a given ground motion. Once the model was developed, correlation studies were undertaken
to validate the model. Finaly, sensitivity studies were done to assess the influence of variations
in modeling parameters and to assess whether characteristics of near-fault ground motion
(directivity) has an important effect on the response of tilt-up buildings.
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The primary structural system of tilt-up wall structures consists of concrete wall panels and a
wood roof diaphragm (Fig. 3.1). Wall panels are cast horizontally on grade and then tilted up by
a crane to their final position and connected to the foundation. Individual wall panels are then
connected to one another using cast-in-place pilasters, steel plates or chord splicing at the roof

level to create a perimeter wall system.

/ Wood roof diaphragm
/ {I

\ Concrete

wall panels

Fig. 3.1 Primary structural system of tilt-up buildings

The primary components of the roof system are typically: glulam beams, purlins,
subpurlins, and plywood sheathing. The glulam beams are supported directly on pilasters built
into the wall panels (Figs. 3.2, 3.3). Solid-sawn purlins frame to the glulams, while subpurlins
frame to the purlins. Plywood sheathing made of 8-foot by 4-foot plywood panels overlay the
whole roof system (Fig. 3.3). A ledger beam that is attached to the perimeter wall panels is used

to connect the plywood sheathing to the wall panels.

3-2



EDGE NAILING

LEDGER

BEAM SEAT ——

- 4
n n
I} 1
NOES K
WALL PANEL GLULAM BEAM
o/~ PILASTER

—J-L—\/L

Fig. 3.2 Typical pre-1973 pilaster to glulam beam connection (Hamburger et al., 1996)
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Fig. 3.3 Tilt-up building roof system
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3.2 STRUCTURAL RESPONSE

Data obtained in earthquakes from instrumented buildings have helped researchers and design
professionals better understand the seismic response of tilt-up wall buildings (Fig. 3.4). The end
walls behave essentially rigidly, without significant amplification of the motion from the base to
the top of the wall. However, significant amplification is observed in the roof diaphragm, with
measured accelerations at the center of the diaphragm that are 2 to 3 times those measured at the
end walls (Carter et al., 1993). This is shown in Fig. 3.5 where transmissibility functions (which
represent the ratio of an output motion to an input motion in the frequency domain) are plotted
for several channels of CSMIP Station # 47391 recorded in the 1989 Loma Prieta Earthquake.
The function labeled ‘Ch3/Ch8’ shows that the amplitude of the motions at the base and the top
of the end walls are similar, whereas the function labeled ‘Ch4/Ch7’ shows significant

amplification of mid-diaphragm motions relative to motion at the base of the side walls.

Experimental studies have also been conducted to study the response of tilt-up buildings.
Two small-scale complete tilt-up systems were tested at the University of Illinois (Fonseca,
1997; Fonseca et al., 1996). It was concluded that the behavior of the roof diaphragm was the
major factor controlling the response of the building. Force versus displacement data along the
length of the diaphragm and comparison of the calculated effective stiffness for each loading
stage revealed that the stiffness of the structural system degraded as the amplitude of the imposed

displacements and the number of loading cycles were increased.

Undeformed building shape

Fesponse
acceleration
at wall top

, 1420132
Response acceleraton at

Friic-roof 32

—
Ground Acoeleration &

Fig. 3.4 Tilt-up building response under lateral loads



Ch 4/Ch 7*
—————— Ch 3/Ch 8**

FREQ. (HZ)
* Mid-diaphragm/base of side walls
** Top of end walls/base of end walls

Fig. 3.5 Transmissibility functions for Hollister building, Loma Prieta earthquake (Stewart and
Stewart, 1997)

3.3 OBSERVED PERFORMANCE

The first evidence of the potential seismic vulnerability of tilt-up buildings was observed
following the 1964 Alaska earthquake (Carter et al., 1993). Severe structural damage was also
noted following the 1971 San Fernando earthquake (Frazier et al., 1971). Most of the observed
failures were attributed to inadequate connection details, leading to changes in the Uniform
Building Code. New provisions in 1973 and 1976 required positive, direct connection of the
concrete walls to the roof diaphragm, continuous ties between chords, the addition of
subdiaphragms, and increased design forces. Further changes to the UBC (1991), including an
increase in connection design forces of 50% at the mid-span of the diaphragms, were
implemented following the 1989 Loma Prieta earthquake. However, even with these code
changes and the retrofit of many deficient tilt-up buildings, more than 400 tilt-up wall structures
in the Los Angeles area experienced significant structural damage during the 1994 Northridge
earthquake (Holmes et al., 1996; Hamburger et al., 1996). General causes of damage were related
to the failure of the connections between the wall panels and the roof diaphragm, as well as
failures of connections between adjacent wall panels. The majority of the observed failures at the

roof-to-wall connections may be classified as follows (Fig. 3.6):
1. Glulam-pilaster connection:

e Splitting crack in the concrete pilaster under the glulam beam seats due to lack of

confinement in the pilaster.
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o Bolts pulling through the ends of glulam beam:s.

o Breaking off or bending of anchor bolts welded to the bottom of the base plate.

2. Purlin-wall connection:
o Steel strap pullout due to inadequate embedment.
e Gross section fracture of steel strap at wall face.
o Failure of strap at first bolt hole (net section fracture).
e Wood splitting in purlin due to tension at bolt location.
3. Nail pullout from ledger attached to wall panels.

4. Cross-grain bending failure of ledger.
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Fig. 3.6 Roof-to-wall connection failures (Holmes et al., 1996)
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34 EXPERIMENTAL STUDIES

Experimental research was reviewed to obtain relevant information on the behavior of tilt-up
wall buildings and their components. The experimental studies were classified into four general

areas:

1. Response of individual nailed connections (e.g., Dolan, 1989),

2. Response of tilt-up wall panels (e.g,. Ewing and Adham, 1985),

3. Response of diaphragms (e.g., ABK, 1981; Porter et al., 1990; Pardoen et al., 1999),
4. Response of complete tilt-up systems (e.g., Fonseca et al., 1996; Fonseca, 1997).

A few references for each topic are provided. For a more detailed list of references, see Carter,
Hawkins and Wood (1993).

The main focus of this review was diaphragm and connection tests, since studies of
system performance indicated that the roof diaphragm was the key feature controlling the
response of tilt-up buildings, and that connection damage was the most important cause of

structural damage.

Relatively little experimental data exist for wood roof diaphragms subjected to in-plane
cyclic loading (See References R.2). A review of the data from plywood diaphragm tests was
conducted to identify relevant data (Table 3.1). Typical test variables investigated include nail
size and spacing, plywood thickness, influence of blocking and chords, sheathing orientation,

and influence of roofing.

No test data on the behavior of diaphragm-wall connections was identified. However,
new connection tests are currently being performed at UC Irvine (Del Carlo and Pardoen, 1999),
which are part of a coordinated research project that includes this study. A complete

interpretation of these test results has not yet been completed.

3.4.1 ABK (1981) Tests

The ABK research program involved dynamic and static loading of 20-ft by 60-ft diaphragms
(See Fig. 3.7). Fourteen diaphragm configurations were tested. However, diaphragm N, which
was blocked and chorded, with 2 in. plywood and 8d nails spaced at 4 in. on center at edges, and
12 in. on center at intermediate bearings, best represents diaphragms in tilt-up buildings (ABK,
1981). The peak values for force and deformation at each loading level for the quasistatic tests of
diaphragm N are plotted in Fig. 3.8. The displacement values are measured at the point of load

application. Bilinear force-displacement relations for the diaphragm were estimated from the test
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data, and are also plotted on Fig. 3.8. Important parameters in the bilinear relation include: initial
stiffness, yield force, and post-yield stiffness. A yield force of 12 kips, an initial stiffness of 20
kip/in. and a post-yield stiffness of approximately 35% of the initial value were estimated from
the test data.

A majority of diaphragm tests are conducted on bare roofs, i.e., no roofing materials are
included. It is possible that roofing materials significantly influence both the stiffness and

strength of the diaphragm, but these effects have not been thoroughly investigated.

The only tests that investigated the influence of roofing materials on diaphragm response
were conducted by ABK (1981). Diaphragm D (unblocked, chorded) and diaphragm C
(unblocked, unchorded) were tested with roofing materials whereas diaphragm B (unblocked,
chorded) was tested without roofing materials. A comparison of the initial stiffness of D and B
(Fig. 3.9) indicates that roofing materials result in an increase in overall diaphragm stiffness of
33% at a displacement level of 0.3 in. and an even higher contribution is observed at higher
displacement levels. However, these tests do not indicate whether the impact of roofing materials
would be as significant for blocked diaphragms. Furthermore, insufficient data exist to reliably
assess the influence of roofing materials for larger displacement levels where debonding may
occur and thus a loss of strength may be possible. Therefore, until additional information is
available, a reasonable approach would be to neglect the influence of roofing materials on
stiffness and strength of the diaphragm.
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NOTE: THE 1-TON (907 kg) LEAD WEIGHTS
SHOWN ATTACHED FOR THE DYNAMIC
PR IMABLE ACTUATOR (TYP TESTS REMAIN ATTACHED FOR THE
k"ofw" (:.52 mm xT457 (mn)) & STATIC TESTS, BUT .INDUCE NO
SERVO VALVES (2) R INERTIAL FORCES DUE TO THE
25 GPM (95 LPM) SLOW TESTING SPEED.

LOAD CELL
30,000 LB
(133 kN)

REMOVABLE REACTION
PILLARS FOR QUASH-
STATIC TESTS (TYP

L PLACES)

LOW FRICTION ROLLER
ASSEMBLIES

D1APHRAGM (TYP 8 PLACES)
UNDER TEST

PROGRAMMABLE ACTUATOR

(@) Quasi-static tests.

PROGRAMMABLE ACTUATOR (TYP)
B x 18% (102 mm x 457 mm)
SERVO VALVES (2)
25 GPM (95 LPM) Y

LOAD CELL
30,000 LB
(133 kN)

1-TON (907 kg) .
LEAD WEIGHTS SUPPORTED
ON LOW FRICTION ROLLERS
(TYPICAL 30 PLACES)

LOW FRICTION ROLLER
ASSEMBLIES (TYP 8
PLACES)

(b) Dynamic tests.

Fig. 3.7 Test configuration for ABK diaphragm tests (ABK, 1981)
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Fig. 3.8 Force vs. displacement for ABK diaphragm N
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Fig. 3.9 Force vs. displacement for ABK diaphragms B, C, and D.
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3.4.2 UC Irvine Tests

The diaphragms tested at UC Irvine are representative of those used in typical California
buildings (Pardoen et al., 1999), and add substantially to the database of diaphragm tests. The
tests were conducted on single 20-ft. by 16-ft. panels. Six specimens were tested (Table 3.2). The
nailing used for the specimens replicates that used in the study building in Fremont, California.
Four specimens were tested with nail spacings 6 in. o.c. for ledger and continuous edges, and 6
in. o.c. for other edges, whereas two specimens were constructed with a denser nailing pattern (2
in. o.c. for ledger and continuous edges, and 3 in. o.c. for other edges). For both specimens, the
nail spacing on intermediate bearings was 12 in. o.c. Specimen 1 is referred to as the control
specimen with changes in load-displacement relations for other specimens noted relative to the
load-displacement relation for the control specimen. Load-displacement relations are plotted in
Fig. 3.10, with a maximum displacement of approximately 5 in. Based on the test results for
specimen 1, an initial stiffness of 12.5 k/in., a yield force of 10 kips, and a post-yield stiffness of
15% were selected for the control specimen to be representative over the range of displacements
expected. For the dense nailing pattern, representative values are 16 k/in., 20 kips, and 35%,
respectively. Parameters influencing the diaphragm stiffness and strength will be discussed in
Section 3.5.
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Table 3.2 UCI diaphragm test matrix (Pardoen et al., 1999)

TEST | NAME NAILING TEST SUB-
# Edge Cont. Ficld PROTOCOL | DIAPHRAGMS
Edge
1 Control 6 6 12 | ATC 24 2X4 @ 161n. o.c.
2 Alternate 6 6 12 | ATC 24 2X4 @ 16in. o.c
Geometry
3 Dense Nailing 3 2 12 | ATC 24 2X4 @ 161n. o.c.
4 Fling 6 6 12 | Fling 2X4 @ 161n. o.c.
5 Control 6 6 12 | ATC 24 2X4 @24 1n. o.c.
6 Dense Nailing 3 2 12 | ATC 24 2X4 @24 in. o.c.

" Applied Technology Council, 1992

" Spacing of 2 X 4s varied
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Fig. 3.10 Force vs. displacement for UCI diaphragm tests 1 and 3
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3.5 GENERALIZED DIAPHRAGM STIFFNESS AND STRENGTH VALUES

In general, estimates of diaphragm strength and stiffness are necessary for a range of diaphragm
characteristics, since test data may not be available for all diaphragm conditions. To accomplish
this, the test results are extrapolated to account for variations in diaphragm geometry, nail
spacing, and plywood thickness, as well as the effect of roofing materials using Equation 3.1
(modified from Hamburger et al., 1996). Data from the UCI control specimen are used to
normalize the stiffness value in Eq. 3.1, that is; extrapolations are made from UCI’s “control”
specimen. (Sect. 3.4.2, Fig. 3.10) To account for variable nail spacing, a weighted average of the
nail spacing was calculated for each specimen. For the control specimen, the nail spacing is 6 in.

(Table 3.2). The stiffness and strength properties are determined as:

’ F "
K, =12.5k /inx b/ 16, X |~ X e X & X F oo (3.1)
L/20 0.5 s ¢

F oo "
Fv = 10 k X (1121 JX [ gl)g”d ]X Fnailsize X (6_JX Fmoﬁng
) ) s fing

where, K, is the stiffness of the diaphragm section, D is the depth, and L is the width of the

diaphragm section in feet, F00q4 18 the plywood thickness in inches, Fgisize, 15 1.0 for 10d nails,

s is the weighted average of the nail spacing for the diaphragm section and Fl,ofing1s 1.0.

Equation 3.1 was modified from that presented by (Hamburger et al., 1996) to account for
new data from the UCI tests (Pardoen et al., 1999), as well as to re-evaluate the previous data
(Countryman and Colbenson, 1954; ABK, 1981). Table 3.3 lists yield strength, stiffness values,
and key parameters in Eq. 3.1 for various tests. Note that in Table 3.3 specimens within a test
group were compared with each other; i.e., the first specimen in a test group was assumed to be
the control specimen and extrapolations made from this specimen were compared with the actual
stiffness and yield strength values of the next specimen. For example, for the first test group,
extrapolations were made from the stiffness value (R1, C1). The computed stiffness (R2, C3)
was then compared with the actual stiffness, (R2, C1). (R2, C4) gives the ratio of the computed

stiffness to the actual stiffness, and (R2, C5) gives the error in predicting the actual stiffness.

All nails used in the ABK tests were 8d nails, whereas only 10d nails were used in the
UCT tests. Although 8d and 10d nails were used in the tests by Countryman et al., (1954),

plywood thickness, blocking, and joist spacing were also varied within these tests. Therefore, no
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direct comparison can be made using these data to evaluate the effects of nail size on initial

stiffness and yield force.

Results in Table 3.3 reveal that the values produced with Eq. 3.1 do not always agree with
test data (variations of 3% to 74% are indicated). Limited data and the lack of a systematic
evaluation of parameters in the existing test programs inhibit the ability to conduct a
comprehensive study to develop a more reliable equation. Therefore, given these limitations,
diaphragm properties should be selected based on available test data that best represent the
diaphragm being evaluated, and sensitivity studies should be conducted to assess potential

response variation. This is taken up in Section 3.8.
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3.6 ANALYTICAL MODELING

Analytical models for tilt-up wall buildings have been developed in prior research programs
(Carter et al., 1993). Models range from simple elastic models that exclude end walls and
connections (Mehrain and Silver, 1988; Mehrain and Graf, 1990), to detailed inelastic models
that include the effect of soil under the end walls (Adham et al., 1989). Simple elastic models
may not be easily used to account for inelastic response of the diaphragm and the connections,
and may tend to overestimate forces. Finite element models allow detailed modeling of the
system (Hawkins et al., 1994), but such models take considerable time and effort to construct,
analyze and assess, particularly if nonlinear response is considered. The most widely used
approach is to model the diaphragm by inelastic spring or truss elements (Hamburger et al.,
1996; Mehrain and Silver, 1988; Mehrain and Graf, 1990). Although various models have been
proposed, a methodology to determine connection forces through these models is not yet well

developed.

Simple nonlinear models appear to offer the greatest potential for design office
applications. However, a review of models employed in previous studies identified that one or
more of the following items were often omitted: end walls, side walls, soil-foundation-structure

interaction (SFSI), connections and glulam beams.

A systematic study was undertaken as part of this project to assess the level of model
detail required to obtain reliable results and to study the influence of inelastic response on

connection demands.

3.6.1 Simple Nonlinear Modeling of Tilt-up Buildings

Computer programs for 3D nonlinear analysis are not well developed or widely used by the
design professional community; therefore, a series of 2D models were developed to represent the
3D response of a tilt-up building. The building evaluation was carried out by combining three
separate models representing portions of the building using the DRAIN-2DX program (Prakash
et al., 1993). The three models consist of:

1. The diaphragm: to model the in-plane stiffness and strength of the roof.

2. The internal frame: to model the side walls (Fig. 3.11), the out-of-plane bending stiffness of
the roof, connections between the roof and the side walls, the internal steel columns

supporting the roof, and wall-to-foundation connections.

3. The end walls: to model the stiffness of the end walls (Fig. 3.11), the foundation, and the soil.
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End Walls

= N

N Side Walls

Fig. 3.11 Tilt-up building walls

Each of these models is discussed in detail in the following sections:

1. Diaphragm model

Nonlinear beam elements were used to model the in-plane behavior of the diaphragm. element
modeling options were limited to those available in Drain-2DX (Powell, 1993). The diaphragm
was modeled using Drain-2DX element type(2, which only allows bilinear flexural response (no
cyclic stiffness degradation). Rotations at the ends of the elements (Fig. 3.12) were fixed;

therefore, only lateral translation is allowed (i.e., a “‘shear beam” model).

/Diaphragm Elements

Fig. 3.12 Diaphragm elements
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The yield strength and stiffness of each beam element is selected to represent the
behavior of the diaphragm. The bending stiffness for each element is calculated as
K, =12E,I d/L3, where E; is Young’s modulus, /; is moment of inertia, and L is length of the
diaphragm element (Fig. 3.12). The stiffness value, K, is calculated using Eq. 3.1 based on the
properties of the diaphragm; the length is selected to be a convenient value for modeling
purposes (Sect. 3.5). The bending stiffness, EI, of the beam element is then computed. In
Drain-2DX, an arbitrary value of Young’s Modulus, E;, was used and the inertia, I;, was
computed to give the Egly value calculated from K, =12E 1 d/L3 . The yield moment for the
diaphragm elements were calculated as M=V xL/2 (Fig. 3.13), where V= F, was determined
using Eq. 3.1 (Sect. 3.5).

Fig. 3.13 Yield moment calculation for diaphragm elements
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2. The internal frame model

The out-of-plane bending stiffness of the side walls, bending stiffness of the diaphragm and the
glulam beams, and the stiffness of the connections between the roof diaphragm and the side
walls were included in the internal frame model (Fig. 3.14). Equivalent columns were used to
represent pilasters and the walls on both sides of the pilasters. The tributary wall length was

calculated based on ACI318-95 Section 8.10 requirements for T-beams.

Glulam Beam

an

Pilaster & Rotational Springs
Side Walls

\ |
Footing

Fig. 3.14 Components of the internal frame model

The nonlinear load-deformation behavior of the pilaster-to-footing and roof-to-side wall
connections were represented by rotational springs. Simple models of each connection type were

developed to determine force deformation relations, as discussed in the following sections:
(a) Pilaster-footing connection

The location of slabs at the base of the side walls determine how the rotational stiffness is
calculated for each connection. For example, if slabs are shown on both sides of the wall in the
drawings, the connection may be assumed to be rigid, however if a gap exists on one side, the
point of fixity may be lower for loading in one direction (Fig. 3.15).

Moment-rotation (M-0) curves were computed considering the extension and slip of the
reinforcement at the point of fixity. Slip of reinforcement was calculated using the methodology
described by Alsiwat and Saatcioglu (1992) for hooked bars. For the rotation levels of interest,
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the contribution of slip was found to be negligible for a typical condition (Fig. 3.16; see Section
3.7 for additional information on the building). Therefore, only extension of the tension

reinforcement was considered in computing the M-0 relations.

‘\/\; <+— Load

Slab
T e ﬁ
Gap ~°
o o Q }‘ L
o] Q q L av

Fig. 3.15 Pilaster-footing connection with gap on one side
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[<]
= —Extension — - Extension+Slip

200

0
0 0.001 0.002 0.003 0.004 0.005
0

Fig. 3.16 Moment vs. rotation for pilaster-footing connection — Hollister building
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A step-by-step procedure was used to determine the moment-rotation curve. Strain in the
tensile reinforcement was incrementally increased, and moment capacity as well as the extension
in the tensile reinforcement were calculated for each strain level. The model for calculating

extension is shown in Fig. 3.17 and the equations are developed in following pages.

€
8/
<
%Lﬁ}/
Lus ;
/

/ Tension reinforcement

Fig. 3.17 Extension calculation model for pilaster-footing connection
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The required length (L.) for development of each strain level is calculated as (Alsiwat et al.,
1992):

d
L =f, X[4><u W (3.2)

where, L, is the required length, f; is the reinforcement stress, d is the diameter of reinforcement,
and u, is the elastic bond stress.

and,
xd
u, = /s , (3.3)
4xL,
440x A, X f )
= > 300 mm (SI units) (3.4)

L =— > 7
‘ Kx\/f_c’x400

where, A, is the area of reinforcement, f, is reinforcement yield strength, f." is concrete
compression strength, and K is assumed to be equal to 3 x d.

Once L. is obtained, the extension for that strain level is calculated as,

EXL
e

S= L <L (3.5)

o= 5 +gh><Lav L >L (3.6)

where, L, is the required length, L,, is the available length, ¢ is the strain in the reinforcement, &,
is the strain in the reinforcement at hook, and & is the extension.
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Then the rotation for each strain level is calculated as the extension of reinforcement over
distance of tensile reinforcement to the neutral axis. Moment vs. rotation is plotted (Fig. 3.16)

and the rotational stiffness for this connection is obtained as the slope of the curve.
(b) Pilaster-glulam connection

For the roof-to-pilaster/wall connection, it was assumed that the glulam beam seat connection
was relatively rigid and that connection strength was limited by yielding of the tension
connection in the plane of the roof diaphragm (Fig. 3.18). Rotation was assumed to be mainly
due to extension of the straps and/or holddowns, rotating about the bottom of the beam seat as
indicated in Fig. 3.18. Elastic and post-yield stiffness values are determined directly from the

stress-strain relation for the tension connection.

» 6 F

K
2 h M= Fth

A 4

Fig. 3.18 Pilaster-glulam connection modeling

It should be noted that this approach assumes that other failure modes (Sec. 3.3), such as
cross-grain bending of the ledger and splitting at the pilaster tip, are prevented. At the completion
of the analysis, the beam seat connection should be checked to make sure that it can resist the

forces developed in the connections.

If no straps or holddowns are present, the rotational spring model becomes invalid. In that
case, it might be more appropriate to model the beam seat connection by an axial spring. Further
refinement of the approach may be possible following the completion of the UCI connection

tests and a thorough evaluation of the test data.
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(c) Side wall-purlin/subpurlin connection:

Equivalent yield moment and rotational stiffness values are computed for subpurlins within the
tributary wall length for each connection modeled. Rotation was assumed to be mainly due to
extension of the straps and was computed directly from the stress-strain relation of the straps.
Connection strength was limited by yielding of the tension connections in the plane of the roof
diaphragm (Fig. 3.19). The connection was assumed to be rigid when subjected to compression.
Although depending on the quality of the construction or the nailing the connection might rotate
about point A (Fig. 3.19), this rotation is not very likely to occur since it would require bending

of the diaphragm and kinking in the strap.

Strap _A_l
# 0 ; J 4 > Fi
\ H,
Purlin |
Vx Subpurlin
Hanger
Ledger M, = Fi*hy

M=M; M, M3, M,

n: number of purlin/subpurlin connections in tributary wall length

Fig. 3.19 Purlin/subpurlin connection modeling
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Once M-0 relations were developed, the internal frame was analyzed using Drain-2DX, to
determine a “pushover” curve. An equivalent bilinear force-displacement relation was used to
represent the pushover curve as indicated on Fig. 3.20 for an example building (See Section 3.7
for additional information on the building). A bilinear spring was used in Drain-2DX (typeO1) to
incorporate the influence of the internal frames on the diaphragm response (Fig. 3.21). A spring

was located at each glulam location in the model (Fig. 3.21).

25 —

20 —

Force (kips)

F, 7 Pushover curve
— — = Bilinear curve

0 | | | | |

2 4 6 8
Displacement (in)

Fig. 3.20 Force vs. displacement curve for internal frame — Hollister building

3-28



X Internal Frame Springs
Diaphragm:

Nonlinear “Shear Beam Model”

i End Wall Springs

Fig. 3.21 Bilinear springs representing the internal frames

Internal frames

Fixed at top
of end walls

iaphragm

(a) No end walls

End walls

V

(b) End walls included: walls on fixed or flexible base

Fig. 3.22 Structural system model
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3. End walls

The influence of the end walls on building response was investigated using three models: In the
first model, the diaphragm was fixed at the top of the end walls (Fig. 3.22a), and the flexibility of
the end walls was neglected. This model was used because evaluation of responses from
buildings with strong-motion instruments (as well as previous analytical studies) indicate that the
large in-plane stiffness of the end walls results in negligible deformations relative to those in the

diaphragm.

In the second analysis, the elastic bending and shear stiffness of the end walls with a
fixed base were incorporated (Fig. 3.22b). The flexible wall with a fixed base was analyzed
assuming the wall to be a cantilever. The lateral stiffness of the wall was calculated by including

both flexural and shear deformations as follows:

3

FL®’ 6FL
5 = p K :P/ Eq.3.7
" 3E1, 5AG, v /0, (Eq-3.7)

where, F is unit force, L,, is height of the wall, E, is Young’s modulus for concrete, I, is moment
of inertia of the wall about the strong axis, A,, is the area of the wall, G, is shear modulus for

concrete, d, is top displacement of the wall, and K., is the lateral stiffness of the wall.

An alternative approach would be to model the bending stiffness of the end wall as the
sum of the bending stiffnesses of the individual wall panels. This would provide a lower-bound

estimate of the bending stiffness of the end wall.

The flexibility of the foundation/soil was added to the final analysis model. The
procedure to determine the dynamic stiffness and damping coefficients for the wall with a

flexible base is presented in Appendix 3-A.

Linear elastic springs (typeOl1) were used to represent the end walls with a fixed and
flexible base. The axial stiffness of the spring representing the end wall is calculated as
K, =E,A,/L

es” Tes es ?

where, E,; is the Young’s modulus of the end wall spring, A is the cross-
sectional area of the end wall spring (truss element), and L., is the length of the spring element.
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3.6.2 Damping

In addition to hysteretic damping associated with nonlinear behavior, Rayleigh damping was
incorporated for all elements in the model (2%). Rayleigh damping coefficients o and B were
calculated for the whole system and applied to each element group with the exception of the end
walls on flexible base. Sensitivity studies indicated that the response was insensitive to the
selection of the higher mode frequency (3rd, Sth, 70 modes), so 1* and 7" mode frequencies were

used to determine the damping coefficients.

In the case of end walls on a flexible base, damping was obtained from soil-foundation-
structure interaction studies. A separate stiffness proportional Rayleigh damping coefficient, J,

was calculated for this element group as,

(Eq.3.8)

ey
I
=i O

where, C is the damping for an end wall on flexible base, and K is the stiffness for an end wall
on flexible base.

3.6.3 Masses

Masses were placed along the diaphragm length to account for the mass of the diaphragm and
tributary mass from the side walls. Therefore, the mass at each node of the beam elements
representing the diaphragm was calculated as, M = Mgizph + 0Myan. The mass contribution of the
side walls oo was determined by evaluating the dynamic characteristics of the internal frame
model. In order to calculate o, two models were prepared for the internal glulam frame. In the
first model, the mass of the wall was distributed over the height of the wall. In the second model,
the mass was placed at the top of the wall and an equivalent mass was obtained to reproduce the
fundamental period of the frame. Periods were compared for this purpose. Masses of the end
walls were also included in the fixed- and flexible-base models. For the end walls, it was
assumed that either shear deformations dominated and/or there was rotation at the base of the
wall. Either case results in a triangular displaced shape over the height of the wall. Therefore, 2/3

of the end wall mass was lumped at the top of the wall.

Since the 3D response of the building was modeled using a series of 2D models, the
diaphragm and wall masses were not included separately, but had to be lumped together along
the diaphragm length (Fig. 3.23a). Therefore, the model did not include the possibility of the two

masses on either side of the connection acting out of phase during an earthquake (Fig. 3.23b).
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Diaphragm elements Wall mass

Diaphragm mass

=} =}
Total Mass = Diaphragm mass +
Tributary wall mass
(a) Mass in the model (b) Mass at the connection

Fig. 3.23 Modeling of the building mass

3.6.4 Summary

A general methodology for nonlinear modeling of tilt-up buildings was presented. An overview
of the methodology is included in Appendix 3-B. In Sections 3.7 and 3.8, analytical studies are
done to validate the modeling approach presented, as well as to assess the sensitivity of the

response to changes in important system parameters.

3.7 MODEL VALIDATION—HOLLISTER BUILDING: CSMIP STATION 47391

The proposed modeling methodology was validated using measured responses for the Hollister
warehouse building, CSMIP Station 47391 (Huang et al., 1985). The building contains 13 strong-
motion instruments as shown in Fig. 3.24. Recorded responses are available for the 1984 Morgan
Hill, 1986 Hollister, and 1989 Loma Prieta earthquakes. Responses from the Loma Prieta

earthquake were used since the level of shaking in the other earthquakes was relatively small.

Previous studies of the building (Stewart and Stewart, 1997) indicate a fundamental
period between 0.6 and 0.7 second during the Loma Prieta earthquake. Period lengthening is

observed between approximately 6 and 14 seconds, for mid-roof transverse displacement
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response (Fig. 3.25), indicating potential damage. The measured responses provide valuable data

to validate the modeling methodology.

Available building drawings were collected to assist in creating the structural model.
Limited connection information was available; therefore, “best guess” values were used to model
key connection parameters. Sensitivity studies were conducted to assess response variations due

to changes in element and connection properties.
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Fig. 3.24 Hollister warehouse — strong motion instrument locations
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Fig. 3.25 Time variation of first mode parameters — Hollister building, Loma Prieta earthquake
(Stewart and Stewart, 1997)

3.7.1 The Building Model

1. The diaphragm

The general layout of the Hollister building is presented in Fig. 3.26. The building was modeled
for responses in the east-west direction only. To account for the variation in nail spacing and
plywood thickness along the length of the roof diaphragm, the diaphragm was divided into 4
zones (Fig. 3.27). Diaphragm details (Fpiywoods Frailsize> S, Froofing) Were evaluated for each zone
using information on the structural drawings. For nail spacing, weighted averages were used to
account for variations within each zone. Stiffness and yield force values for each diaphragm
element were calculated using the generalized stiffness equations (Sect. 3.5). Resulting values
are given in Table 3.4. It should be noted that the 1.33 factor for the presence of roofing was used
here for correlation purposes only because debonding of roofing materials was not expected.
Including the factor is not recommended for design purposes. A post-yield stiffness equal to 15%
of the initial stiffness was used for all element groups based on data from the UCI control

specimen.
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Table 3.4 Diaphragm stiffness and yield force values for Hollister building

Element D L | Folywood | Frailsize S | Froofing K Fy (V)
Group (ft) (ft) (in) (kips/in) | (kips)
1 98.5 | 23.25 1.5 1.0 2.7 1.33 295 255

2 98.5 | 9.0 1.5 1.0 35 1.33 585 195

3 98.5 | 9.0 1.0 1.0 3.6 1.33 375 125

4 98.5 | 9.0 1.0 1.0 5.6 1.33 245 80

Element properties for input into the DRAIN-2DX program were calculated as follows:

K,=12E,1,/' and M =V,L|2

where, E; is Young’s modulus (arbitrarily set at 10,000 ksi), I, is moment of inertia, L is length of

the diaphragm element, M, is yield moment, V, is yield force (Fy), and Ky is the elastic stiffness.

Calculated moment of inertia and yield moment values are presented in Table 3.5.

Table 3.5 Diaphragm moment of inertia and yield moment values for Hollister building

Element L 1 M,
Group (ft) (in*) (in-kips)
1 23.25 53,510 35,750
2 9.0 6,140 10,600
3 9.0 3,950 6,810
4 9.0 2,560 4,425

2. The internal frame:

(a) The frame: The internal frame consisted of a 5-1/8 in. x 25 %2 in. glulam beam, an 8-in.
diameter steel pipe at the middle of the glulam span, 14 in. x 14 in. pilasters, and 5 2 in.
thick by 30 ft. high wall panels. An equivalent column was used to model the pilasters
and an effective flange width of 24.5 in. on both sides of the pilaster, based on ACI 318-
95 requirements for T-beams (Section 8.10). The equivalent column was assumed to be

fully cracked, and an effective moment of inertia of 0.5I, was used.
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(b)

(©)

Connections:

Pilaster/footing connections: Footing details were not available for the Hollister
building. Drawings provided by PG&E for a tilt-up building in Fremont, California,

were used and assumed to be representative of those existing in the Hollister building.

The moment-rotation relations were obtained using the procedure described in Section
3.6.1a. It was assumed that there were no gaps on either side of the wall panels and
pilasters at the slab level, and thus, the connections were assumed to be rigid. The yield
moments were determined using a cross-section analysis for the given concrete and

reinforcement properties.

Roof-wall connections: The only information available for the roof-to-wall connections
consisted of details of the beam seat connection, where a single bolt was used to
connect the glulam beam to the pilaster. Straps were assumed to be present at the
subpurlins. The rotational stiffness of the connection in tension was calculated as
described in Sections 3.6.1a and 3.6.1c. The connection was assumed to be rigid when

subjected to compression.

Masses: Masses were lumped at the nodes of beam elements modeling the diaphragm.
The masses were calculated as M =Mgiaph + 0Myan. A value of o of 0.4 was calculated

using the procedure described in Sect. 3.6.3.
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3. End walls

Stiffness values for the end walls of the Hollister building were obtained using the procedure
outlined in Sect. 3.6.1. Only in-plane loads were modeled and the walls were assumed to remain
elastic. The influence of the soil on structural response was estimated by modeling the
foundation for the end wall to be a strip footing on the surface of a homogenous halfspace
(Appendix 3-A). Based on the procedure outlined in Appendix 3-A, the following values were
computed for the building:

For [E-W] direction For [N-S] direction
Fixed Base K =2.62e+08 (Ib/ft) K = 8.88¢+08 (Ib/ft)
Flexible Base K =2.15e+07 (Ib/ft) K = 1.60e+08 (Ib/ft)

C = 4.41e+04 (Ib.sec/ft) C= 3.73e+05 (Ib.sec/ft)

The Rayleigh damping coefficient for the end walls on a flexible base was calculated
asfi = 5/ K = 0.00205 for the analysis in the east-west direction (5 =6%).

The length (L.), and the cross-sectional area (A.;) of the spring used to model the
stiffness and damping of the end walls were arbitrarily selected to be 10.0 and 1.0, respectively,
to allow the calculation of the appropriate stiffness (K, =E, A, /L

A /L, s where, K,,, is either K or
K).

3-38



6¢-¢

noKe| SuIp[Ing INSI[OH 97'¢ "SI

!

M v

e

o !.QQW

0357 = 0-8) @ $PUWS §i

ﬂ L-52

/.,_oeum fiol ®esnicd ¢

(foardit) seuvg fioy eesoue) |

g

et : > . it 5 = _t
L G egwomxa i P i L D wgwomxz | \
: m : : m : m : : : : : : ! “ r
A 000g oy ejest0} (L m ; : _m M w 1ouod iom epesouoy £ | 9
m : i m : ". m : : m ! : : )
u ” : m : : : _" : ; m ; : e
| 4000 RO ¥ x 2I g ] : : : : H : w00 HO ¥ X 21| M.
M ! M : W m. W ! m : " \
5 5 i H : H H H . N H : | o
' : : : : : : . : : : 9
; ] : M P o) vdd gis f 8 M w fTu
: i N \ ' H . e i i H . ' %
: : m ” : ! “ w P ﬂ_ " . w ¥
.m m : W m : m m P . suwoeg wopmy 3
i : SNSTXBNS : m . ] : : m : . s —
m ; : _” m u. . : m : _" : 3
m ; ; "_ ; : m u P ! : m !
: : : ." : : : m “, ; : m ] “
v o - T —— [G—

jeudd {04 #1020 L

IR S
Ql_,



7
HOLLISTER BUILDING 100’
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Fig. 3.27 Hollister warehouse — diaphragm element groups
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3.7.2 Correlation Studies

(a)

(b)

(c)

Internal frame assessment: The first step in the correlation study was to conduct a
pushover analysis on the internal frame model. A bilinear force-deformation relation was
determined to represent the pushover curve (Fig. 3.20). Effective stiffness and yield force
values were determined from Figure 3.20 as 5.13 k/in. and 7.4 kips, respectively. These

values were used as the properties for the internal frame springs in the diaphragm model.

Periods and damping: From the initial analysis, the fundamental period with no end walls
was determined to be T= 0.66 sec. Using the computed 1* and 7™ mode frequencies,
Rayleigh damping coefficients for 2% damping were calculated and included in the

model.

Structural response: The mid-diaphragm displacement history was computed using the
model and compared with the response history calculated using measured acceleration
history data from the Loma Prieta earthquake (Fig. 3.28). The diaphragm-model analysis
was repeated including the end walls on fixed and flexible base. Resulting mid-
diaphragm displacement responses are compared in Fig. 3.29. The “no walls”, “walls on
fixed base”, and “walls on flexible base” cases resulted in essentially the same response.
Further studies to verify this finding for other soil conditions are described in Section 3.8.
A direct comparison of the computed fixed- and flexible-base responses is shown in Fig.
3.30. All three cases had a fundamental period of 0.66 second. New damping coefficients
were calculated and included in the model for each case; however, since the fundamental

periods were almost identical, the coefficients for each case were essentially the same.

The internal frame spring force history at mid-diaphragm is plotted in Fig. 3.31. The
greatest displacement and thus the maximum internal frame force was experienced at this
point. Using the force-displacement relation for the internal frames, the maximum force
experienced was located on the graph for the given roof displacement (Fig. 3.32). The
connection moment and rotations at this force level were then evaluated based on the
assumed connection model. At the maximum force level, the total rotation for the roof-to-
wall connection was determined from the analysis as6=0.00141 radian. The deformation
was calculated using the connection model described in Sections 3.6.1a and 3.6.1c. The
strain in the strap was then calculated as € =0.00543 (&/¢&,=0.00543/0.00114 = 4.75) for
a strap length of 7 in. A strain level of 0.5% does not appear to be excessive; however,
insufficient test and damage data exist to assess what constitutes an excessive strain level.

Experimental studies of various connection systems are needed to address this issue.
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The shear force histories for critical diaphragm elements were also examined. Shear force
response for the diaphragm elements right next to the end walls is plotted in Fig. 3.33. No
yielding occurs in diaphragm elements in this specific case. The calculated moments and
the yield moments along the diaphragm length are plotted in Fig. 3.34. The figure reveals
that for the Hollister building the critical diaphragm elements in case of a more severe
earthquake are not the elements right next to the end walls but the ones at the ends of the

two weakest diaphragm element groups (element groups 3 and 4 in Fig. 3.27).
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3.7.3 Summary

The Hollister building was used for correlation purposes because of the availability of measured

response. The building was a typical older tilt-up building that was selected to be representative

of California buildings.

The model was developed based on the analysis approach described in Section 3.6, on

drawings provided as well as best guess-values.

Correlation studies reveal:

Displacement correlation for the peak cycles is reasonably good. However, the model is

slightly stiffer than the actual building.

Displacement correlation beyond 15 seconds is poor. This is likely to be due to the low

level of response as well as the procedures that are used/available to model damping.
Yielding is not observed in the diaphragm.

Mid-diaphragm displacement response is not significantly influenced for models that

include the end walls.

Mid-diaphragm displacement response is not influenced by SFSI due to the geometry of

the foundation of Hollister building and the favorable soil conditions.

Analysis results for Hollister building were computed based on given data and best estimates. To

assess potential variation in response due to the modeling assumptions, sensitivity studies are

conducted in Section 3.8
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3.8

SENSITIVITY STUDIES

Hollister building was used for correlation purposes because of the availability of measured

response. However, limited information was available on the building and best guess values were

used in the analysis. Moreover, limited experimental studies lead to assumptions in the model.

Sensitivity studies were performed to investigate the impacts of variations in the following

factors on building response:

1.

A

Diaphragm stiffness
Connection stiffness/strength
Wall tributary length

Glulam beam stiffness
Damping

Soil flexibility

In addition to these items, the influence of ground motion directivity on structural response was

studied. The sections that follow describe the effect of each factor.

1.

Diaphragm stiffness: The diaphragm stiffness values used in the correlation study were
determined using UCI test results and the formulation presented in Eq. 3.1. Limitations in the
testing program and assumptions made in the model development lead to uncertainties in the
application of this model to field conditions. Therefore, it is important to assess the
sensitivity of the structural response to the key modeling parameters. Modeling reliability can

be improved as new test data are produced.

The elastic stiffness of the diaphragm was varied by +/- 15% to assess sensitivity of the
response correlation due to relatively minor changes in diaphragm stiffness (e.g., a 15%
change in diaphragm stiffness may result if the nail spacing is changed by 1 in. to 5 in. or 7
in., versus the 6 in. spacing used for the original analysis). The “walls on fixed base” model
was selected for the analyses because the end walls and the SFSI do not influence results
significantly (See Appendix 3-D for an example input file). The fundamental period
increased to T=0.70 sec. with the 15% diaphragm stiffness decrease, and decreased to T=0.63
sec. with the increase in diaphragm stiffness. The maximum displacement increased by
almost 50% with a 15% decrease in diaphragm stiffness, resulting in a much better mid-
diaphragm displacement response correlation (Fig. 3.35). A 15% increase in diaphragm

stiffness resulted in only a 12% decrease in the maximum displacement (Fig. 3.36).
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Yielding of the diaphragm was noted only for the case where the elastic stiffness of the
diaphragm was decreased by 15%. Yielding was only observed in the diaphragm elements (Fig.
3.37) at both ends of the weakest diaphragm element group (element group 4 in Fig. 3.27).

The sensitivity of the displacement response is a result of the shape of the displacement curve
(see Fig. 3.38). The analyses indicate that significantly improved displacement response
correlation can be achieved with only minor changes in diaphragm stiffness. For a smooth
displacement spectrum, that would likely be linear in the period range of interest, peak
displacement response would not be very sensitive to changes in diaphragm stiffness of +/- 15%.
Based on the limited data available, the correlation studies suggest that the modeling approach
reasonably represent behavior of the diaphragm, which is a significant aspect of modeling tilt-up
systems. Additional studies should be done for other instrumented tilt-up buildings (e.g.
Redlands; CSMIP, 1992) and any relevant data should be incorporated as it becomes available.

Systematic experimental studies of diaphragm behavior are also needed to improve modeling.

=3 3
£
3 VY
(/2]
2

0 T T T T T T T T T 0 T T T T T T T
0O o1 02 03 04 05 06 07 08 09 1 000 0&® 0 066 088 0N 022 04 07
Time (sec) Time (sec)

Fig. 3.38 Displacement curve for Hollister building, Loma Prieta earthquake

2. Connection stiffness/strength: Connection stiffness and strength values were varied to assess
their influence on the effective stiffness (e.g. see Fig. 3.20) of the internal frame and the
system response. Table 3.6 lists various rotational stiffness values and the resulting effective
stiffness and strength values:
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Table 3.6 Variations in connection stiffness and strength values

K, stiffness (x 10° k/in)

Connection My Case | Case | Case | Case | Case | Case Case Case
No. 1 2 3 4 5 6 7 8
(Fig. 3.38)
1 890 ) 2 ) oo oo ) ) co
2 675 2 2 0.7 0.7 0.7 0.7 0.7 oo
My=890k
3 600 2 2 2 1 2 0.6 2 2
My=900k
4 100000 oo oo oo oo 2 oo oo oo
Ker
k/in 5.1 5.1 5.1 5.1 5.1 5.1 5.1 5.4
Fyeff
kips 7.1 7.6 6.5 6.7 6.4 6.4 8.3 7.0
3 4
1 & 2

The rotational stiffness values given in Table 3.6 represent a range of conditions. For
example, for connection 2 (Fig. 3.39), two stiffness values (0.7 x 10° and 2.0 x 106) represent
the condition with a gap on one side of the footing (see Fig. 3.15), and the third value (o)
represents a fixed base. A value of 2.0 x 10° is representative of the initial stiffness, whereas

0.7 x 10° represents a secant stiffness to the yield level (Fig. 3.16). A rigid-plastic connection

Fig. 3.39 Internal frame connections

was used for the fixed-base condition.

3-56




Table 3.6 reveals that the effective stiffness and yield strength of the springs representing the
internal frame are relatively insensitive to changes in connection stiffness, Changes in K¢
are generally less than 5%, whereas Fysr varies by as much as 30%. This result implies that
the stiffness of the internal frames depends primarily on the wall panels and glulam, and the
strength depends primarily on the connection strength. Figures 3.40 and 3.41 plot mid-
diaphragm displacement response and shear forces along the diaphragm for the reference
analysis as well as analyses in which the yield strength of the springs representing the
internal frames are varied by +/- 15%. Shear force responses are not significantly different. In
this case, the peak displacement is also not significantly different; however, displacement
peaks for other cycles show more variation. Therefore, the potential variation of the yield

strength of the internal frames should be considered in assessing connection performance.

. Wall tributary length: The tributary length of the wall was calculated using ACI 318

requirements for T-beams (Section 8.10), resulting in an effective overhanging flange of 24.5
inches on both sides of the pilaster. To assess the influence of this assumption on overall
response, a model with an effective overhanging flange width equal to the distance from the
face of the pilaster to the wall mid-point (maximum possible) was evaluated. The
fundamental period of the model decreased by 11%, from 0.70 to 0.62 second. The resulting
responses are presented in Fig. 3.42. For the ground motions measured in the Loma Prieta
earthquake, the correlation between measured and model mid-diaphragm responses is worse.
However, as noted earlier, for a smooth spectrum, displacement response would be relatively

insensitive to this change. The ACI value is used for the correlation studies.

Glulam stiffness: In the initial internal frame analysis (Sect. 3.8.2), the glulam beam was the
only source of bending stiffness. Based on calculations, the stiffness of the glulam beam was
increased by 100% to account for the contribution of the out-of-plane bending of the roof
diaphragm to the lateral stiffness of the internal frame. The resulting effective stiffness and
yield strength values, 5.4 k/in. and 7.5 kips respectively, were close to the values reported in
Table 3.6 for various connection cases, and thus, would not result in a significant difference
in the system response. Therefore, no plots are included, and when modeling the internal
frame, it is recommended to consider the glulam stiffness only, neglecting the contribution of

the diaphragm.
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5. Damping: Mid-diaphragm displacement response correlation was poor beyond the peak
displacement cycles for all cases where 2% Rayleigh damping was used (See Fig. 3.28-3.41).
The response beyond the peak displacement cycles is generally elastic; therefore, no
hysteretic damping occurs (e.g., see Fig. 3.37). Apparently, due to diaphragm damage,
effective viscous damping increases after the peak displacement cycles. To assess the impact
of damping, the system was evaluated for viscous damping ratios of 5% and 10%. Results are
presented in Fig. 3.43 for diaphragm response correlation of 2% and 10% damping. With 2%
damping, the correlation is good until the peak displacements are reached, but poor
afterwards. For 10% damping, peak displacement responses are not as well captured.
However, a considerably better correlation is noted for displacements beyond 15 seconds
(Fig. 3.43). The poor correlation after the peak values for 2% damping can be attributed to
lack of hysteretic damping for post-yield elastic cycles (Fig. 3.44a). For this ground motion,
after the peak displacements are reached, elements remain elastic, eliminating the hysteretic
damping (Fig. 3.37).

Typically, computer programs do not allow the viscous damping ratio to vary with time. An
element that allows hysteretic damping in the elastic range after inelastic diaphragm response
occurs could be implemented in DRAIN-2DX for tilt-up systems (Fig. 3.44b). In general, use
of 2% viscous damping is recommended, since peak displacement responses are of most

interest.

Force Force

Deformation Deformation

Hysteretic damping for elastic cycles
associated with diaphragm damage
(a) (b)

Fig. 3.44 Damping model for tilt-up buildings
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6. Soil flexibility: Due to the soil and foundation properties of the Hollister building, response
for “walls on flexible base” is almost identical to response for “walls on fixed base”. To
assess the influence of more flexible soil and foundation conditions, the shear wave velocities
were decreased by 50% (a very flexible-base condition for the Hollister building) to produce
new estimates of K and C, which are denoted K’and é'respectively. The resulting wall
stiffness, I?', is 6.0 x 10° Ib./ft. (28%1?), and the damping, 5', is 2.5 x 10* Ib.sec./ft.
(58% C ). A 50% reduction in soil stiffness resulted in a period increase from T=0.70 sec. to
T=0.72 sec., and an 18% increase in peak displacements at mid-diaphragm (Fig. 3.45).
Although the increase in peak displacements at the top of an end wall (Fig. 3.46) was as
much as 2.8 times that of the less flexible case (I? , C ), the end wall peak displacement (0.3
in.) was still small compared with the mid-diaphragm peak displacement of 3.9 in. These
results suggest it is unlikely that soil-foundation-structure interaction will be significant for

tilt-up buildings. A parametric study could be undertaken to confirm this conclusion.

7. Near field ground motions-directivity: The purpose of this part of the study was to assess
whether characteristics of near-field ground motion (directivity) have any important effect on
the response of tilt-up buildings. A database of ground motion records was collected and
records were categorized according to magnitude, soil condition, and parameters describing
rupture directivity effects. Selected ground motions from the database were then used to
assess the importance of near-fault ground motions on the response of the Hollister building.
Each record was scaled to a common peak ground acceleration, which was selected to be the
average peak ground acceleration for the selected records. Details of the procedure and
results of the analyses are presented in Appendix 3-C. Conclusions are discussed in the

following paragraph.

To assess the impact of directivity, forces in the internal frames, and diaphragm shears and
displacements are compared. The results indicate that forward directivity has a significant
influence on the response of the Hollister building. Shears and displacements in the
diaphragm elements increased on average by approximately 30% to 60% in critical locations
as defined in Appendix 3-C for records with forward directivity compared with records in the
category backward/neutral. Maximum internal spring forces increased, on average, by 9% to
16% in response to ground motions containing forward directivity, as compared to
backward/neutral. However, more comprehensive studies are needed to develop specific

recommendations to account for the influence of forward directivity on building response.

These analyses were undertaken to assess the importance of near-field ground motions on the

behavior of tilt-ups using inelastic nonlinear models and actual ground motions. The results

3-63



indicate that near-field ground motions have the greatest impact on the diaphragm response.
Future studies should focus on identifying specific features of the near-field ground motions

and the diaphragm that experiences the greatest impact.
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3.9 CONCLUSIONS

A simple nonlinear model was developed for the analysis of tilt-up buildings. The model enables
the user to evaluate connection forces and deformations as well as the demand in the roof
diaphragm for a given ground motion. An instrumented building (CSMIP Station 47391) was
used to validate the modeling methodology. Although limited information was available for the
building, the correlation studies showed that the simple model was capable of representing the

measured mid-diaphragm displacement response reasonably well.

Sensitivity studies were done to assess potential response variations. Parameters
considered included: diaphragm stiffness, connection stiffness/ strength, wall tributary length,
glulam beam stiffness, system damping, and soil-foundation-structure interaction. The influence

of forward/backward directivity of near-field ground motions was also studied.

The sensitivity studies, as well as previous studies, indicate that diaphragm stiffness has a
considerable impact on the response of tilt-up buildings. An equation presented by Hamburger et
al. (1996) to estimate diaphragm stiffness and strength values for a range of diaphragm
characteristics (e.g., diaphragm geometry, nail spacing, plywood thickness, and presence of
roofing materials) was reviewed. The expression was modified based on the review of existing
and new test data. The results indicate that further studies are needed to better understand
diaphragm response. However, with current information, the equation provides a reasonable
approach to determining the stiffness and strength for a broad range of diaphragm conditions.
Sensitivity studies are recommended for design and evaluation to account for uncertainties in

modeling the diaphragm.

Simple models were developed to represent the diaphragm-to-wall connections. It is
shown that +/- 15% variations to the connection stiffness/strength do not result in significant
changes in the diaphragm response. For the tilt-up wall panels, ACI318 values for effective slab
widths provide a reasonable approach to estimate the tributary wall length on either side of the
pilasters. Variations in glulam stiffness have little impact on the response of internal frames;
therefore, it is appropriate to neglect the contribution of the diaphragm and use the glulam beam

stifftness only.

Sensitivity studies showed that a 2% damping ratio resulted in good response correlation
until the peak displacements were reached, but higher damping ratios (e.g. 10%) were needed to
improve correlation in the post-peak displacement range. However, with current modeling
options, a 2% damping ratio is recommended to predict peak displacement responses, which are

of most interest. Since most computer programs do not allow the viscous damping ratio to vary
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with time, an element that allows hysteretic damping in the elastic range after inelastic

diaphragm response occurs could be implemented to improve the modeling options.

Due to the soil and foundation properties of Hollister building, soil-foundation-structure
interaction is not significant. Increasing soil flexibility results in larger peak displacements;
however, the impact becomes significant only with large increases in soil flexibility (50%). Even
with very flexible soil conditions, the displacements at the top of the end wall remain small
relative to those in the diaphragm. Unless very flexible soil conditions exist, it is unlikely that

SFSI will be significant for tilt-up buildings.

Sensitivity studies indicate that near-field ground motion (directivity) has a significant
influence on the response of tilt-up buildings. Maximum internal frame forces, and shears and
displacements in the diaphragm elements increase by 9 to 16%, and 30 to 60%, respectively, for
ground motions containing forward directivity relative to ground motions with the same peak
ground acceleration but with neutral or backward directivity. The results indicate that near-field
ground motions have the greatest impact on the diaphragm and that the influence is significant.
Although the results presented can be used to estimate the impact of near-field ground motions
on given tilt-up buildings, more comprehensive studies are needed to identify specific features of

the near-field ground motions and to develop specific recommendations.
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APPENDIX 3-A SOIL-FOUNDATION-STRUCTURE INTERACTION

The dynamic stiffness and damping of the end walls on soil (the so-called flexible-base
condition) were calculated to evaluate the effects of soil-structure interaction on building
response. This appendix describes the analysis procedure for the soil-foundation impedance
function, and how the impedance was merged with “fixed-base” wall stiffness to evaluate an
effective “flexible-base” stiffness and damping for the end walls.

A critical parameter controlling foundation impedance functions is the profile of soil
shear stiffness (G) with depth. Small strain shear modulus, G 1is typically evaluated from
measurements of shear wave velocity (V) as G:VS2 X p, where p is mass density for soil
(Ib.sec’/ft").

The shear wave velocity profile was estimated for the Hollister Warehouse site using in-
situ measurements from nearby downtown Hollister (Stewart and Stewart, 1997). Using the
analysis program SHAKE (Schnabel et al, 1972; revised 1991), the strain-dependent shear wave
velocity profile was estimated. These analyses were performed using the free-field time history
for the Hollister site. Shear wave velocities within the soil region beneath the foundation that
most influences lateral and rocking behavior (depths of 1.33L for lateral, 0.67L for rocking,
where 2L is the foundation length) were then evaluated.

The foundation for the end wall was assumed to be a strip footing of length 2L on the
surface of a homogenous halfspace. The static stiffness values were calculated as (Gazetas,
1991):

K, =2 rasoxos) 92 1B
2—v 0.75-v

=

v
>

2L

where, K,: Horizontal (static) stiffness in lateral direction, K,,: Rocking (static) stiffness around

lateral axis, v: Poisson’s ratio for soil, /,,: Moment of inertia of the section about y axis, L, B:

are as defined in the above figure, and X = A = % , A: Area of the section.

417




The static stiffness values are modified to account for dynamic effects by multiplying by the
following coefficients:

In
p—

Translation: k

Rocking: k,, =1-0.30a, v<0.45

L 0.30
k, =1-025a, [—) v =0.50
B

where, a, =B/ V;

The damping coefficients for lateral and rocking response are calculated as:

Translation: C.z=pV,A

Rocking: C,= (PVLa/ b, )Ery
Co=1f (L/B,a,)  asdetermined from Fig. A -1 below

ROCKING (ry)
1 1




The composite stiffness and damping of the wall soil system is evaluated using expressions
derived by Stewart and Fenves (1998). The effective fundamental mode frequency and damping

ratio are calculated as:

~ 1
o= 2 2 2
/ o+l o, +1 o,

>

k
where @)= K& = Kk a)z\f and K:wall stiffness
m m m

~ )\ ~ \3 ~\3
= [0 [0
; =[—] :, +(—] e+(3)e
X o, ®
C
where & =—2 L= < -_ ¢
2mam, 2m, 2ma

The effective spring stiffness and dashpot coefficient for the wall/soil system are then calculated

as K=m@?* and C =2mad¢& .






APPENDIX 3-B MODELING PROCESS — STEPS

General Methodology:

1. Internal Frame Model
(a) Connection models
e Foundation
e Roof diaphragm/wall connections
(b) Pushover analysis
(c) Bi-linear force deformation curve = Effective stiffness and yield force values
(d) Tributary mass calculation for sidewalls at roof level ()
2. Diaphragm model
(a) Internal frame springs: K and Fy from bi-linear curve
(b) Diaphragm elements: K and Fy extrapolated using Eq. 3.1 and appropriate test results
(c) End walls: 3 analyses
e No end walls
e Walls on fixed base: K for end springs
e Walls on flexible base: K , C and [ calculated
(d) Total mass calculation: M =Mgjaph + 0t Myan
(e) Eigenvalue Analysis 2 T, @ - Rayleigh damping coefficients
(f) Structural analysis
e Internal Frame Force vs. Time - Max internal frame force (mid-diaphragm)
3. Internal Frame Model
e For max spring force: Connection moment and rotation
e Connection model: Connection force and deformation; ductility

4. Evaluation






APPENDIX 3-C SIGNIFICANCE OF FORWARD DIRECTIVITY EFFECTS ON
TILT-UP BUILDINGS

1. Classifying Ground Motions by Rupture Directivity

The initial phase of this part of the study was to develop a list of near-fault strong ground motion
recordings, categorized into sets of records with and without significant rupture directivity
effects. The records were classified into three categories: forward, backward, and neutral, based
on the direction of rupture along the fault and the alignment of slip direction with source-site
azimuth. Either forward or backward directivity is possible when the direction of slip on the fault
is aligned with the site. Forward directivity results when the rupture propagates toward the site,
whereas backward directivity occurs when the fault ruptures away from the site. Neutral
directivity happens when the site is not aligned with the slip direction, so the rupture path passes
by the site and creates no significant directivity effect (neither forward nor backward).

Forward directivity is commonly characterized by a single large-velocity pulse of short
duration. This pulse contains most of the seismic energy radiating in the direction of rupture.
Backward directivity produces motions of long duration and small amplitudes. (Somerville, et al.
1997) Consider two records from the 1992 Landers earthquake (Fig. 3-C1). The Lucerne record
displays forward directivity effects, whereas the Joshua Tree exemplifies backward directivity
effects.

Somerville et al. (1997) presents a procedure that allows ground motions to be classified
as forward, backward, or neutral by using a “rupture directivity parameter.” The parameter is
based on the angle at which the site is located from the hypocenter (dip-slip faults) or epicenter
(strike-slip faults) relative to the direction of rupture propagation, as well as a measurement of
how much of the fault ruptures toward the site. The records with a large value of the rupture
directivity parameter exhibit forward directivity while those with zero or negative values are
characteristic of backward or neutral directivity. Earthquake ground motions in the Pacific
Engineering and Analysis Strong Motion Catalog (02/17/98) were considered. Only ground
motion records with rupture distances of about ten kilometers or less were selected given the
study on near-field effects. Additional records were added from other near-field lists (Table 8 of
Somerville et al., 1997). To simplify future analysis runs, data was grouped into magnitude bins
of 5.5 t0 6.5, 6.5 to 7.0, and 7.0 to 7.5. Within each magnitude bin, each record was labeled and
grouped as strike-slip or dip-slip. Dip-slip included normal and reverse (thrust) slip mechanisms.
Oblique slip mechanisms were characterized as either strike or dip slip, depending on which

mechanism was most pronounced.
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Fig. 3-C1 Map of the Landers region showing the location of the rupture of the 1992
Landers earthquake, the epicenter, and the recording stations at Lucerne and Joshua Tree
(Somerville et al., 1997)

The slip mechanism classification determined the parameters and the procedure for
calculating the rupture directivity parameter. The rupture directivity parameter for strike-slip
cases required a length ratio, X, and an angle, 0, where X is the fraction of fault along the strike
that ruptures toward the site, and 0 is the angle between the fault plane and ray path from the
epicenter to the site. For dip-slip cases, a width ratio, Y, and angle ¢ were used, where Y is the
fraction of fault up-dip that ruptures toward the site, and ¢ is the angle between the fault plane
and ray path from the hypocenter to the site.

For cases where the required parameters, X and 0 or Y and ¢, were not available (e.g.,
Table 8 of Somerville et al.), they were evaluated based on site location and published fault
rupture models listed in Table 3-C1. The map of each fault area provided either epicenter or focus
locations from which the direction of rupture propagation would be inferred, along with other

necessary fault rupture information depending on the slip mechanism (Fig. 3-C2).
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Fig. 3-C2 Definition of rupture directivity parameters X and 0 for strike-slip faults and Y and ¢
for dip-slip faults, and region off the end of the dip-slip faults excluded from the
model (Somerville et al., 1997)

Once all necessary geometric parameters were obtained, the rupture directivity parameters
(RDP) were calculated as Xcos® and Ycos¢ for strike-slip and dip-slip cases, respectively. The
degree to which various values of those parameters can be considered representative of forward,
backward or neutral rupture directivity was assessed based on empirical relations by Somerville
et al. (1997). As shown in Fig. 3-C3, these relations correlate the rupture directivity parameter to
period-dependant amplification or de-amplification of spectral accelerations relative to
predictions from attenuation relations (e.g., Abrahamson and Silva, 1997). Based on spectral
acceleration factors at T=2 seconds, spectral acceleration ratios<0.9 and >1.1 at T=2 seconds

were considered representative of backward and forward directivity, respectively, with
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intermediate values considered to be neutral. The resulting classifications of specific ground

motions as backward, forward or neutral were checked against a list compiled by Naeim and

Somerville (1998).
Based on these criteria and Somerville’s empirical results of Fig. 3-C3, the following

values of RDP were selected for this study:

Backward Neutral Forward
Strike-slip <0.2 0.2-0.55 >0.55
Dip-slip <0.25 0.25-0.65 >0.65
Strike-slip
3 ' ' Xeostr=10 ]

Spectral Acceleration Factor

o1 0.1
period (sec)
Dip-slip

5 3 T T
S |
= I ]
= g -
8 2k i
= + )
—;_3: L Ycos($) =1.0
8 | 075
< 1 - 0.5 _ |
=R Y
[=]
g | , ]
2 |

o1 0.1 1 10

period (sec)

Fig. 3-C3 Empirical model of the response spectral amplitude ratio, showing its dependence
on period and on the directivity functions—Xcos0 for strike-slip and Ycoso for dip-slip

(Somerville et al., 1997)
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Response histories were sorted, within each magnitude bin, by their directivity descriptor:
forward (f), backward (b), and neutral (n). For cases where a discrepancy existed between the
forward, backward, and neutral descriptor using the values given above and those given by
Naeim and Somerville, our classification was used if the difference was due to the result of slip
mechanism, and theirs was used if the cause was not apparent.

The final list of ground motions, displayed as Table 3-C1, consists of over 100 records,
many of which were newly classified for this study. The additional records include measurements
obtained in the following earthquakes: Parkfield 1966, Coyote Lake 1979, Coalinga 1983,
Chalfant Valley 1986, Superstition Hills 1987, Whittier Narrows 1987, and Cape Mendocino
1992. Soil conditions for each site using the Geomatrix Classification System (key found at
bottom of Table 3-C1) are also listed in Table 3-C1.

Records were selected from Table 3-C1 for the analysis of tilt-up buildings. From the
magnitude bin 6.5 to 7.0, fifteen records with forward, five with backward, and nine with neutral
directivity effects were selected. Five records with magnitudes above 7.0 were also selected. The

selected ground motion records are given in Table 3-C2.

2. Influence of Directivity on Response of Tilt-up Buildings

Since the DRAIN-2DX computer program was used for the analysis, only a single horizontal
component was used to assess the influence of directivity on building response. Records in Table
3-C1 were rotated, as required, to obtain fault-normal and fault-parallel components using strike
angles listed in Table 3 of Somerville et al. 1997 (Appendix 3-C2), or the strike angles mentioned
in CDMG or USGS strong-motion data reports. Sources of the strike angles are noted in
Appendix 3-C1, which corresponds to the earthquakes in Table 3-C1.

Nineteen records were selected to assess directivity effects, ten with forward directivity
and nine with backward or neutral directivity. Records were selected for magnitudes between 6.5
to 7, for short rupture distances, and for a variety of soil conditions (Table 3-C3). Only fault-
normal components were used in the forward directivity group since, according to the Somerville
report, the fault-normal records contributed most to directivity effects.

For response history analysis, each record was scaled to a common peak ground
acceleration as indicated in column 4 (“PGA”) of Table 3-C3.

Of particular interest in this study is how directivity would influence demands on the
Hollister Building diaphragm and connections between the diaphragm and tilt-up wall panels.
Three beam elements for the DRAIN-2DX model (1, 4, 10, Fig. 3-C4) were selected to monitor
diaphragm response. These elements were selected because an abrupt change in stiffness and

strength occurred at each location due to a difference in nail spacing. The corresponding yield
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moments of the sections are shown in Fig. 3-C4. At the selected diaphragm locations, yield and
maximum displacement, and maximum shear were obtained for each record. Connection forces
and deformations were evaluated by monitoring the “internal frame springs™ at the quarter- and
midpoints of the diaphragm (Points A and B, respectively, Fig. 3-C4). Peak and yield forces were
compared to assess the demands on the connections. Given the connection model, the ratio of
maximum spring force to yield force is also equal to the ratio of maximum displacement to yield
displacement.

Displacement and acceleration response relations for the internal frame springs, and shear
vs. displacement hysteresis relations for the diaphragm elements were plotted for each record.
From the plots, diaphragm end elements (EI1-1) remained elastic for all the records, while
middle- and quarter-length element joints often yielded many times. A typical relation is plotted
in Fig. 3-C5. Maximum (average) element joint displacements ranged from 0.5 to 2 in. and
maximum shear ranged from 80 to 180 kips. The greatest shear occurred at the diaphragm ends
and greater displacement always occurred toward the middle. Capacity at yield for each of these

elements, as calculated from element properties, are listed below:

Diaphragm Element El-1 El-4 EI-10

Yield Force (kips) 214 105 68

Yield Displacement (in) 0.867 0.3355 0.3355
735k | 735k
E2-4 | E2-8

- E1-10
29790 5575 3685 in.kips

l¢ L/2 »l

Fig. 3-C4 Tilt-up building model— elements and yield forces

In the internal frame springs, peak forces were 8 to 11 kips, with greater force in the

middle spring. The yield force for all of the springs is 7.35 kips. Therefore, inelastic connection
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behavior is expected. Table 3-C4 presents average forces and displacements for the forward and
backward/neutral directivity records, along with the standard deviation and the ratio of maximum
force and displacement to the yield value.

In comparing forward and backward/neutral directivity, it was observed that earthquake
records with forward directivity caused higher maximum forces and displacements for all
elements than did the earthquake records with backward/neutral directivity. On average, forward
directivity led to maximum spring forces 9% and 16% greater than backward/neutral directivity
for the element at quarter-length (E2-4) and at mid-length (E2-8), respectively. For the
diaphragm, a greater discrepancy was observed: 29% higher at the end (E1-1), 60% higher at the
change in nailing (E1-4), and 40% higher at the midpoint (E1-10). A more detailed quantitative
comparison is shown in Table 3-CS5.
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TABLE 3-C3: GM RECORDS USED IN REPORT
WITH SCALING FACTORS AND UNIT CONVERSIONS

FILENAME Points EQ file PGA (g) Factor units Unit Conv Acen Ftr Duration (s) ™ RoSoil*

forward

ERZI 1038 ER92erzd 0.421 1.276 cmisr2  0.394 0.50291 20.76 6.7 2 D(?)
IVA5 1968 IV79arbd 0.367 1.464 cm/s2  0.394 0.5769 39.36 65 1D
IVA6 1950 IV79ar6d  0.421 1.276 cmisr2  0.394 0.50291 39 65 1D
IVEM 1995 [IV79emod 0.587 0.915 g 386.4 353.729 39.9 6505D
KOBE 3000 KB95kobj 1.09 0.493 cmisr2  0.394 0.19424 60 6.906B
LGPC 1248 LP89Igpc 0.626 0.858 cm/is2  0.394 0.33822 24.96 6.935A
NEWH 3000 NR94newh 0.723 0.743 cm/sr2  0.394 0.29284 60 6.771D
SHPT 1115 SH87ptsd 0.35 1.535 g 386.4 593.255 22.3 6.70.7D
LSTG 1995 LP89stgd 0.454 1.184 g 386.4 457.355 39.9 69 13D
NSYM 3000 NR94sylm 0.732 0.734 cm/sr2  0.394 0.28924 60 6.76.4D
backward/neutral

IVBD 1880 IV79bond 0.781 0.688 cm/s2 0.394 0.27109 37.6 6.525D
CNS1 1026 CN85stid 0.841 0.639 g 386.4 246.896 20.52 68 6 A
IVAG 1415 IV79agra 0.174 3.088 g 386.4 1193.33 28.3 6.508D
IVHP 1885 IV79hvpd 0.242 2.221 g 386.4 858.013 37.7 6.575D
LCLS 1995 LP89cilsd 0.587 0.915 g 386.4 353.729 39.9 69518
LGIL 1998 LP89gild 0.438 1.227 g 386.4 474.062 39.96 6.96.1A
NRAL 3000 NR94nord 0.237 2267 cm/s®2 0.394 0.89335 60 6.79.2D
NPKC 2000 NR94pkcd 0.509 1.056 g 386.4 407.935 40 6.782B
SHSM 1110 SH87supd 0.63 0.853 g 386.4 329.586 22.2 6.7 43A

avg=0.53737
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TABLE 3-C5: COMPARISON OF FORWARD AND BACKWARD EFFECTS BY PERCENTAGE

Glulam Spring
Max Spring Force (k) Fmax/Fyield Max Displacement (in) FD % > B/ND
element 2-4
forward directivity 8.568 1.1657 1.6717 9.26%
backward/neutral 7.866 1.0702 1.53
element 2-8
forward directivity 10.970 1.4925 2.1404 16.14%
backward/neutral 9.445 1.285 1.8429
Diaphragm
Max Shear Force (k) Vmax/Vy Max Displacement (in) dmax/dy
element 1-1
forward 178.123 0.77807 0.67498 0.77874 28.62%
backward/neutral 138.606 0.60545 0.52477 0.60544
element 1-4
forward 137.840 1.26441 0.92698 2.76282 59.38%
backward/neutral 113.227 1.03863 0.58163 1.73353
element 1-10
forward 94.946 1.74191 1.93508 5.76741 39.94%
backward/neutral 80.020 1.46807 1.382778 41213
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Appendix 3-C1

Sources for Rupture Directivity Parameters and Strike and Dip Angles
in Table A which were not on the Somerville, et al. list.

1. Parkfield 1966

Archuleta, R. J.; Day, S. M. “Dynamic rupture in a layered medium: the 1966 Parkfield earthquake,”
Bulletin of the Seismological Society of America, 70, 3, June 1980, pages 671-689.

Shoja-Taheri, J. “Parkfield, California, earthquake of June 1966: interpretation of the strong motion
records,” Earthquake Engineering & Structural Dynamics, 8, 6, Nov.-Dec. 1980, pages 527-544.

2. Coyote Lake, 1979

Brady, A. G.; et al,, Processed Data From the Gilroy Array and Coyote Creek Records, Coyote Lake,
California Earthquake of 6 August 1979. Open File Report 81-42. U. S. Geological Survey, [Menlo Park,

CA] page 2.

3. Mammoth Lakes 1980

Archuleta, R. J.; et al. “Source parameters of the 1980 Mammoth Lakes, California, Earthquake Sequence,”
Journal of Geophysical Research, 87, B6, June 10, 1982, pages 4595-4607, Paper No. 2B0360.

Mclunkin, R. D.; Kaliakin, N. A., ”Strong-motion records recovered from the Mammoth Lakes, California,
Earthquake of 30 September 1981,” Califoria Division of Mines and Geology, Office of Strong Motion
Studies, Sacramento, 1981, 22 Jeaves.

McJunkin, R. D.; et al. “Strong-motion records recovered from the Mammoth Lakes, California,
earthquakes of 6 January 1983,” OSMS Report 83-1.1 (rev.1), Office of Strong Motion Studies, California
Div. of Mines and Geology, Sacramento, 1983, 31 pages.

McJunkin, R. D.; Bedrossian, T. L. “Mammoth Lakes earthquakes, May 25-27, 1980, Mono County,
California,” California Geology, 33, 9, Sept. 1980, pages 194-201

4. Coalinga, 1983

Scholl, R. E.; Stratta, J. L. “Coalinga, California Earthquake of May 2, 1983,” EERI Reconnaissance
Report No. 84-03, Jan 1984.

5. North Palm Springs, 1986

Huang, M. J.; et al. “Processed strong motion data from the Palm Springs earthquake of 8 July 1986: part I,
ground-response records,” OSMS 87-01, California Office of Strong Motion Studies, Sacramento, June

1987, 256 pages.
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Hartzell, S.; Langer, C.; Mendoza, C. “Rupture histories of eastern North American earthquakes,”
Bulletin of the Seismological Society of America, 84, 6, Dec. 1994, pages 1703-1724.

6. Chalfant Valley, 1986

Bryant, W. A_; et al. “Report on the Chalfant Valley, California earthquake -- July 12, [sic] 1986,”
EERI Special Earthquake Report, Nov. 1986, 8 pages

Kahle, J. E.; Bryant, W. A_; Hart, E. W. “Fault rupture associated with the July 21, 1986, Chalfant Valley
earthquake, Mono and Inyo counties, California,” California Geology, 39, 11, Nov. 1986, pages 243-245

Maley, R.P.; Etheredge, E.C.; Acosta, A., U.S. Geological Survey strong-motion records from the Chalfant
Valley, Open-file report (Geological Survey (U.S.)) 86-0568; Strong-motion network data report 11, U.s.
Geological Survey, [Menlo Park, Calif.], 1986, 19 leaves.

7. Superstition Hills, 1987

Huang, M. 1., et al., CSMIP Strong-Motion Records From the Superstition Hills, Imperial County,
California Earthquakes of 23 and 24 November 1987. CSMIP Report No. OSMS 87-06. CDMG
[Sacramento, Calif.], 24 December 1987.

8. Whittier Narrows, 1987

Hartzell, S.; Iida, M. “Source complexity of the 1987 Whittier Narrows, California, earthquake from the
inversion of strong motion records,” Journal of Geophysical Research, 95, B8, Aug. 10, 1990, pages
12475-12485.

Lin, J.; Stein, R. S. “Coseismic folding, earthquake recurrence, and the 1987 source mechanism at Whittier
Narrows, Los Angeles Basin, California,” Journal of Geophysical Research, 94, B7, July 10, 1989, pages
9614-9632.

Linde, A. T.; Johnston, M. J. S. “Source parameters of the October 1, 1987 Whittier Narrows earthquake
from crustal deformation data,” Journal of Geophysical Research, 94, B7, July 10, 1989, pages 9633-9643.

9. Cape Mendecino, 1992
Shakal, A., CSMIP strong-motion records from the Petrolia, California earthquakes of April 25-26, 1992,

Report (California. Office of Strong Motion Records) no. OSMS 92-05, California Division of Mines and
Geology, Office of Strong Motion Studies, Sacramento, Calif., 1992, 74 pages.

10. Northridge, 1994

Web site: “http://www-rcf.usc.edu/~mtodorov/USC_NOR.GIF’
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APPENDIX 3-D EXAMPLE DRAIN-2DX INPUT FILE

Example input file:

IUNITS L in F k [Inserted by NONLIN-Pro]
*STARTXX
HOlfix 0 0100 ONE STORY DIAPHRAGM AND GLULAM FRAME MODEL
! Analysis of 1 story RC tilt-up building using Nonlinear Dynamic Procedure
! Case Study, Inelastic diaphragm and glulam frame model
! Hollister Building, Loma Prieta Earthquake
! FEBRUARY 1999
! Ayse 0. Kulahci, RA, UCLA
! John W. Wallace, Ph.D., P.E., UCLA
! Using DRAIN version 1.10
! Diaphragm stiffness values for s=5"
! Fixed base
*NODECOORDS

1234567890123456789012345678901234567890123456789012345678901234567890
01010 -1791 0

C 01310 1791 0

C 02010 -1791 1.0

C 02310 1791 1.0

C 01020 -1512 0

C 01300 1512 0

C 02020 -1512 1.0

C 02300 1512 1.0

C 03010 -1791 -10.0

C 03310 1791 -10.0

! Generation of remaining nodes

123456789012345678901234567890123456789012345678901234567890

L 01020 01300 00010 0.0

L 02020 02300 00010 0.0

*RESTRAINTS

1234567890123456789012345678901234567890123456789012345678901234567890

S 101 01010 01310 300

S 101 01020 01300 010

! fix nodes for glulam springs

S 111 02010 02310 010

s 111 03010 03310 300

*MASSES

! Diaphragm mass (12 psf)*98.5ft*9ft/386.4/1000 = 0.0275

! Diaphragm mass (12 psf)*98.5ft*16.125ft/386.4/1000 = 0.0493

! Side walls (participating mass) 40%=0.0462 (Sec. 3.3)

! Side walls (participating mass) 40%=0.0766
1234567890123456789012345678901234567890123456789012345678901234567890123456789

S 010 0.3861 01010 01310 0300

.295577 :2% Rayleigh damping-1lst&7th modes (Sec. 3.2)
S 010 0.1259 01020 01300 0280

.295577 :2% Rayleigh damping -1st&7th modes

S 010 0.07369 01030 01290 0010

.295577 :2% Rayleigh damping -1st&7th modes
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*ELEMENTGROUP

2 1 0 0.0007940 BEAMS- DIAPHRAGM
! stiffness types, ecc. types, yield surface types
4 1 4

! Beam section: Diaphragm properties based on UCI(1998)
1234567890123456789012345678901234567890123456789012345678901234567890123456789
0

! # Modulus Harden Area Inertia Kii Kjj Kij Ashear Poisson
1 10000.0 0.15 10000.0 44590.5 4.0 4.0 2.0
2 10000.0 0.15 10000.0 5116.21 4.0 4.0 2.0
3 10000.0 0.15 10000.0 3288.66 4.0 4.0 2.0
4 10000.0 0.15 10000.0 2135.57 4.0 4.0 2.0

! Eccentricity Types

! Not used at this time

1234567890123456789012345678901234567890123456789012345678901234567890
1 0.0 0.0 0.0 0.0

! yvield strengths

1234567890123456789012345678901234567890123456789012345678901234567890

1 1 29791.0 29791.0
2 1 8830.2 8830.2
3 1 5676.0 5676.0
4 1 3685.8 3685.8
! element nodal assignments
! beams
123456789012345678901234567890123456789012345678901234567890123456789
1 01010 01020 0010 1 0 1 1
2 01020 01030 0010 2 0 2 2
3 01030 01040 0010 2 0 2 2
4 01040 01050 0010 3 0 3 3
9 01090 01100 0010 3 0 3 3
10 01100 01110 0010 4 0 4 4
21 01210 01220 0010 4 0 4 4
22 01220 01230 0010 3 0 3 3
27 01270 01280 0010 3 0 3 3
28 01280 01290 0010 2 0 2 2
29 01290 01300 0010 2 0 2 2
30 01300 01310 0010 1 0 1 1
*ELEMENTGROUP
1 1 0 0.0007940 INTERNAL FRAME SPRINGS
! property types
1
! modulus st-har Area Fyt Fyc Fbuck tol
1234567890123456789012345678901234567890123456789012345678901234567890
1 5.125 0.10 1.0 7.35 7.35 0 0.01 !
! elements
1234567890123456789012345678901234567890123456789012345678901234567890
1 01020 02020 0020 1
15 01300 02300 1
*ELEMENTGROUP
1 1 0 0.0007940 END WALL SPRINGS
! property types
1
! end walls on fixed base
! modulus st-har Area Fyt Fyc Fbuck tol
1234567890123456789012345678901234567890123456789012345678901234567890
1 218167 0.10 1.0 999999999 999999999 0 0.01 !
! elements
1234567890123456789012345678901234567890123456789012345678901234567890
1 01010 03010 0300 1
2 01310 03310 1
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*SECTION
! Section to get total force in internal frame springs

0. SECTION
|

2 1 -1512. 0
0. 0. 0.
0. 1. 0.
0. 0. 0.
0. 0. 0.

2 2 -1296. 1

2 3 -1080. 1

2 4 -864. 1

2 5 -648. 1

2 6 -432. 1

2 7 -216. 1

2 8 0. 1

2 9 216. 1

2 10 432, 1

2 11 648. 1

2 12 864. 1

2 13 1080. 1

2 14 1296. 1

2 15 1512. 1

*RESULTS

! nodes (Every node - displacements and accelerations)
123456789012345678901234567890123456789012345678901234567890123456789

NSD 111 01010 01310 10
NSD 111 02010 02310 10
NSD 111 03010 03310 300
NSA 111 01010 01310 10
! all elements

E 111

! all sections

S 111

*ACCNREC

123456789012345678901234567890123456789012345678901234567890123456789
! Loma Prieta Earthquake (Acc. Ch.8, Hollister Building)

HOLL GRNDACES8 (8F8.3) LOMA PRIETA EQ

1504 8 0 1 1.0 0.394 0.02 0.0

*PARAMETERS

0os 1 1 1 1 0

oD 1 1 0 0.02 0

DC 1 0 0 0

*MODE
7 0 0 0

*ACCN LOMA PRIETA EQ
30.08 1504 1 0.02

2 HOLL 1.0 1.0

*STOP
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4 Steel Reinforced Concrete Building

41 INTRODUCTION

The Pacific Gas and Electric Company substation, located at the corner of Hearst Avenue and
McGee Street in Berkeley, California, was built in 1909. Originally, the plane dimension of this
31-ft. high, single-story, concrete and steel structure was approximately 44 ft. in the east-west
direction, and 56 ft. in the north-south direction. In 1923, the building was expanded to the
present configuration of 63 ft. in the east-west direction and 90 ft. in the north-south direction.
Figure 4.1 presents the footprint of the original and expanded building.

Hearst Av.
\
North
M
56 ft c West East
90 ft G
e South
44 ft e
EIBuilding of 1909
L IBuilding of 1923 S
t
63 ft

Fig. 4.1 Pacific Gas and Electric Co. building

The 1923 expansion of the building consisted of the following: (1) demolition of the original
south exterior wall, (2) extension of the original north and east exterior walls, which were tied to
the new south and west walls, (3) extension of the origina west wall by 16 ft. in the south
direction [The original west exterior wall, which remained after the expansion, will be referred to
as the interior wall in this report], (4) addition of an interior wall tied to the new west wall and
the southern end of the origina west wall, and (5) addition of a 12.5-ft. high gallery,
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approximately 90 ft. (north-south) by 14 ft. (east-west), a the east side of the building.
Architectural and Structural views of the building are presented in Figs. 4.2, 4.3 and 4.4. The
openings of the north and east wall have al been filled in with nonstructura materials. The
apparent openings in the west wall, except the one at the southern end, are actualy solid
reinforced concrete cast integrally with the rest of the wall.

The lateral force-resisting system of the building consists of steel moment frame and
reinforced concrete shear walls (Fig. 4.3 a, b, and c¢), which are tied together by a reinforced
concrete roof. The roof is also supported by steel trusses and built-up steel columns, which form
the primary vertical load-resisting system (Fig. 4.3. b and ¢). Many of the steel columns are
partially embedded in the reinforced concrete walls (Fig. 4.3.9).

The objective of this study isto develop a strategy for evaluating the dynamic response of
the building, as well as to assess the applicability of the FEMA 273 guidelines for evaluating this
type of structure. One of the major focuses is the influence of the numerous openings in the roof
(Fig. 4.4) and the exterior walls (Fig. 4.2), which affect the strength and the stiffness of the
structural system.
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42  MODELING

A variety of structural modeling options are considered for this building, from complex linear
finite element models to sophisticated frame element models. In the following sections,
descriptions of the models are presented and assumptions made in their application are discussed.

4.2.1 General Assumptions

Due to the complex geometry of the building, severa assumptions are made to simplify the
modeling. These smplifications include:

e The relatively minor architectural features of the walls are neglected. The exterior wall
thicknessis varied over the wall height as noted in Fig. 4.2 for the detailed finite element
model. For “simpler” models, considering a beam analogy, a uniform wall thickness of 7
in. is used for each element.

o Thewindow openingsin the walls are approximated as rectangul ar.
e The stedl columns embedded in the wall are considered as part of the wall (Fig. 4.3a).

o The strength and stiffness of the skylight (over the opening at the south end of the roof)
are neglected.

o Steel beams embedded in the roof slab are neglected (mass and stiffness).
e Thetrusses are considered massless.

¢ Theroof isconsidered to be flat.

4.2.2 Material Properties

Both structural steel and reinforced concrete were used as construction materials. Due to a lack
of material-specific data for this building, material properties representative of those commonly
used at the time of the construction are assumed (Table 4.1). Sensitivity studies could be used to
assess the impact of these assumptions; however, the primary focus of the project is to
investigate modeling and evaluation approaches for the building. Given this focus, use of typical
material propertiesis appropriate.



Table 4.1 Material properties

Material Weight | Poisson’sratio|Modulus of elasticity|  Yield Stress
Ib/ft3 \Y% ksi ksi
Concrete 150 0.2 3600 E—
Reinforcing Steel 490 0.3 29000 45
Structural Steel 490 0.3 29000 36

4.2.3 Building Lateral Strength Evaluation

The lateral strength of the building at the roof level, at the bottom of the openings (56 in. from
the base of the walls), and at the base of the building for both X and Y direction (Fig. 4.5) is
estimated using the wall nominal shear strength, V. = (2\/fT' +pf,)A,, . Calculations indicated
that shear strength, versus flexura strength, is the controlling failure state for the walls. This
value is compared to the weight of the structure supported. The results are presented in Table 4.2.

é

[
]

N Iy
N Iy

Y 4| @
=

A

Fig. 4.5 Roof elevation and 3-D view of the building

Table 4.2: Lateral strength resistance of the structure

Z W€}> E
A

X

Lateral strength (kips) [Weight above the Ratio lateral strength / weight
X direction |Y direction |Intersection plane (kips) [X direction Y direction
at roof level (@ 337 in) 4510 2600 214 21.1 12.2
at the bottom of openings 3705 1990 843 4.4 2.4
(@56 in)
at the base (@ 0 in) 4510 2600 1255 3.64 2.1




The lateral strength capacity is at least twice the weight of the structure supported, and
significantly greater than required by code (UBC 97). The flexura strength between the wall
openingsis estimated to be slightly higher than the shear capacity.

4.2.4 Finite Element Model

(a) Model description

Due to the relatively complex building geometry and structural system, initial modeling efforts
focused on developing a fairly detailed finite element model of the building. In this model,
referred to as the FE Modéd in this report, beams, columns and trusses are represented by frame
elements, whereas walls and slabs (roof and floor) are modeled by shell elements. These shell
elements include membrane and bending effects, in order to represent in-plane and out-of-plane
deformations.

Three different categories of frame elements are used: a built-up I-shaped section to
represent the columns (Fig. 4.3a), and single-angle and double-angle shapes to represent the truss
members.

Five different shell element thicknesses are needed to describe the walls and slabs (3,
5.75, 6.5, 7.25, and 8.75 in.). The finite element mesh for the walls and dlabs is defined based on
the following criteria: locations of openings, connection of concrete and structural steel sections,
connection between wall and slab panels, and changes in element thicknesses. The mesh used for
the building is depicted in Appendix 4-Al.

(b) Analysis of the FE model

The model is analyzed for a variety of conditions to study building response characteristics. The
first analysis consists of subjecting the model to gravity loads and static lateral loads at the roof
level, in order to study the roof behavior. The applied lateral loads are equal to the roof masses
multiplied by 1g. This is roughly consistent with using an unreduced UBC-94 spectrum for
short-period buildings. The lateral acceleration is applied in the north-south direction (X global
reference axis of the model) for the first analysis, and in the east-west direction (Y reference
axis) for the second analysis (Fig. 4.5). The self-weight multiplier is used in SAP 2000 to
generate the desired vertical and lateral loads for this condition, and a uniform load of 20 psf is
assigned to the central part of the gallery dlab (on an area of 20 square feet) to represent the
weight of the anchored mechanical equipment. The main results obtained by analyzing this
mode! follow:

4-8



The fundamental period is 0.13 sec. and the associated mode shape involves out-of-plane
(breathing) movement of the interior wall and roof. A summary of the 5 first modes are
provided in Table 4.3. Because the periods and mode shapes involve localized breathing
of wall and roof segments, the building responds quite differently than typical buildings.
Three hundred modes have to be considered to obtain approximatively 90% mass
participation (Appendix 4-F), although Ritz vectors could be used to reduce the number
of modes required.

Table 4.3 Five first modes of the FE model

Mode number| Period (sec) Cumulative Mass participation
X Y
1 0.133 0.004 12.91
2 0.116 0.009 13.17
3 0.114 0.010 27.07
4 0.099 0.012 28.27
5 0.098 7.281 28.29

The maximum displacements at the roof level for a 1g static load applied in each
direction (Fig. 4.5) are presented in Table 4.4. The displacement values at the roof level
are very small, indicating that the building is really stiff. However, due to the wall and
roof “breathing”, larger wall displacements will occur between the base and the top (roof
level).

Table 4.4 Maximum displacements at the roof level
dueto astatic 1g force applied at the roof level in one direction

Load case Displacements (in)
X direction Y direction
1 g in the N-S direction 0.040 0.003
1 g in the E-W direction 0.006 0.130

The sum of the latera forces resisted in each wall is displayed in Table 4.5 for both
loading directions with the nomenclature of Fig. 4.6. The stress is evaluated at the
standard two-by-two Gauss integration points of each shell element and then extrapolated
to the noda points; therefore, a small difference exists (less than 2 %) in the total force
distribution between each loading case.




West wall
* Perpendicular wall

South wall

North wall
Interior wall

East wall

Fig. 4.6 Wall nomenclature

Table 4.5 Force distribution in each wall at the roof level for the FE model

Force Distribution (kips)

Walls 1 g in the N-S direction | 1 g in the E-W direction
East 48 1

West 53 2

Interior 73 3

South 1 74

North 1 70
Perpendicular 1 30

Sum 177 180

The maximum principal compressive stress at the roof level for both loading cases
considered is less than 1 ks (Appendix 4-A2), which is less than the concrete
compressive strength of 4 ksi. The maximum principal tensile stress at the roof level is
less than 10% of the concrete compressive strength. Given the distributed reinforcement
and the embedded steel sections within the roof, adequate reinforcement exists to resist

these stresses.

The static analysis was used to investigate load paths and force/stress demands within the roof
(for astatic lateral force equal to 1g). However, some difficulties were encountered using the FE
model, such as:

When using shell elements, the results are mesh dependent. Therefore, severa meshes
may be required to ensure that reasonable results are obtained (i.e., convergence is

achieved).
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e Due to the numerous openings, and thus the presence of stress concentration, a fine mesh
is needed (in particular around the openings) to counterbalance the infinite stress
developed by the program.

e The model is computationally intensive because of the use of this fine mesh; to run a
response spectrum analysis can take up to eleven hours on a 300Mhz PC: therefore, it is
difficult to make changes to the model and reanalyze it in areasonable time.

e The results are somewhat difficult to review given that the principal and shear stresses
must be re-evaluated each time.

Because of these limitations, a smpler model, which uses frame elements in place of shell
elements to model the walls and the gallery level slab, was created.

4.2.5 Frame Element Model

(a) Model description

In the second model developed for the building (Appendix 4-B1), the walls, the gallery slab, the
steel columns and trusses are modeled using frame elements. However, the roof is still modeled
by shell elements to maintain continuity with the walls. As well, a ssmple model would be
difficult to develop considering the numerous random openings. This model will be referred to as
the frame element model (FR) in this report.

The finite element mesh for the roof is defined based on the location of the roof openings
as well as the location of the frame elements used to model the wall panels, the steel columns
and the truss elements.

The use of simple analogous frames for shear wall analysis (Stafford & Girgis, 1984) was
considered. In this approach, a wall panel is modeled using frame elements as shown in Figs.
4.7(a) and (b). The geometry of the element is selected to accurately model the bending, shear
and axial stiffness of the wall. Hinges are used between the elements so that flexural stiffnessis

INZANZaNP
AN

Fig. 4.7(a) Braced wide column module

4-11



B3 Openings

Fig. 4.7(b) Model of awall with braced wide column module

This method was unrealistic for the building due to the large number of openings and the
geometry of the building. Too many elements were required to model a wall, with more than 80
elements needed for the east wall alone. To simplify the modeling, a column analogy is used that
excludes the diagonal braces (Figs. 4.7(c) and 4.11). This model is justified based on the aspect
ratio of the structural wall elements between the openings, which typically have aspect ratios
(height/width) greater than 1.5. For this range of aspect ratio, flexural deformations are more
important than shear.

O—F—0__

hinge
| — columns
beam
Q Q

Fig. 4.7(c) Module devel oped for the FR model

The modeling procedure for a typical wall (west wall, Fig. 4.8) is described in greater detail as
follows:

e The columns are defined by the width, thickness, and height of the wall segment considered
(Fig. 4.9). Locations for frame elements modeling the side walls are selected to provide
continuity for the steel columns supporting the roof trusses and the roof.

e The beams are defined using the same genera approach that was used for the columns (Figs.
4.10-4.11). Three kinds of beams are defined for the north, east and west walls: the upper and
lower part of the wall, where there are no openings, and the middle of the wall where
openings exist.

4-12



The moment of inertia, shear area, and axial area for the beams and columns are defined
based on the cross section. This approach is similar to the strip method for slabs (Hillerborg
1956), which allows the designer, when no external load is required to be carried by torsion,
to consider the slab as a composition of orthogonal strips. This approach has been verified in
thisreport for awall similar to the west wall (Appendix 4-C).

The beams are generally considered massless in order not to double the mass of the wall.
This assumption is part of the model evaluation process presented in Appendix 4-C. The
mass of the beam is included only where the beam is located above or below an opening.

Massless short frame elements (Fig. 4.11) are aso used to connect the shell elements
modeling the roof with the horizontal beam near the top of the wall. Without this element, the
wall and roof could separate between the vertical columns.
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(b) Analysis of the FR model

A static analysis equivalent to a 1g lateral acceleration at the roof level is conducted to compare
the lateral forces resisted by the columns representing the wall panels with the results obtained
with the FE model. The FE model is used as a reference, considering that it represents the best
available model for a building of this type. As well, severa meshes were considered for the FE
model to check convergence of the results. The main results obtained by analyzing this new
model follow:

e The fundamental period is 0.12 sec, which is consistent with the fundamental period of
the FE model.

o Thefirst five modes are described in the Table 4.6, and are in reasonable agreement with
the modes of the FE mode (Table 4.3). In general, the mode shapes correspond to
localized breathing of wall segments and roof.

Table 4.6 Five first mode shapes of the frame element model

Mode number| Period (sec) Cumulative Mass participation
X Y
1 0.124 0.025 8.86
2 0.109 0.053 22.12
3 0.097 0.066 22.12
4 0.093 0.066 22.14
5 0.091 0.367 35.11

e The maximum displacements at the roof level for a 1g static load applied in one direction
(Fig. 4.5) are presented in Table 4.7; although some variations are noted between the FE
(Table 4.4) and FR models, the displacements for the FR model are reasonable, especially
given the very low magnitudes.

Table 4.7 Maximum displacements at the roof level
due to astatic 1g force at the roof level in one direction

Displacements X direction (in) Y direction (in)

FR FE FR FE
1g in the N-S direction 0.04 0.01 0.006 0.003
1g in the E-W direction 0.006 0.006 0.08 0.13
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e The sum of the lateral forces resisted in each wall is displayed in Table 4.8 for both
loading directions with the nomenclature of Fig. 4.6. The results of the analyses of the FR
and FE models suggest that the FR model gives very reasonable results. Forces estimated
by the FR model are within 20% of the forces estimated by the FE model for the walls

resisting significant forces.

Table 4.8 Force distribution in each wall at the roof level for the FE model

FORCE (kips) 1ginthe N-Sdirection 1gin the E-W direction
Model FR FE FR/FE| FR FE FR/FE
East 56 48 1.17 1 1
West 53 53 1.00 4 2
Interior 60 73 0.82 5 3
South 3 1 65 74 0.88
North 7 1 70 70 1.00
Perpendicular 0 1 35 30 1.17
Sum 179 177 180 179

e The maximum principal tensile and compressive stress at the roof level for both loading
cases considered (Appendix 4-B2), are in the same range than for the FE model. By using
the FR model, only slight differences are noted at the roof level.

The analysis results for the frame and the finite element models are similar. Both models
capture periods, mode shapes, displacements and force distribution for the building. However,
the FR model requires less effort to construct and is computationally less intensive. For these

reasons, the frame model is used in the following sections to evauate the building.
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43 BUILDING EVALUATION

The FR model developed in section 4.2 was chosen to evaluate the expected performance of the
building according to FEMA 273 guidelines. The earthquake hazard for the site is described by
the spectrum provided by PG& E (Appendix 4-D: 10% in 50 years).

The first step is to define if a static analysis will represent accurately the building
behavior, or if adynamic analysis is necessary. Comparing the static and dynamic response of a
simple wall (Appendix 4-E) indicates that dynamic actions produce out-of-plane moments as
much as 10 times greater than those obtained by a static analysis. The breathing of the wall and
roof also imposes deformations on the roof trusses and interior columns that cannot be accounted
for in a static analysis. Given these issues, the linear or nonlinear static procedures presented in
FEMA 273 are not consistent with the mode shapes of the building. Moreover, the use of the
nonlinear dynamic procedure was not considered arealistic option (either for this project, or for a
consulting office evaluating a building of this type) when working on such a complex building.
The Linear Dynamic Procedure (LDP) of FEMA 273 is then the most appropriate method
available; therefore it is applied. The use of the LDPis reassessed based on analysis resullts.

The procedure described in Section 3.2.7. of FEMA 273 was used to establish spectral
demands. The 10-percent-in-50-years PG& E spectrum (Appendix 4-D) was imposed along one
axis of the building, and 30% of this spectrum was applied along the orthogona axis. Two
analyses were conducted: 100% in the X-direction (north-south) and 30% in the Y-direction
(east-west) [SPEC 1], and 30% in the X-direction and 100% in the Y-direction [SPEC 2]. Thirty
modes (Appendix 4-F) were considered to achieve approximately 90% mass participation.

Demand values for moment, shear, axial load, and deformation were taken from the LDP
analysis results and scaled by three different factors, C1, C2 and C3, (for force controlled
actions, the demand will be divided by the same factor later in the procedure). The various
factors take into account, respectively, the relation between the maximum inelastic displacements
and the displacements calculated for linear elastic response, the effect of hysteresis shape on the
maximum displacement response, and the increase in displacements due to second-order effects.
These factors are defined according to Section 3.3.2.3(A) of FEMA 273. A value of C1= 1.375
was computed by linear interpolation given a characteristic ground motion period To of 0.3 sec
defined from the PG&E response spectrum. C2 was taken as 1, based on a collapse prevention
limit state for framing type 2 (Table 3-1 FEMA 273) and C3=1 was assumed based also on an
estimate of T, = 0.3 sec. The simple approach, applying linear interpolation, was used to
determine C1 because the building response does not fit the model used for equation 3-13 of
FEMA 273. However, the value used for C1 does not influence the results for force-controlled

4-17



actions, which constitute a significant portion of the elements for the building (as discussed in
the following pages).

Capacities are evaluated using standard approaches. For reinforced concrete panels, the
moment capacity is evaluated for an extreme fiber concrete strain of 0.003. The BIAX program
(Wallace, 1996) is used to determine the moment-axial load interaction diagram for each section.
Concrete is modeled as unconfined using the relation by Hognestad (1951), for a peak stress of
4,000 ps at astrain of 0.002. An elastic, perfectly-plastic, stress-strain relation with ayield stress
of 40 ks is used for the reinforcing bars. The shear strength of reinforced concrete elements is
calculated using Eq.11-3 of ACI 318-95 (which is consistent with FEMA 273). Given the low
level of axia stress due to gravity load and overturning moments obtained from the SAP 2000
analyses for the walls, the influence of axial load on shear strength is neglected. Sample
calculations are given in Appendix 4-G.

Capacities for steel elements are determined using AISC LRFD (1995) procedures. A
yield stress of 45 ks is assumed based on the information provided in the structural drawings.
For the roof-truss elements, failure modes for gross-section-yielding (GSY), net section fracture
(NSF) and block shear (BS) are checked for 5/8” diameter rivets according to the drawings.
Sample calculations are provided in Appendix 4-H.

Acceptance criteria for each element is checked using the FEMA 273 recommendations
(Section 3.4.1 and 3.4.2.) as outlined below:

« Deformation-controlled actions are used for flexure in the interior steel columns and out-
of-plane bending for the walls.

mkQqp > Qyp (4-1)

o Force-controlled actions are used for the other elements of the building.

Q ur (4-2)
C,*C,*Cy
where m is the element demand modifier to account for the expected ductility of the deformation
associated with the action for the given performance level, and x is a knowledge factor.
According to Section 2.7.2 (FEMA 273), x of 0.75 should be used for this case to compensate
the minimum level of knowledge concerning the structure.

k0 >
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Given the large number of elements that made up the structural system, it was not
realistic within this project to evaluate each of them. Therefore, for each type of element, several
elements are selected in critical regions (defined from the SAP 2000 analysis results) to assess
expected building performance, as well asto present the overall approach.

Results of the LDP are presented in four sections:
(@) Roof: displacement and genera behavior,

(b) Walls: moment and shear capacity (the east and west walls were considered to be the most
critical elements, considering the numerous openings),

(c) Built-up steel columns supporting the roof: moment and shear capacity, buckling, resistance
in compression,

(d) Roof truss members. moment and shear capacity, resistance in compression and tension.

4.3.1 Fixed-Base Model

Because construction details for the wall to foundation connections are not available, two
analyses are conducted, one for a fixed-base condition and the other for a pinned-base condition.
Specific results for the fixed-base model are presented and discussed in the following
paragraphs. Results for the pinned-base model will be presented later.

The fundamental period of the fixed base model is 0.12 sec., which is consistent with the
fundamental period of the FE model (also fixed base).

(a) Roof

The displacement at the roof level have been defined from the SAP 2000 model and are
presented in Table 4.9.

Table 4.9: Displacement results at the roof level (*C1*C2*C3)

Spec 100% X - 30% Y |Spec 30% X - 100% Y
Max Displacement in X dir. (in) 0.03 0.01
Max Displacement in Y dir. (in) 0.02 0.05
Max Drift in X dir. (%) 0.007 0.003
Max Drift in Y dir. (%) 0.005 0.015
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Note: FEMA 273 provisions are likely poor for periods of less than 0.3 sec because the values of
C1 are too small to correctly estimate the inelastic displacements. However, the building is very
stiff; the building is behaving in the elastic range, and so the value used for C1 has negligible
impact on the evaluation.

(b) Walls

Because of the numerous openings in the north and east walls, the strength is reduced relative to
other locations and thus the demand/capacity ratio of these elements is higher. Results are
presented for the east and north walls, which are likely to have the highest demand/capacity
ratios compared to the other walls. The demand applied to each element is based on the results of
the SAP 2000 analysis.

It isimportant to notice that:

e The demand values displayed in the following tables are multiplied by the factor C1* C2*C3
(Section 3.3.2.3.A FEMA 273), and so are fictitious. They are designed to represent
displacements and not forces. These values are appropriate for deformation-controlled
elements but they will be divided by the factor C1* C2* C3 for force controlled el ements.

e For the out-of-plane moment, assumed to be deformation-controlled, the element demand
modifier, m, has been defined equal to 4 (Table 6-11 of FEMA 273). The in-plane-moment
and the shear are considered force-controlled actions.

East Wall: Wall sections between the large openings are evaluated using standard procedures.
Cross section and material information to define the moment capacity of these panels are
presented in Appendix 4-G
(i) Demand obtained from analysis

Table 4.10(a) Maximum demand on the east wall panels

Load case P (k) Vx (K) Vy (k) [Mx (Kip-in)[My (Kip-in)
100% X, 30% Y 29 69 4 261 5743
30% X, 100% Y 36 68 11 778 4034

(i) Capacity

The moment capacities are obtained with BIAX Program (Wallace, 1996) from P-M interaction
diagrams. Assumptions and input files are displayed in Appendix 4-G. Shear capacity is
determined using ACI 318 95 & LRFD 95.
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Moment capacity

Shear capacity

(iii) Evaluation

(iv) Discussion

Mnx

M,, = 21700 kip-in

=1 200 kip-in

V, =24, f +0.6f,dt, =162 kips

Table 4.10(b) Acceptance criteria

Load case Vu/®Vn Mx/®Mnx My/®Mny
in-plane in-plane out-of-plane
100% X, 30% Y 0.42 0.21 0.09
30% X, 100% Y 0.41 0.63 0.06

Ratios displayed in Table 4.10(b) indicate that demands on the element are significantly less than
capacity; therefore, acceptable performance is expected. The factor used for C1