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ABSTRACT 

Many steel buildings, especially those with special moment-resisting frames (SMRFs), suffered 

failures at their column base connections during the 1995 Kobe, Japan, and the 1994 Northridge, 

and 1989 Loma Prieta, California, earthquakes. These failures prompted a need to investigate the 

reliability of current column base designs.  

A parametric study was carried out on a typical low-rise building in Berkeley, California, 

featuring a SMRF with column base rotational stiffness varying from pinned to fixed. Pushover 

and nonlinear time history analyses carried out on the SMRFs indicate that the seismic demand 

in SMRFs with stiff column base connections approaches that of SMRFs with fixed column 

supports. Reduction in the connection’s stiffness resulted in damage concentration that could 

induce an undesirable first-story soft-story mechanism. System reliability analysis of the base 

plate connection was carried out to evaluate the system’s safety with respect to its diverse failure 

modes, as well as the adequacy of the limit-state formulation based on the AISC Design Guide 

No. 1-2005 procedure.  

This study illustrates the importance of an accurate evaluation of the mechanical 

characteristics, the reliability, and the failure modes of the column base connection, and provides 

guidance for formulating performance-based design criteria, including important considerations 

of the economic feasibility of the structure.  
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1 Introduction  

1.1 BEHAVIOR OF STEEL MOMENT-RESISTING FRAMES  

Steel special moment-resisting frames (SMRFs) are one of the most commonly used lateral load-

resisting structural systems. They are considered to be most effective for this function due to 

their high ductility and high energy-dissipation capacity due, in turn, to plastic hinge formation 

in the beams and the column bases, and joint panel zone shear deformation. The ability of 

SMRFs to resist lateral load is provided by frame action: the development of bending moments, 

and shear forces in the frame members and joints. Due to their high ductility, U.S. building codes 

assign the largest force reduction factors to SMRFs, thus obtaining the lowest lateral design 

forces for an equivalent static analysis. From an architectural standpoint, SMRF systems permit a 

very effective use of space and maximum flexibility for openings layout, due to the absence of 

bracing elements or structural walls.  

However, the effectiveness of a typical low-rise moment-resisting frame depends on the 

rotational stiffness of the column base connection, a property that differs greatly with the 

configuration of the base plate connection. For example, if the base plate is thin and its footing 

area is close to the size of the column, the base plate will present almost no impedance to 

rotation of the column and will behave as a pinned connection. On the other hand, if the plate is 

thick or sufficiently stiff, the arrangement and size of the anchor bolts are adequate, and the 

footing area is large, the base plate will greatly resist rotation of the column, and the column base 

will approach the behavior of a fixed support. In between these two extremes are partially 

restrained or semi-rigid connections, which can be approximated by rotational springs of varying 

stiffness values.  
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In order for the frame to achieve sufficient lateral stiffness and comply with code 

provisions for drift control, the dimensions of the frame elements can become significant. 

Reduction in the column base stiffness and strength due to inadequate detailing, poor 

workmanship, deterioration of foundation concrete, long-term deformations, or cumulative 

damage from previous earthquakes also can lead to an important increase in the displacement 

demand of the frame. Larger drifts of the frame will cause higher structural and nonstructural 

damage, resulting in high repair costs after a significant earthquake. Large drifts can also lead to 

a soft-story mechanism and buckling instability hazard due to P-Delta effects.  

Observations after the 1994 Northridge and 1989 Loma Prieta, California, earthquakes 

suggest that the rotational stiffness of base plate assemblages significantly affected the damage 

suffered by structures not only directly to the base plate but also to other parts of the frame 

(Bertero, Anderson, and Krawinkler 1994; Youssef, Bonowitz, and Gross 1995). Investigation of 

this effect is one of the main goals of this report.   

1.2 THEORETICAL BEHAVIOR OF BASE PLATE CONNECTION  

A typical column base connection between the column of a steel moment-resisting frame and its 

concrete foundation, commonly used in U.S. steel construction today, consists of an exposed 

steel base plate supported on unreinforced grout and secured to the concrete foundation using 

steel anchor bolts. This moment-resisting connection is generally subjected to a combination of 

high bending moments, and axial and shear forces. A number of steel buildings, particularly low-

rise moment-resisting frame systems, developed failure at the column base plate connection 

during the 1995 Kobe, Japan, and the 1994 Northridge and 1989 Loma Prieta, California, 

earthquakes due to such severe load combination. It was found (Bertero et al. 1994; Youssef et 

al. 1995) that the rotational stiffness and strength of the base plate assemblages affected the 

damage these structures suffered not only directly in the column bases, but also in other parts of 

their lateral load-resisting frames. The theoretical behavior of an exposed base plate connection 

can be explained as follows. 

In a base plate connection, column axial forces are transmitted to the base plate through 

the gross cross-section area of the column, where both flanges and web are effective. Depending 

on the base plate flexural stiffness, the bearing stress on the supporting concrete foundation can 

vary from uniform throughout the entire base plate for thick plates, to irregular with stress 
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concentrations under the column flanges and web for thin plates, where only part of the plate 

area is effective in transmitting compression to the concrete foundation.  

As lateral load due to wind pressure or earthquake ground motion increases, the 

compression stress bulb on the supporting concrete foundation shifts from the center of the 

column toward the edges of the base plate in the direction of the applied load. For thick or stiff 

plates, a behavior similar to rigid body rotation occurs with respect to the base plate centroid, 

producing maximum strain and stresses at the edges of the plate. Due to plate bending in the case 

of thin base plates, the bearing stress concentration is located under the column flanges in 

compression. As concrete fibers reach their ultimate capacity, the resulting stress distribution in 

both cases flattens and becomes more uniform. In most design methods the stress distribution is 

approximated for simplicity as an equivalent rectangular distribution, similar to the Whitney 

compression block used in reinforced concrete load resistant factor design (LRFD) (ACI 318, 

2002). On the other side of the column, the tension in the column flange induces tensile forces in 

the anchor bolts, necessary to maintain vertical force and moment equilibrium in the case of 

moderate to large eccentricities.  

The column bending moment is resisted by coupled tension-compression force, with a 

lever arm equal to the distance between the resultant of the concrete bearing stresses on the 

compression side of the base plate and the centerline of the anchor bolts on the tension side. The 

maximum bending demand in the base plate is the greater of the effects of cantilever bending on 

the tension side of the plate caused by tensile forces in the column flange and in anchor bolts, or 

cantilever bending due to bearing stress distribution on the compression side (Drake, Elkin 

1999). In the center of the plate, in the transition zone between tension and compression, the 

plate is subjected to high shear stresses.  

The shear resistance and horizontal force equilibrium of the column base connection is 

provided by a combination of three mechanisms: (1) friction along the contact area between the 

concrete surface and the steel base plate, which can be taken as the effective bearing area 

resisting compressive loads; (2) bending and shear in the anchor bolts; and (3) bearing of shear 

lugs installed underneath the base plate (or the side of the base plate if it is embedded) against 

the adjacent concrete or grout. 
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1.3 PREVIOUS RESEARCH ON COLUMN BASE BEHAVIOR AND SPECIAL 

MOMENT-RESISTING FRAME RESPONSE 

An extensive literature review was carried out related to base plate connections and special 

moment-resisting frame (SMRF) design and response under seismic loading. 

A number of methodologies for the design of column base plate connections under 

various load conditions are found in the literature. Among them are the Drake and Elkin method 

(Drake and Elkin 1999), the AISC Design Guide No.1-1990 (DeWolf and Bicker 1990), the 

AISC Design Guide No.1-2005 (Fisher and Kloiber 2005), the Astaneh, Bergsma and Shen 

method (Astaneh 1992), and the Wald component method (Wald 2000). These methods are 

based on different assumptions for Allowable Stress Design or Load and Resistance Factor 

Design approaches, and on bearing stress distribution, effective bearing area due to plate 

bending, and interaction between the components of the connection. A comparative study of 

these design methods (Aviram and Stojadinovic 2006) found significant differences in the 

resulting dimensions of the connection, under conditions of small, moderate, and large 

eccentricities. These variations included the base plate thickness, the concrete bearing length and 

location of the stress resultant, the governing failure mode of the base plate (between the 

compression or tension side) and the diameter of the anchor bolts. The most recent method 

presented in the AISC Design Guide No. 1-2005 (Fisher and Kloiber 2005) is already widely 

implemented in current U.S. engineering practice.  

Reliability analysis of a column base connection in a moment-resisting frame, based on 

the AISC Design Guide No. 1-2005 procedure, has not been carried out to date. Yet, such 

reliability analysis is needed to assess the safety of this important structural component with 

respect to its diverse failure modes and to evaluate the adequacy of the design method and limit-

state formulation. A sensitivity analysis of the different components of the column base 

connection is needed to identify the critical parameters in the design process. A model 

uncertainty analysis using actual test data, carried out by comparing the observed and expected 

behavior of the connection, will assist in evaluating and adjusting the design procedure for base 

plate connections. 

Recent experimental, analytical, and parametric studies of exposed base plate connections 

(Lee, Goel, and Stojadinovic 2003; Fahmy, Stojadinovic, Goel and Sokol 1999; Fahmy, Goel, 

and Stojadinovic 1999; Burda and Itani 1999; Li, Sakai, and Matsi 2000; Wald 2000; Cabrero 
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and Bayo 2005, etc.) provide some insights on the concrete bearing stress distribution, the anchor 

bolt behavior, the shear resistance mechanisms, the base plate yielding line patterns, the force 

flow throughout the assembly, the evaluation of the connection’s semi-rigidity degree, the 

component interaction and relative stiffness, the biaxial bending, as well as the desired overall 

ductility and actual strength of the connection including steel strain-hardening properties. The 

above-mentioned column base design procedures available in practice do not readily incorporate 

such considerations.  

The unexpected failures of base plate connections in recent earthquakes (Bertero, 

Anderson, and Krawinkler 1994; Youssef, Bonowitz, and 1995), detailed according to the 

available design procedures, as well as the significant variations in the resulting dimensions of 

the connection components following each methodology, prompts an urgent need to continue 

investigating with greater accuracy the connection characteristics and the different unresolved 

issues mentioned above, partially addressed in recent studies. 

A parametric study aimed at evaluating the effects of using semi-rigid models for 

moment-resisting column bases was conducted by Stojadinovic et al. (1998). Two typical three-

story steel moment-resisting frame buildings designed according to U.S. codes were modeled in 

SNAP-2D and FEAP. The column bases were modeled as rotational springs with a varying 

degree of stiffness and strength to simulate a range of semi-rigid behavior, from fixed to pinned. 

A pushover analysis was carried out for the buildings, examining the resulting force-deformation 

relationship for the frame and the sequence in the plastic hinge formation. A time history 

analysis was performed as well to verify some of the results. Additional parameters and effects 

related to the frame response, such as mode shapes, rotational demand on plastic hinges, 

moment-rotation relationship of the column bases, joint equilibrium and strong column–weak 

girder provision, distribution of damage throughout the building, and post-earthquake repair 

costs, were not examined in this parametric study. 

A practical implementation of the PEER Center performance-based earthquake 

engineering (PBEE) methodology was developed (Yang 2005, 2006) to evaluate the earthquake 

damage to structural framing systems and the repair costs associated with restoring the buildings 

to their original conditions. This evaluation procedure includes a fully consistent, probabilistic 

analysis of the seismic hazard and structural response of the building system. As a part of the 

ATC-58 project for the development of next-generation performance-based seismic design 

procedures for new and existing buildings, the PEER methodology was used to evaluate three 
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different lateral force-resisting systems: a special moment-resisting frame (SMRF) with a fixed 

base, a special concentrically braced frame, and a special eccentrically braced frame  (Yang et al. 

2006). A series of time history analyses of the building using a suite of ground motions that 

represent the hazard at the building site is performed and several engineering demand parameters 

(EDPs) of interest are recorded. The EDPs selected for this project consist of interstory drifts and 

floor accelerations. A lognormal distribution is used to fit the data obtained from the nonlinear 

dynamic analyses. Monte-Carlo simulation is used to generate additional EDPs based on the 

fitted distributions, from which distributions of damage measures (DM) and decision variables 

(DV), such as repair costs of the buildings with different lateral force-resisting systems, are 

generated to assist in the selection of a structural system among several competing systems for a 

building. The same PBEE methodology can be readily applied to evaluate the effect of 

foundation details, specifically the rotational stiffness of column bases in SMRFs, on the post-

earthquake repair cost of buildings with SMRF lateral force-resisting systems.  

1.4 PROJECT GOALS AND OBJECTIVES  

This research report focuses on the evaluation of the strength, the failure modes, and the 

reliability of a typical steel column base plate connection detailed according to the latest design 

provisions, and the effect of its rotational stiffness on the structural response and repair costs of a 

low-rise special moment-resisting frame subjected to seismic loading. The final objective of the 

project is the assessment of the desired behavior of the column base connection in terms of its 

strength and rotational stiffness. Considerations of the structural stability, predictable ductile 

response, as well as the economy of the moment-resisting frame analyzed, are the main aspects 

of such assessment. These main research goals were achieved through coordinated work divided 

into the subsequent four phases: 

 

Phase 1: Pushover Analysis of SMRF 

The nonlinear static (pushover) analysis of a typical low-rise SMRF carried out to evaluate 

different aspects of its structural response for varying column base rotational stiffness was 

performed with the following intermediate objectives to: 
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• Determine the seismic demand on the frame in terms of the maximum inelastic 

displacement obtained from a uniform-hazard response spectrum for a Collapse 

Prevention structural performance level. 

• Determine the force pattern of the pushover based on the first-mode shape of the frame 

for different values of column base rotational stiffness.  

• Analyze the resulting deformed shape of the frame in terms of story displacements and 

interstory drifts. 

• Determine the hierarchy in the formation of plastic hinges in the frame and the 

effectiveness of the final collapse mechanism obtained. 

• Capture the pushover response curves and evaluate the strength and ductility 

characteristics of the frame for varying column base stiffness. 

• Analyze the seismic demand on the frame in terms of base joint reactions, base shear, and 

overturning moment of the frame. 

• Evaluate the seismic demand on the base plate connections through moment-rotation 

curves of the column bases for varying rotational stiffness values. 

• Evaluate the stable and predictable behavior and distribution of damage in the frame in 

terms of the rotational demand on plastic hinges and the column-girder moment ratio 

obtained through joint equilibrium. 

 

Phase 2: Time History Analysis of SMRF 

Several key aspects of the structural response of a typical low-rise SMRF with varying column 

base rotational stiffness subjected to earthquake ground motions were evaluated through 

nonlinear dynamic analysis. A validation of the pushover analysis results of Chapter 2 was 

carried out by comparison to the results obtained using a different structural analysis program. 

The seismic response of the frame was evaluated through the following intermediate stages:  

• Determination of the seismic demand on the frame in terms of an acceleration time 

history by selection and scaling of ground motion records applicable for the building site, 

for the Collapse Prevention structural performance level. 

• Analysis of the resulting deformed shape of the frame in terms of story displacements and 

interstory drifts obtained from displacement response histories. 

• Analysis of the seismic response of the frame in terms of base joint reactions and total 

base shear obtained from the time history analysis of the frame. 
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• Comparison of the base shear results obtained from a nonlinear static (pushover) and 

nonlinear dynamic (time history) analyses. 

 

Phase 3: Performance-Based Earthquake Engineering: Repair Cost Evaluation of SMRF 

The evaluation of the effect of column base rotational stiffness on the post-earthquake repair cost 

of a typical low-rise special moment-resisting frame was carried out using the PEER Center 

Performance-Based Earthquake Engineering (PBEE) methodology. The evaluation of several 

frame column base models including the fixed, semi-rigid, and pinned column base is carried out 

for different seismic hazard levels. This repair costs assessment is performed through the 

following intermediate stages: 

• Determination of the seismic demand in terms of the pseudo-spectral acceleration of the 

first-mode period of each frame obtained from uniform-hazard curves specified for the 

building site.  

• Selection and scaling of ground motion records corresponding to each hazard level 

considered for the analysis. 

• Determination of the interstory drifts and floor accelerations computed for each moment-

resisting frame for varying column base rotational stiffness and different hazard levels 

using nonlinear time history analysis.  

• Determination of performance groups and repair costs fragility curves applicable for the 

structural system and building type. 

• Determination of the total repair costs and their disaggregation by performance groups 

for each frame with varying column base rotational stiffness using the PBEE 

methodology. 

 

Phase 4: Reliability and Sensitivity Analysis of a Base Plate Connection in a SMRF 

The implementation of the system reliability analysis of an exposed base plate connection in a 

typical SMRF presented the following intermediate objectives: 

• Design an exposed base plate connection for the column base of the SMRF analyzed in 

phases 1–3, following the most recent design criteria. The demand values used for the 

design correspond to the critical combination of joint reactions obtained from phases 1 

and 2.  
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• Identify the random variables in each failure mode of the base plate connection and their 

corresponding mean values, standard deviations, coefficients of variation or tolerances, 

and distributions. 

• Identify the different failure modes in the base plate connection and formulate a limit-

state function for each mode, based on the unbiased LRFD design procedures without 

load amplification and capacity reduction factors. The formulation includes model 

correction factors (as random variables) to account for deviations from the analytical 

model. 

• Perform a component reliability analysis of each failure mode of the base plate 

connection to compute the normal unit vector parameters and reliability indices.  

• Perform a system reliability analysis of the connection considering the multiple failure 

modes.   

• Evaluate the dominating failure modes and the reliability of unfavorable brittle and 

favorable ductile modes.  

• Implement a sensitivity analysis to identify the individual contribution of limit-state 

parameters or distribution parameters to the system reliability.  

1.5 REPORT LAYOUT 

The following four chapters of this report cover the four research phases presented above. 

Additional details of the analyses conducted in each phase are presented in the Appendices. A 

summary of the findings and recommendations for future work are presented in the last two 

chapters of the report.  

 

 

 



 

2 Pushover Analysis  

2.1 GENERAL PURPOSE 

A pushover analysis was carried out for a typical low-rise special moment-resisting frame, 

selected for the ATC-58 project, to evaluate the effect of the column base rotational stiffness on 

different aspects of the structural response of the frame. Five SMRFs were analyzed: each has a 

different column base rotational stiffness varying from fixed to pinned, determined to equally 

span the range between the first-mode periods of the two extreme case models. The displacement 

demand used in the pushover analysis of each frame was determined from the response spectra 

developed for the Seismic Guidelines for UC Berkeley Campus, corresponding to the assumed 

ATC-58 building site. 

2.2 METHODOLOGY  

The parametric study of the effect of the column base connection on the seismic demand and 

behavior of a typical low-rise moment-resisting frame was carried out using a three-story, three-

bay frame in the building designed for the ATC-58 PEER project located on the Berkeley 

campus. The geometry and dimensions of the building are shown in Figure 2.1. 



 12 
 

 

Fig. 2.1  Floor plan of ATC-58 project building.  

 

In each principal direction of the building there are two moment-resisting frames, 

consisting of three continuous bays (eight columns in total), designed to achieve maximum rigid-

frame action. The moment-resisting frames were positioned around the perimeter with a 

symmetrical distribution in order to increase the resistance of the building to overall torsion due 

to accidental or intended eccentricities between the building’s center of mass and rigidity or 

asymmetric lateral loading.  

The software used for the nonlinear static (pushover) analysis of the building was 

SAP2000 Nonlinear. The 2D model of the moment-resisting frame included the adjacent gravity 

frames. Those frames were modeled with shear or pinned beam-column connections, with the 

purpose of isolating the seismic demand to the lateral load-resisting system. Accounting for the 

relatively small contribution of the gravity frames to the lateral stiffness of the building is 

required in order to determine the actual behavior of the moment-resisting frame with greater 

accuracy required in this column base rotational stiffness study. The geometrical configuration 

and modeling assumptions of the analyzed frame are shown in Figure 2.2. 
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Fig. 2.2  Dimensions and modeling assumptions of the frame.  

The beam-column length ratio is 1:2 (14′:28′) which is an efficient aspect ratio commonly 

used for gravity- and lateral-load resisting frames. Even though the columns and girders in the 

SMRF have distributed inelasticity, they were modeled as one-component elements in SAP2000 

Nonlinear due to their dominant double-curvature bending. Therefore, the model included elastic 

elements for the beams and columns with possible plastic hinges forming at the ends. The 

inelastic behavior of the hinges was determined as rigid with a post-yield hardening slope of 3% 

of the elastic stiffness, as shown in Figure 2.3.   

 

Fig. 2.3  Plastic hinge model (one-component model in SAP2000 Nonlinear).  
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The design process conforming to the AISC Seismic Provisions 2002, considering steel 

Grade 50, resulted in sections for the beams and columns of the moment-resisting frame, as well 

as those of the gravity frames, illustrated in Figure 2.4.  

 

 

Fig 2.4  Frame element section sizes.  

The column bases were modeled with displacement constraints and rotational springs 

with stiffness varying from 0 (pinned, P) to 2.0e6 or infinity (fixed, F). The stiffness for each 

model was selected based on the structure fundamental vibration period, spanning from 1.16 sec 

for the pinned to 0.81 sec for the fixed case. In addition to the SMRF with pinned and fixed 

column bases, five SMRFs with partially restrained column bases (SR1–SR5) were modeled. A 

typical measure for the degree of semi-rigidity of a column base connection is the normalized 

stiffness Knorm (normalized with respect to the column rotational stiffness EI/Lcol). The 

normalized stiffness Knorm with a value between 0.5EI/Lcol and 18EI/Lcol represent a realistic 

semi-rigid or partially restrained connection (Astaneh 1992). The parameters E, I, and L 

represent the elastic modulus, the moment of inertia, and the height, respectively, of the steel 

column connecting to the concrete foundation. 

The values of the lumped mass and lateral constraints used for the modal analysis to 

determine the modal shapes (eigenvectors) and periods (obtained from the eigenvalues) for all 

frames are illustrated in Figure 2.5. 
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Fig. 2.5  Mass and constraints of the frame.  

 

The pushover analysis was carried out following the modal analysis, thus obtaining a 

lateral force distribution along the height of the building proportional to the first modal shape of 

each frame. The displacement demand at the roof level, which is the limit for the pushover 

analysis, was determined for each frame based on a design spectra developed for the site location 

on the UC Berkeley campus. The earthquake hazard level used for the pushover analysis was the 

2% in 50 years PE (PE), which corresponds to the Collapse Prevention performance level. 

Since the frame was pushed up to 5% of the story height, P-Delta effects were included in 

the nonlinear analysis of the frame model. Thus, in addition to the lateral pushover forces applied 

to the structure, gravity loads were also considered, proportional to the tributary dead and live 

loads, and applied as point loads at the beam-column joints.  

The pushover analyses compared the strength and stiffness of different frame models, 

analyzing in detail the effect of varying column base rotational stiffness on the fundamental 

period and mode shapes, base shear and overturning moment, joint reactions, frame pushover 

curve, moment-curvature relation of the column base connection, formation sequence of beam 

and column plastic hinges and rotational demand, story displacement, deformation mechanisms, 

and interstory drift. 
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2.3 DEMAND ANALYSIS 

The procedure for determining the seismic demand used for the displacement-controlled 

pushover analysis of the five different SMRFs is presented in this section. The elastic 

displacement demand on each frame was determined from a response spectra curve for the 

building site for a hazard level corresponding to the Collapse Prevention performance level. The 

coefficient method from FEMA 356 was used to determine the inelastic displacement demand of 

the frames. The force pattern for the pushover analysis selected was the first-mode shape of each 

frame, obtained through modal analysis.  

2.3.1 Response Spectra  

Each SMRF model has a different first-mode period T1 and a corresponding different spectral 

acceleration Sa and spectral displacement Sd. The pseudo acceleration response spectra Sa vs. T1 

used for the pushover analysis was the uniform-hazard acceleration design spectra with normal 

fault-rupture directivity effects as defined in the Seismic Guidelines for UC Berkeley Campus 

for a collapse level earthquake, defined to be a 2% in 50 years event (see Fig. 2.6).  

 

Fig. 2.6 Uniform-hazard pseudo-acceleration response spectra with normal fault-rupture 
directivity effects (Source: Seismic Guidelines for UC Berkeley Campus). 
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The displacement spectra was also generated from the pseudo-spectral acceleration using 

Newmark and Hall’s procedure to determine the displacement demand or maximum roof 

displacement for the Collapse Prevention performance level. The values of the periods, spectral 

pseudo-acceleration, and spectral displacements for the Collapse Prevention performance level 

are summarized in Table 2.1. 

Table 2.1  Spectral accelerations and displacements for models F–P. 

Model T Sa/g Sd

(sec) (in)
F- Fixed 0.81 1.62 10.37

SR5 0.84 1.56 10.77
SR4 0.88 1.49 11.25
SR3 0.95 1.38 12.13
SR2 1.02 1.29 13.04
SR1 1.09 1.21 13.91

P- Pinned 1.15 1.14 14.72  

2.3.2 Mode Shapes  

Although the mass is distributed throughout the building, it was idealized as a concentrated mass 

at the nodes or beam-column intersection. The effect of the horizontal rigid diaphragm of the 

floor system constrains the axial deformation of the girders, thus obtaining one lumped mass at 

each level and eliminating joint rotations. For a three-story frame (low-rise building), the axial 

deformations of the columns can be neglected and only the horizontal translational degree of 

freedom was considered, resulting in three modes for the entire building. The variation with base 

fixity of the first mode (eigenvector), normalized with respect to the roof degree of freedom, can 

be seen in Figure 2.7. Appendix A presents similar plots of the second- and third-mode shapes. 
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Fig. 2.7  Variation of first-mode shape with base fixity.  

The first mode of the frame is close to linear; concentration of deformation in the first 

story increases with decreasing base fixity. The slope of the mode shapes for the cases of models 

P and SR1 indicate the tendency for a first soft-story mechanism. For the fixed case F, SR5, and 

SR4, the deformation of the frame is concentrated in the second and third levels, while for cases 

SR2 and SR3 the constant slope of the mode shape indicates a uniform deformation demand 

throughout the height of the building. While the shape of the first modes does not vary 

significantly among the frames, the small variations at each horizontal degree of freedom or 

story can induce significant changes in the demand on and performance of the building, as will 

be demonstrated in the present study.  

2.3.3 Modal Participating Mass Ratios  

The results of the modal analysis for each frame, including the fundamental periods and mode 

shapes, are presented in Table 2.2.  
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Table 2.2  Modal participating mass ratios UX and mode shapes. 

Case Mode Period UX SumUX
Sec (%) (%) N3 N2 N1

1 0.8 81.3 81.3 1.0 0.6 0.2
2 0.2 14.5 95.7 1.0 -1.1 -1.1
3 0.1 4.3 100.0 1.0 -2.9 4.6
1 0.8 83.2 83.2 1.0 0.6 0.3
2 0.2 13.4 96.6 1.0 -1.0 -1.2
3 0.1 3.4 100.0 1.0 -2.9 4.1
1 0.9 85.2 85.2 1.0 0.7 0.3
2 0.3 12.1 97.4 1.0 -1.0 -1.2
3 0.1 2.7 100.0 1.0 -2.8 3.7
1 0.9 88.0 88.0 1.0 0.7 0.4
2 0.3 10.1 98.1 1.0 -0.8 -1.2
3 0.1 1.9 100.0 1.0 -2.7 3.3
1 1.0 90.1 90.1 1.0 0.7 0.4
2 0.3 8.4 98.5 1.0 -0.7 -1.1
3 0.1 1.5 100.0 1.0 -2.7 3.1
1 1.1 91.6 91.6 1.0 0.7 0.4
2 0.3 7.2 98.8 1.0 -0.7 -1.1
3 0.1 1.2 100.0 1.0 -2.7 3.0
1 1.2 92.8 92.8 1.0 0.8 0.5
2 0.3 6.2 99.0 1.0 -0.6 -1.1
3 0.1 1.0 100.0 1.0 -2.6 2.9

SR3

SR2

SR1

P

Mode Shape φ

F

SR4

SR5

 

 

The contribution of the first mode becomes more pronounced with decreasing base fixity, 

as shown in Figure 2.8. For models SR2, SR1, and P only the first mode is required for a static 

analysis, as the modal participating mass is over 90%, which is the minimum established by 

UBC 1997. In contrast, the contribution of the other two modes becomes more significant with 

increasing base fixity, and for cases SR3, SR4, SR5, and F the first and second modes are 

required to obtain a minimum of 90% participating mass for a static analysis of the frame.  
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Fig. 2.8  Variation of participating mass ratio with base fixity.  

The frame exhibits a dominant first-mode behavior with a mass contribution of over 80% 

in all cases of base fixity, and therefore the pushover analysis was carried out proportional to the 

first mode. Based on this analysis, the third mode can be omitted from the analysis for regular 

SMRFs with similar characteristics. 

2.3.4 Modal Periods 

The first-mode period was determined carrying out modal analysis of 12 frame models with 

varying column base stiffness from 0 to infinity. The results are presented in Table 2.3. The first-

mode period is decreasing exponentially with increasing base fixity (see Fig. 2.9), with an 

asymptote of T1=0.81 sec for the fixed case or for infinite rotational stiffness of the column base 

connection. This variation indicates a general tendency for increase in the lateral stiffness of the 

frame while the mass is maintained constant for all models. The stiffness parameters of the 5 

semi-rigid models (SR1–SR5) were defined to span the period range between the pinned and 

fixed support behaviors. The semi-rigid models represent more realistic column base plate 

assemblies. For models with normalized rotational stiffness Knorm> 4.0EI/Lcol, there is a linear 

and less sensitive variation of the period. An exponential regression was carried out for the 

period of the frame in terms of the relative or normalized rotational stiffness of the column base 

plate connection (see Fig. 2.9).  
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Table 2.3  Variations of first-mode period with base fixity. 

Model K Knorm T1 (sec)
(K-ft/rad) (sec)

F 2.0E+06 18.17 0.81
SR5 1.0E+06 9.09 0.84

7.5E+05 6.82 0.85
5.0E+05 4.54 0.87

SR4 4.0E+05 3.63 0.88
3.0E+05 2.73 0.90
2.0E+05 1.82 0.92

SR3 1.5E+05 1.36 0.95
SR2 6.5E+04 0.59 1.02

5.0E+04 0.45 1.04
SR1 2.5E+04 0.23 1.09

P 0.0E+00 0.00 1.16  
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Fig. 2.9  Variation of first-mode period with base fixity.  

2.3.5 Displacement Demand  

Based on the first-mode period T1 for each model, the corresponding design elastic displacement 

Sd,el is determined from the design response spectra. The spectra was developed based on a 2% in 

50 years PE (2475-yrs return period) corresponding to the Collapse Prevention performance 

level.  

The displacement demand on the structure was determined using the first-mode shape φ1. 

These values were modified based on the modal contribution factor Γ1 and coefficients C0–C4 
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from the FEMA 356 coefficient method, accounting for inelasticity, hysteretic loop shape, P-Δ 

effects, and structural quality. Thus, the maximum inelastic displacement Sd,inel expected at the 

roof level, used in the pushover analysis, is different for each model and exhibits an increasing 

tendency with decreasing stiffness of the column bases, varying from 16.25 in. for the fixed case 

to 23.07 in. for the pinned case (corresponding to 3.2% and 4.6%, respectively, of the building 

total height). That is, the displacement demand on the structure increases by 42% when the 

column base rigidity is reduced from fixed to pinned. The results for the rest of the models are 

presented in Table 2.4.  

Table 2.4  Displacement demand.  

Model δmax Δmax

(in) (%H)
F- Fixed 16.25 3.22

SR5 17.06 3.38
SR4 17.86 3.54
SR3 19.01 3.77
SR2 20.17 4.00
SR1 21.29 4.22

P- Pinned 23.07 4.58  

2.4 DISCUSSION OF RESULTS  

2.4.1 Story Displacement  

Since the displacement demand increases with decreasing base fixity and reduction of the lateral 

stiffness for each model, the corresponding displacements at each story of the frame are larger 

for the pinned case, with a linear variation throughout the height proportional to the first mode of 

deformation (see Fig. 2.7).  

The slope of the displaced shapes for the cases of models P and SR1 exhibit a tendency to 

develop a first soft-story mechanism due to the concentration of deformation in the first story. 

For the fixed case F, SR5, and SR4, the deformation of the frame is concentrated in the second 

and third levels, while for cases SR2 and SR3 the slope of the displaced shape is almost linear, 

indicating a uniform deformation demand throughout the height of the building.  
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Fig. 2.10  Story displacement for models F–P.  

Such behavior of the frame with a semi-rigid column base plate connection is desirable in 

order to obtain a uniform distribution of the demand on the frame elements in the elastic range or 

for the Immediate Occupancy (IO) performance level, and to avoid the concentration of damage 

in the plastic hinges in a certain story for the inelastic range of demand, corresponding to the 

cases of Life Safety (LS) and Collapse Prevention (CP) performance levels. The results of the 

story displacements and drifts for each model are summarized in Table 2.5. 

Table 2.5  Story displacements and interstory drifts.  

Case
N3 N2 N1 N3-N2 N2-N1 N1-N0

F -16.25 -10.34 -4.58 3.52 3.43 2.73
SR5 -17.06 -10.92 -4.89 3.65 3.59 2.91
SR4 17.86 11.49 5.20 3.79 3.74 3.10
SR3 -19.01 -12.32 -5.66 3.98 3.97 3.37
SR2 20.17 13.47 6.52 3.99 4.13 3.88
SR1 21.29 14.76 7.62 3.89 4.25 4.53

P 23.07 16.49 8.94 3.92 4.49 5.32

Displacement Δ/H (%)-Drift
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2.4.2 Interstory Drifts  

The interstory drift variation along the height for each model, as well as the established limits in 

the U.S. design codes for the Immediate Occupancy, Life Safety, and Collapse Prevention 

performance levels are shown in Figure 2.11. 
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Fig. 2.11  Interstory drifts.  

The interstory drift distribution for the cases of the P and SR1 models strongly resembles 

a behavior caused by a soft-story mechanism, with a drift value of 5.32% and 4.53% for the first 

story, respectively. Further evidence of this behavior is analyzed with the plastic hinge rotation 

demands on the lower level (see Section 2.4.3.3). Such mechanism did not form in the frames 

due to an adequate design and compliance with the strong column–weak girder requirement of 

the AISC Seismic Provisions for moment frames. 

For the pinned case, the drift of 5.32% exceeds the established limit of 5% for the 

Collapse Prevention performance level in FEMA 356, and therefore does not comply with code 

requirements. Even though the drift is smaller for the upper floors in those two models (P and 

SR1), the displacement demand is high and exceeds 4% drift, which could lead to some buckling 

instability of the moment-resisting frames and connection damage. Exceeding the limit of 5% 

may also cause irreparable damage to the frame in the pinned case due to dominant P-Delta 

effects. The Life Safety and Immediate Occupancy performance level limits of 2.5% and 0.7%, 

IO 
Limit 

CP 
Limit 

LS 
Limit 
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respectively, are exceeded for all models, since the displacement demand corresponds to the 

Collapse Prevention design earthquake with 2% in 50 years PE.  

For the other models SR2, SR3, SR4, SR5, and F, the interstory drift is generally smaller 

than 4% for the first story and almost constant for the upper levels, showing a limited 

deformation demand on the first level and a more uniform deformation demand in levels 2 and 3, 

exceeding the recommended 4% limit only in the second story of the SR2 model. Even under 

such smaller demand levels, considerable structural damage is still expected, including local 

buckling and partial fracture of the frame elements and pronounced distortion and possibly 

fracture of moment connections. A permanent interstory drift and deformations will occur, with 

severe damage to architectural facades and partitions, as well as to mechanical and electrical 

systems throughout the building. However, if no instability hazard is present (drifts not 

exceeding 4% drift), the repair and retrofit of the building is technically possible.  

2.4.3 Plastic Hinge Formation  

2.4.3.1 Hierarchy in the Formation of Plastic Hinges  

The desirable strong column–weak girder behavior was engendered in the design process of the 

moment frame: the plastic hinges form in the girders and also at the bases of the columns in the 

cases of the SR3, SR4, SR5, and F frames to form a complete collapse mechanism in the 

pushover analyses. Design code requirements are introduced precisely to avoid a weak-story 

mechanism at any level and premature collapse of the frame, and they were effective in this case.  

Even if the design and detailing of the column base connection is carried out 

appropriately in accordance with the applicable codes, an unintentional reduction in the column 

base stiffness can occur. A high degree of base fixity must be guaranteed for the erected column 

bases and maintained throughout the life span of the structure. It is also recommended to increase 

the size of first-story columns to reduce the risk of weak-story behavior. 

The rotational demand of the plastic hinge is a function of the section capacity and 

interstory drift, and therefore a concentration of deformation over a certain story will prompt the 

formation of plastic hinges at the girder of that level.  

The girders in the first story (W30x108, Z=346 in.3) are larger than in the second floor 

(W27x94, Z=278 in.3), since it is expected to obtain higher shears and bending moments at lower 

levels of a moment frame. However, only in the case of the fixed column base and SR5 model do 



 26 
 

the first plastic hinges form at the second level. The combination of high flexural strength and 

small rotational demand on the girders of the first story is beneficial and causes the plastic hinges 

at that level to occur only later on during the pushover analysis. In all other cases, since base 

fixity is not fully achieved, a redistribution of the bending moments in the frame to the first-level 

girders and a concentration of interstory drift in the first story cause the first plastic hinges to 

form at the lower level. The results of the rotational demand in the plastic hinges formed in the 

girders and column bases for each frame are presented in Sections 2.4.3.2 and 2.4.3.3.  

The hierarchy in the formation of plastic hinges varies for the different models with 

respect to the different stories; however for a given level, the girder hinges occur initially at the 

external beam-column connections, where only one beam is connected to the beam-column 

connection. The sequence in the formation of the plastic hinges for each model is illustrated in 

Figure 2.12. 

After all hinges have formed at the ends of the girders, in models SR3, SR4, SR5, and F, 

the frame is pushed laterally in the first mode to a sufficient displacement demand, a 

redistribution of bending moments occurs throughout the frame, and plastic hinges form at the 

column bases. A complete collapse mechanism is then obtained, reaching a plateau or upper limit 

for the capacity of the frame to resist additional forces, as can be observed in the pushover curves 

(Section 2.4.4). The small hardening response of the frame or the slope for maximum base shear 

of the pushover is due to 3% post-yield strain-hardening of the steel material in the plastic 

hinges. 
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Fig. 2.12  Hierarchy in the formation of plastic hinges.  
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The column section for both internal and external columns is a W24×229 member; 

however, at internal columns two beams are connecting to each beam-column intersection thus 

increasing their stiffness and attracting larger shear forces. Therefore, the formation of plastic 

hinges at the bases of the columns occurs first at the internal columns for the cases of SR3 to F 

where the base connection is rigid enough to develop the column plastic capacity, Mp,col. The 

cross section of the column is strong enough to avoid the formation of plastic hinges at the top of 

the columns of the first level and the formation of a weak-story mechanism. 

The reduction in the stiffness and strength of column bases leads to an increase of 

interstory drifts, and rotational demand on the plastic hinges in the girders of the first story and 

the beam-column connections. This shift in the rotation demand distribution may induce a soft-

story mechanism in moment-resisting frames with flexible column bases. 

2.4.3.2 Rotational Demand of Girder Plastic Hinges  

The hierarchy in the formation of the plastic hinges in the girders is different for different frame 

models (and different values of column base stiffness) due to different distributions of bending 

moments and interstory drifts along the height of each frame (see Fig. 2.12). A general increase 

in the rotational demand on the plastic hinges of the girders in all levels is observed in the 

pushover analysis with a reduction of column base stiffness and strength (see Fig. 2.13). This 

increase is exponential for the column base stiffness range between 0 and 2EI/Lcol, i.e., for 

frames with flexible column bases. Small variation in the stiffness results in pronounced 

variation in the frame response, hierarchy in plastic hinge formation, and rotational demand.  

Also, for the frames with flexible column bases, the distribution of the rotational demand 

throughout the different hinges is scattered, resulting in large concentrations of damage in certain 

beam-column connections.  

The variation of the rotational demand in the girder’s plastic hinges is linear between the 

values of 4 and 18EI/Lcol of the base stiffness with almost a horizontal slope or an asymptote for 

the rotational demand representing a less sensitive design region of the frames. For the semi-

rigid base connections, response dispersion is reduced and the rotational demand is almost 

constant between the different hinges. This behavior is a desirable design goal, distributing the 

damage to more elements or connections and obtaining a higher degree of redundancy in the 

moment frame. 
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Fig. 2.13  Variation of girder plastic hinge rotation with base fixity.  

The current building codes, including the 2002 AISC Seismic Provisions require the use 

of pre-qualified moment connections that withstand a total rotation of 4% radians without 

exhibiting premature failure or brittle fracture. Assuming the elastic rotation in the beam-column 

connection is in the order of 1% radian, we can determine a desirable upper limit for the plastic 

rotation in the hinges to be of 3% radians. Therefore, as can be seen in Figure 2.13, only the 

semi-rigid base connections with a normalized rotational stiffness Knorm> 2EI/Lcol will exhibit 

limited damage in their beam-columns connections and comply with this acceptance criterion. 

2.4.3.3 Rotational Demand of Column Base Plastic Hinges  

As expected, there is an increase in the rotational demand on the plastic hinges in the column 

bases with increasing base fixity, as observed in Figure 2.14. In models P, SR1, and SR2 no 

plastic hinges have formed at the column bases and therefore the plastic rotational demand is 

zero.  
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Fig. 2.14  Variation of column base plastic hinge rotation.  

For model SR3, the plastic hinges have formed at the last stages of the pushover analysis 

and therefore the rotational demand is small. Among models SR2, SR3, and SR4 (Knorm from 0 to 

4EI/Lcol), there is a large increase in the rotational demand on the column plastic hinges, which is 

undesirable because of extreme sensitivity to small variations in the rotational stiffness of the 

base assembly. Between models SR4 and SR5 there is still an increase in the rotational demand 

on the plastic hinges; however it is less pronounced than in the previous cases, amounting to only  

a 15% increase. An asymptote of the rotational demand in the columns can be noticed for a 

normalized base stiffness Knorm greater than 4EI/Lcol, representing a less sensitive response region 

of the frame. 

The rotational demand is slightly lower on the plastic hinges of the external columns than 

that of the interior columns because the formation of plastic hinges in interior columns occurs 

earlier on during the pushover analysis of the frame.  

2.4.4 Pushover Response Curves  

Pushover response curves represent the capacity of the frames to sustain lateral loads as they 

deform to the point of forming a plastic mechanism.  The pushover response curves for the 

analyzed frames are shown in Figure 2.15. The base shear capacity of the frames increases with 

increasing column base rigidity. The initial slope of the pushover curves also illustrates the 
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increase in the lateral stiffness of the frames with increasing column base fixity. For the more 

flexible models, the base shear capacity is substantially (as much as 50%) lower. 

However, for the cases of the semi-rigid models SR3 through F, a slight increase in the 

base shear capacity can be observed with decreasing base rigidity. This can be explained by the 

fact that when all of the plastic hinges have formed in the girders, and the formation of hinges in 

the base of the column is the next step before a collapse mechanisms forms, it is the rigidity of 

the base plate, modeled in this study as rotational springs, that is resisting the seismic forces. 

When the base is fully restrained, the formation of plastic hinges is easier, since the connection 

cannot rotate to accommodate part of the deformation. At this point, the “fuse” effect is 

generated, and the structure cannot resist a force increase. In the case of the semi-rigid bases, the 

connection can accommodate part of the deformation by rotating. 
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Fig. 2.15  Pushover curves for models F–P.  

Evidence of this may be observed in the pushover analysis; as the rotational spring 

stiffness increases, the slope of the curve between the formation of plastic hinges in the girders 

and the column also increases. When ultimately, the moment produced by the springs is larger 

than the moment capacity of the column, a plastic hinge forms at the base, generating the “fuse,” 

and the base shear then tends to a constant value, with a slight positive slope due to the 

hardening characteristics of the hinge.  
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The pushover curves are useful in analyzing P-Delta effects in the frame. No stiffness 

degradation or negative slope in the pushover curves was observed, even though drifts exceeded 

5%, as analyzed previously in Section 2.4.2. That is, the deformations in all frame models were 

small enough and the instability hazard was not yet observed.  

In the pinned case, the collapse mechanism was generated immediately after the 

formation of plastic hinges in the girders, since the column base has no rotational stiffness to 

resist by itself any force increase. Thus, the base shear for the pinned case attains an almost 

constant value that is the lowest of the base shear capacitates of the analyzed frames. 

In the case of models SR1 and SR2, the roof displacement demanded determined from 

the design spectra for the assumed location of the structure is not sufficient to generate plastic 

hinges in the base, yet the partial rigidity of the base plate allows the base shear to increase after 

the formation of all girder plastic hinges. This can be observed by the positive slope of the 

pushover curves for these two frame models at very large frame drifts.  

2.4.5 Base Joint Reactions  

Analysis of the base joint reactions, which define the demand loads for the design of the column 

base connections, shows the effects of base rigidity on these quantities for external and interior 

column in the frame (see Fig. 2.16). The results of joint reaction including shear, axial, and 

moment for external and interior columns, as well as the normalized values with respect to the 

plastic capacity of the column cross section, are summarized in Appendix A. 

The shear demand for both external and interior base plates follows the same tendency 

observed for the frame pushover curves; the demand for partially rigid connections for which 

column plastic hinges formed (SR3 to SR5) was slightly larger than for the fixed case, but 

approaching an asymptote with a constant force value. Comparing the demand on external and 

interior columns, the loads are larger for interior columns due to the larger stiffness of these 

subassemblies compared to the external ones. 

The maximum axial demand for both external and internal columns is constant, 

regardless of base plate rigidity. After the formation of all of the plastic hinges in the girders, 

which occurs for all models, the axial force in the columns is proportional to the plastic moment 

capacity of the girders and the gravity load (P=ΣMp/L+Vg). Comparing the demand on external 

and interior columns, it is observed that for interior base plates it is close to zero due to 
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cancellation of beam plastic shear, whereas for external base plates, it is large due to the 

summation of beam shears. Column axial loads due to gravity are relatively small compared to 

those induced by seismic loads. This observation is consistent with values obtained by a plastic 

analysis of the frames relating girder plastic moment capacities to column axial force. 

The moment demand on both external and internal base plates is constant for those cases 

where plastic hinging has occurred at the base (SR3 to F), and is equal to the plastic moment 

capacity of the column. The formation of the column base plastic hinge acts as a fuse that does 

not allow for a moment increase to occur in the connection. This is corroborated by comparing 

internal to external base plates; the demand is the same for internal and external columns, since 

both elements have the same cross section (W24×229) and therefore the same plastic capacity. 

As expected, the pinned model has no moment demand, since it has no rotational stiffness or 

strength. 
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Fig. 2.16  Normalized joint reactions (with respect to plastic capacity).  

The plastic capacity of the column is exhausted in bending, a ductile and desirable failure 

mode. The shear and axial demands remain less than 25% and 10% of the column shear and axial 

capacities, respectively. The interaction effects were considered low and were not included in 

this study. 
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2.4.6 Base Reactions: Base Shear and Overturning Moment  

The results for the base shear and overturning moment for each model with varying column base 

rotational stiffness are presented in Appendix A. The base shear is the sum of the shear reactions 

in all the columns and therefore it observes the response thoroughly discussed in Sections 2.4.4–

2.4.5. The variation of base shear with column base rotational stiffness maintains the same shape 

as before, with a general increase in base shear with increasing fixity (see Fig. 2.17) and reaching 

an asymptote for Knorm greater than 2.0EI/Lcol. The base shear includes the contribution of the 

gravity frames adjacent to the moment-resisting frame. 

The overturning moment is found to be constant for all of the cases where plastic hinges 

developed in the column bases because the axial forces in the columns are constant for all cases.  
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Fig. 2.17  Variation of base shear and overturning moment with base fixity.  

2.4.7 Moment-Rotation Relationship  

The moment-rotation relationship for the column base connection was determined for the 

different frames from the results of the modal and pushover analyses, including the base 

reactions and plastic hinge rotations. The pushover curve yields the roof displacement at which 

the plastic hinges have formed at the column base. Multiplying that value by the first-story, first-

mode value φ1,N1 the displacement at the top of the column is obtained. This displacement 
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divided by the first-story height determines the rotation at which the demand on the base plate 

reaches the plastic capacity of the column.  

The variation in the moment-rotation relation with column base rotational stiffness is 

represented by the slope of the M-θ curves (see Fig. 2.18). Only models F, SR5, SR4, and SR3 

developed plastic hinges at the column base and reached the plastic capacity. The post-yielding 

3% hardening slope is shown as well. Models SR2 and SR1 developed only 0.76Mp and 0.39Mp 

of the column, respectively. Thus, these frame models did not result in a complete collapse 

mechanism. Since model P has no rotational stiffness, a horizontal line is obtained for the 

moment-rotation relation pinned column bases. 
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Fig. 2.18 Moment-rotation relation for column base (normalized with respect to column 
plastic capacity).  

2.4.8 Joint Equilibrium  

The shape of the bending moment diagram in a moment-resisting frame with semi-rigid column 

bases is shown in Figure 2.19. The node numbering for beam-column joints in the SAP2000 

Nonlinear model is presented as well.  
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Fig. 2.19  Bending moment diagram in moment-resisting frame.  

The design requirement of strong column–weak girder was satisfied in the frame, where 

plastic hinges form at the girders instead of columns at each joint, preventing the formation of a 

soft-story mechanism. The AISC design code uses the ratio of the sum of the column moments to 

the sum of the beam moments meeting at a joint to promote a strong column–weak girder design. 

Variations of this ratio with base fixity are presented in Table 2.6, where the node numbers are 

shown in Figure 2.19. 

Table 2.6  Joint equilibrium ratio (ΣMcol/ΣMgirder). 

Node F SR5 SR4 SR3 SR2 SR1 SR1
10 1.17 1.25 1.33 1.46 1.38 1.17 1.38
11 1.09 1.09 1.13 1.19 1.16 1.17 1.24
12 1.00 1.00 1.00 1.00 1.00 1.00 1.00
14 1.06 1.11 1.16 1.23 1.19 1.08 1.11
15 1.03 1.04 1.06 1.09 1.08 1.04 1.06
16 1.00 1.00 1.00 1.00 1.00 1.00 1.00  

 

As can be observed from Figure 2.20, the variation of the joint equilibrium ratio is 

sensitive to base fixity for the cases of P, SR1, and SR2, while for models SR3 to F with 

Knorm>4EI/Lcol, the joint equilibrium ratio varies linearly with base fixity, and is nearly constant 

for some joints. The distribution of the moment demand between the connecting steel elements is 

therefore more stable for a normalized stiffness of the base plate connection greater than 4EI/Lcol, 

which is a desirable behavior in a lateral force-resisting system. In all cases, a ratio 

ΣMcol/ΣMgirder greater or equal to unity is obtained, which means that the flexural capacity of the 

columns is larger than that of the beams, as intended by design.  
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Fig. 2.20  Variations of column-girder moment ratios ΣMcol/ΣMgirder with base fixity.  



 

3 Time History Analysis 

3.1 GENERAL PURPOSE  

A parametric study analyzing the effect of column base rigidity on the seismic demand and 

behavior of SMRFs was carried out through a series of nonlinear dynamic analyses (time history 

analyses). The response of the ATC-58 building lateral force-resisting system SMRFs with 

different column base fixities, presented in Chapter 2, to a set of ground motions selected to 

represent the typical seismic hazard at the assumed location of the structure (UC Berkeley 

campus) was computed using two finite element analysis software packages: the OpenSees 

Navigator package built on the OpenSees nonlinear finite element analysis framework, and the 

SAP2000 Nonlinear (SAP) package. Nonlinear pushover analyses were carried out first to 

compare the two software packages. A detailed description of the three-story, three-bay moment 

frame and the results of the pushover analysis obtained by SAP2000 Nonlinear were presented 

previously in Chapter 2.  

3.2 METHODOLOGY 

3.2.1 General Assumptions 

The time history analysis was done for SMRF models F (fixed), SR3 (semi-rigid 3), and P 

(pinned) with column base rotational stiffness Knorm of 18.2, 1.4, and 0 EI/Lcol, respectively. Each 

model has a different fundamental first period T1 and a corresponding design spectral 

acceleration Sa, obtained from a uniform-hazard acceleration design spectra with normal fault 

rupture directivity effects, defined in the Seismic Guidelines of UC Berkeley Campus, the 

assumed location of the structure (see Fig. 2.6).  
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The seismic hazard in the Berkeley area is governed by potential ground motions 

generated from the Hayward fault which is within 2 miles from the site location of the ATC-58 

building. The Hayward fault consists of a strike-slip fault with an expected 7.0 magnitude in the 

case of a rare earthquake event. The ground motions selected for the design and analysis of the 

building and utilized in the present study correspond to the fault type, the expected earthquake 

magnitude, the distance to the fault, and the site conditions (Appendix B). 

3.2.2 Modeling Assumptions  

The frame model in OpenSees Navigator was defined using a fiber cross-section flexibility-based 

beam-column finite element with distributed inelasticity and corotational geometric 

transformation for the beams and columns of the frame, accounting for 3% strain hardening at 

the material level. The adjacent gravity frames were also included in the model using pinned 

beam-column connections. Node slaving was defined to account for the horizontal translation of 

the rigid diaphragm at each level and to disregard modes related to axial deformation of beams 

and columns. Column base fixity was varied using an elastic rotational spring.  

The time history analyses were conducted using the Newmark method integrator. Two 

damping ratio levels were considered: 5% and 2%. Damping was modeled using Rayleigh 

damping values that include mass proportional and initial stiffness proportional damping 

coefficients. The analysis was extended by one half of the duration of the ground motion record 

beyond its end to observe the structure damping characteristics and decay of motion during free 

vibration.  

The beams and columns of the SMRF SAP2000 Nonlinear model were modeled using 

elastic beam-column elements and zero length nonlinear link (NLlink) elements with strain-

hardening properties corresponding to 3% of the initial stiffness to model the post-yield strain 

hardening of the plastic hinges. A rigid diaphragm was introduced at each level and only the first 

three horizontal modes of translation were considered in the analysis. An equivalent 5% viscous 

damping ratio was considered by default in the fast nonlinear analysis SAP option using the 

modal superposition method that accounts solely for nonlinearity of the NLlink. The direct 

integration method that accounts for material and geometric nonlinearities could not be used, 

since convergence was not achieved due to numerical instability for the previously defined 

nonlinear behavior of the plastic hinges of the analyzed frames. The time history analysis using 



 41 
 

modal superposition was carried out for the first 20 sec of each ground motion, which include the 

strong pulses of each ground motion. Residual displacements were not considered in the SAP 

analyses.  

3.2.3 Pushover Analysis   

The load pattern for the pushover analysis was proportional to the first mode of each model with 

an increasing concentration of deformation in the first story with decreasing base fixity. The 

displacement demands used for the pushover analysis are presented in Table 3.1.  

Table 3.1  Displacement demand for pushover analysis in OpenSees Navigator. 

Model Knorm T1-SAP T1-OSN ε- Difference Sa/g Sd,el (in) δroof

(sec) (sec) (%) 2%-50 yr PE 2%-50 yr PE (in)
F-Fixed 18.2 0.81 0.75 7.7 1.62 10.37 16.25

SR3 1.4 0.95 0.87 9.0 1.38 12.13 19.01
P-Pinned 0.0 1.15 1.10 4.9 1.14 14.72 23.07  

 

The first-mode period obtained from SAP and OpenSees Navigator differed between 5 

and 9% due to differences in the modeling assumptions and the eigenvalue analysis methods. 

However, the pushover and time history comparison was carried out despite this negligible 

difference. 

3.2.4 Time History Analysis  

The time history analyses were conducted using seven ground motions representative of the 

location of the ATC-58 building in Berkeley, California. The ground motions were scaled to an 

intensity corresponding to the Collapse Prevention performance level with 2% in 50 years PE, 

established by FEMA 356. The analyses were carried out using the programs SAP2000 

Nonlinear and OpenSees Navigator. The time history analyses were performed to evaluate the 

actual response of the frames with different column base fixities to severe ground excitation, to 

compare the time history and the pushover analyses results, and to compare different software 

packages. According to FEMA 350, both pushover and time history analyses are permitted to be 
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carried out in the Collapse Prevention performance level for regular structures with fundamental 

first period T1<3.5Ts, which is the case for the analyzed ATC-58 building frames. 

The characteristics of the seven ground motions utilized for the nonlinear dynamic 

analysis (see Appendix B) are presented in Table 3.2. 

Table 3.2  Definition of ground motions for time history analysis. 

Ground 

Motion 

Earthquake Mw Station Epicentral Distance 

(km) 

LPcorFN Loma Prieta, USA 10/17/1989 7.0 Corralitos 3.4 

LPlgpcFN Loma Prieta, USA 10/17/1989 7.0 Los Gatos Presentation 

Center 

3.5 

LPsrtgFN Loma Prieta, USA 10/17/1989 7.0 Saratoga Aloha Ave 8.3 

LPlex1FN Loma Prieta, USA 10/17/1989 7.0 Lexington Dam 

abutment 

6.3 

KBkobjFN Kobe, Japan 01/17/1995 6.9 Kobe JMA 0.5 

EzerziFN Erzincan, Turkey 03/13/1992 6.7 Erzincan 1.8 

TOhinoFN Tottori, Japan 10/06/2000 6.6 Hino 1.0 

 

The ground motions with varying durations from 20 to 30 sec and strong pulses from 

0.34 to 1.1g were scaled to an equivalent response spectrum (see Fig. 3.1) with respect to the 

spectral acceleration Sa of each model, corresponding to 2% in 50 years PE hazard level. Other 

ground motions defined for this site in the Seismic Guidelines of UC Berkeley Campus were 

disregarded because the required ground motions scale factor greater than 3 was considered to be 

unrealistic. The scale factors used are provided in Table 3.3. 

Table 3.3  Scale factors for ground motions used in time history analysis. 

Model
EZerzi KBkobj LPcor LPlex1 LPlgpc LPsrtg TOhino

F-Fixed 2.78 0.63 1.53 1.24 0.80 3.32 0.52
SR3 2.30 0.65 2.34 0.90 1.23 2.83 0.62

P-Pinned 2.21 0.90 2.91 0.85 1.44 2.30 1.02

Ground Motions- Scale Factors
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Fig. 3.1  Response spectra for selected ground motions (ζ=5%). 

3.3 DISCUSSION OF RESULTS 

3.3.1 Displacement Time History  

The time history analysis carried out using SAP2000 Nonlinear with the modal superposition 

method accounts only for the inelastic behavior of the zero length NLlink elements and ignores 

the frame elements material nonlinearity, as well as the geometric nonlinearity such as P-Delta 

effects or large deformations. The SMRFs modeled this way exhibit a predominantly symmetric 

behavior of the frame even after the yielding of the NLlink elements that produces zero residual 

deformations for all ground motions and the three different frame models, as can be seen in 

Figures 3.2 and 3.3. These figures also display the time history analysis results obtained using 

OpenSees Navigator to obtain two different values of Rayleigh damping. 
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Case P-Pinned
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Fig. 3.2  Roof displacement time history (LPcor record) for models F, SR3, and P. 
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Fig. 3.3  Roof displacement time history (Ezerzi record) for models F, SR3, and P. 

The displacement time histories obtained using OpenSees Navigator models exhibit large 

one-sided inelastic deformations. Such deformations are, in some cases, never recovered and 

result in significant residual displacements (see Figs. 3.2 and 3.3). This behavior is anticipated 

for the Collapse Prevention performance level where the intensity of the earthquake is expected 

to produce significant structural and nonstructural damage. The yielding of the beam-column 

elements during the strong motions results in permanent deformation in the frame, as well as in 

permanent rotation of the beam-column and column base connections.  
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Based on these comparisons, the results obtained from the time history analyses using 

SAP2000 Nonlinear and the modal superposition method should be considered with significant 

caution, as they do not seem to be realistic. In a separate project, recommendations for using the 

direct integration method in SAP2000 Nonlinear to conduct time history analysis of a typical 

Ordinary Standard Bridge in California were developed (Aviram, Mackie, and Stojadinovic 

2007). It may be possible to use these recommendations as a starting point for improved 

modeling and nonlinear time history analysis of building structures using SAP2000 Nonlinear, 

but such extension was not made in this project. Henceforth, the time history results discussed in 

this study will refer to those obtained from the OpenSees Navigator models. 

The deformation mechanism and displacement time history of the moment-resisting 

frame varies with the fundamental first period T1 of each model. Even though the maximum 

displacements decrease with base rigidity, the values of the residual displacements do not follow 

a particular pattern, as can be seen in Figures 3.2 and 3.3. Under certain ground motion 

excitation, model F has large residual displacements, while model P exhibits no such permanent 

damage and vice versa. Thus, the comparisons presented below were carried out with respect to 

the median of the seven time histories, as indicated by FEMA 350, as well as the mean plus or 

minus one standard deviation values. The EDPs obtained from the time history results were 

assumed to have a normal distribution, where the mean and median have a similar value (a 

lognormal distribution has a mean larger than the median, which was not the case for the results 

in this study). 

The effects of two viscous damping ratio values, commonly recommended for the 

modeling of steel structures, was also analyzed. As can be observed in Figures 3.2 and 3.3, the 

use of 5% Rayleigh damping ratio (that requires mass and initial stiffness proportional damping 

coefficients) resulted in smaller displacements and less oscillation during the ground excitation 

and free vibration phases. Since the values corresponding to 2% Rayleigh damping ratio are 

more conservative, this value was used for the rest of the analyses.  
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3.3.2 Maximum Displacements and Drifts  

The maximum story displacements and interstory drifts computed during the time-history 

analysis and pushover analysis are shown in Figures 3.4 and 3.6. The results for the pushover 

analysis obtained from SAP2000 Nonlinear model differ by less than 1% from those from the 

OpenSees Navigator model. The pushover forces follow a load pattern proportional to the first 

mode of each model, which exhibit an increasing tendency of deformation concentration in the 

first story with reduction in base rigidity. The displacement graphs for both time history and 

pushover analyses show that the frames responded primarily in their first mode of vibration; 

however, the actual dynamic response introduces higher-mode effects in the frames, which tend 

to reduce the maximum displacements and drifts in the structure.  

The magnitude of the drifts and displacements varies according to the intensity of the 

records and the fundamental first period of each frame model. The median and the mean plus one 

standard deviation (μ+σ) maximum displacement and interstory drift values for the seven time 

histories of each frame, shown in Figures 3.5 and 3.7, are compared to the pushover analysis 

results from the same program OpenSees Navigator. The displacement demand obtained using 

the FEMA356 coefficient method and the displacement spectra corresponding to the Collapse 

Prevention performance level and first period of each frame should overestimate the 

displacements obtained through a nonlinear dynamic analysis of the structure. This is confirmed 

in Figures 3.5 and 3.7, where the maximum values obtained for the pushover analyses 

(representing the coefficient method deformation targets) are exceeded by 90, 50, and 70% the 

median of the displacements and drifts from the time history analysis for cases F, SR3, and P, 

respectively. The pushover analysis deformation values do not exceed by such a large margin the 

mean plus one standard deviation values of the maximum drifts and displacements obtained from 

the seven ground motions. As can be observed in Figures 3.5 and 3.7, the results from the two 

sets of analysis are very similar and differ by only 7, 6, and 11%, in the cases of the F, SR3, and 

P models, respectively. Thus, the displacement demand coefficient method estimate is adequate, 

and the results of story displacements and interstory drifts obtained with the pushover analysis 

are consistent with the time history analysis results for the analyzed frames.  
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THA OSN vs. POA OSN: Story Displacements: Case F 
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THA OSN vs. POA OSN: Story Displacements: SR3
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THA OSN vs. POA OSN: Story Displacements: Case P
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THA OSN vs. POA OSN: Story Displacements: Case P
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Fig. 3.4  Maximum story displacement for 
the 7 ground motion records used in time 
history analysis for models F, SR3, and P. 

Fig. 3.5 Comparison between pushover 
analysis displacements and median, mean 
and mean plus one standard deviation of the 
maximum story displacements of the 7 
ground motions of time history analysis for 
models F, SR3, and P.  
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THA OSN vs. POA OSN: Inter-Story Drifts: Case F 
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THA OSN vs. POA OSN: Inter-Story Drifts: Case SR3
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Fig. 3.6  Maximum interstory drifts for the 7 
ground motion records used in time history 
analysis for models F, SR3, and P. 

Fig. 3.7 Comparison between pushover 
analysis drifts and median, mean and mean 
plus one standard deviation of the maximum 
interstory drifts of the 7 ground motions of 
time history analysis for models F, SR3, and 
P.  
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3.3.3 Base Shear–Pushover Analysis  

The results for the pushover curves obtained from the SAP2000 Nonlinear and OpenSees 

Navigator analysis programs, shown in Figure 3.8, differ by less than 7% for the three frame 

types. The initial elastic stiffness of the frames obtained with OpenSees Navigator is slightly 

higher than that obtained using SAP; nevertheless, the overall shape of the pushover curve and 

the ultimate base shear are similar for all cases. As expected, the initial stiffness increases with 

increasing base rigidity. Except for the pinned case, where the base shear capacity is 

substantially lower, the base shear capacity is almost the same for the semi-rigid and fixed cases.  
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Fig. 3.8  Pushover curves: comparison between SAP and OpenSees Navigator results. 

After yielding of the frame beams and columns and the formation of the plastic collapse 

mechanism, the hardening slope of the pushover response curves for the two programs varies due 

to differences in modeling assumptions. The SAP models include only a discrete location of the 

plastic hinges with a bilinear behavior at the ends of beams and columns elements, while 

OpenSees Navigator models utilize distributed inelasticity of the members. Nevertheless, the 

differences are small. 

SR3 

P 

F 



 51 
 

3.3.4 Base Shear–Time History Analysis  

Material model Steel01, used in OpenSees Navigator to define the behavior of beam-column 

elements, accounts for isotropic hardening or expansion of the yield surface in all directions, 

which leads to significant yielding capacity increment after several cycles. The kinematic 

hardening properties of steel or Bauchinger’s effect, which produce the translation of the yield 

surface, are not included in the OpenSees Navigator model. The model in SAP2000 Nonlinear is 

bilinear in discrete locations with zero length, and does not account for isotropic or kinematic 

hardening. 

The stress increment in isotropic hardening is dependent on the strain rate and reversal of 

stress cycles; thus only the time history or nonlinear dynamic analysis of the frame can capture 

the increase in the yield strength and ultimate capacity, while the pushover analysis, which 

consists of an incremental monotonic loading does not capture this behavior. Figure 3.9 displays 

the force-displacement response of the external and the interior first-story columns of the fixed 

model with significant element shear increase due to strain hardening during dynamic excitation, 

in this case the LPsrtg ground motion record.  

 

-400

-300

-200

-100

0

100

200

300

400

-6.0 -4.0 -2.0 0.0 2.0 4.0 6.0

δ1- 1
st story displacement (in)

V
- 

S
he

ar
 f

or
ce

 (
ki

p)

Ext Col-THA (LPsrtg)

Int Col-THA (LPsrtg)

Ext Col- POA

Int Col- POA

-Ext Col- POA

-Int Col- POA

 

Fig. 3.9 Force-displacement column response for the F model: results of pushover analysis 
and time history analysis in OpenSees Navigator (LPsrtg record). 
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The results for the maximum base shear generated during the time history analysis and 

the ultimate base shear of the pushover analysis for models F, SR3, and P are presented in Figure 

3.10. The magnitude of the base shear varies according to the intensity of the records and the 

fundamental first period of each model. It can be noticed that the maximum base shear values 

due to the seven ground motions all exceed the results of the pushover analysis in the three frame 

types due to the significant strain-hardening behavior that can be captured only during the 

dynamic analysis. The median, as well as the mean minus one standard deviation (μ-σ) of the 

seven time histories of each frame, seen in Figure 3.11, were compared to the pushover analysis 

results from the same program OpenSees Navigator. It can also be noticed that the mean and 

median have a similar value; thus the time history analysis response parameters are likely to have 

a normal distribution. 

The results obtained from the time history analysis are more conservative, since a more 

realistic estimate of the elements capacity will result in a greater seismic force demand on the 

frame. Base shear demand will be underestimated using pushover analysis: this may result in 

local or global failure of the frame for the Collapse Prevention hazard level. The median of the 

maximum base shear values obtained from the seven ground motions exceed by 15, 21, and 24% 

the results from the pushover analysis, for cases F, SR3, and P, respectively. However, the 

difference is reduced to 8, 14, and 18% when comparing the pushover analysis results with the 

mean minus one standard deviation values of the time history analysis, as can be observed in 

Figure 3.11. The pushover analysis in OpenSees Navigator and SAP2000 Nonlinear models 

should be calibrated to account for isotropic hardening or yield strength increment during 

dynamic loading, which represents a more realistic behavior of the steel beam-column elements 

and the entire moment-resisting frame.   
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THA-OSN: Base Shear- Case F

0.0

100.0

200.0

300.0

400.0

500.0

600.0

700.0

800.0

900.0

1000.0

1100.0

1200.0

1300.0

1400.0

Vb 

P
 (
K

ip
) 
/  

V
 (
K

ip
) 
/  

M
 (
K

ip
-f

t)

Ezerzi
KBkobj
LPcor
LPlgpc
LPlex1
LPsrtg
TOhino
F-POA

THA-OSN vs. POA-OSN: Base Shear- Case F

0.0

100.0

200.0

300.0

400.0

500.0

600.0

700.0

800.0

900.0

1000.0

1100.0

1200.0

1300.0

1400.0

1

V
b
 (
K

ip
)

0

10

20

30

40

50

60

70

80

90

100

E
rr

o
r 

(%
)

Median
μ
μ−σ
F-POA
e (Median)
ε (μ−σ)

THA-OSN: Base Shear- Case SR3
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THA-OSN: Base Shear- Case P
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Fig. 3.10  Maximum base shear for the 
7 ground motions used in time history 
analysis for models F, SR3, and P. 

Fig. 3.11 Comparison between pushover 
analysis base shear and median, mean 
and mean minus one standard deviation 
values of time history analysis for 
models F, SR3, and P. 
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3.3.5 Joint Reactions  

The results for axial force, shear, and bending moment for both interior and external first-story 

columns are presented for all frames and analysis types in Figure 3.12. The results for the 

pushover analyses obtained from SAP2000 Nonlinear and OpenSees Navigator differ by only 5, 

4, and 9% for the F, SR3, and P frames, respectively.  
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Fig. 3.12  Maximum external and internal 
column joint reactions for the 7 ground 
motion records used in time history analysis 
for models F, SR3, and P. 

Fig. 3.13 Comparison between pushover 
analysis joint reactions and median, 
mean and mean minus one standard 
deviation values of time history analysis 
for models F, SR3, and P. 
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The axial forces in the columns are a function of the gravity loads that remain invariable 

throughout the analysis and the beam shears that are proportional to the beam’s plastic moment 

capacity. Therefore, the axial demand on the columns is independent of base rigidity and remains 

close to constant for both the time history analysis and pushover analysis. The pushover results 

differ by only 7% from the median of the time history analysis values of axial joint reactions. 

The maximum moment demand is very similar for the external and interior columns, 

since both have the same cross-section and plastic capacity. For the pinned case, no bending 

moment demand is generated in the column bases. The moment magnitude in the time history 

analysis varies according to the intensity of the ground motion records and the fundamental first 

period of the frames, which alters the seismic response of the fixed and semi-rigid models. Each 

ground motion causes a different strain rate and stress reversal cycles history, and therefore the 

increase in moment capacity after yielding of the column bases has a significant variation, as can 

be seen in Figure 3.12. The comparison in Figure 3.13 between the time history analysis and the 

pushover analysis shows that the pushover analysis underestimates the column moments by 13% 

and 15%, respectively, compared to the median and mean minus one standard deviation of the 

seven ground motions, respectively. 

The column shears are obtained from the end moments of the columns. Because the 

column ends undergo different isotropic hardening increments after each yielding cycle, the 

variation of the first-story column shears is also dependent on the intensity and characteristics of 

the ground motion, as well as the frame type. The comparison between the time history analysis 

and pushover analysis shows that the pushover analysis column shears are 30 and 23% smaller 

than the median and mean of the seven ground motions, respectively. As stated previously for 

the base shear, the pushover analysis in OpenSees Navigator and SAP2000 Nonlinear models 

should be calibrated to account for isotropic hardening or yield strength increment during 

dynamic loading, to represent more realistically the behavior of the special moment-resisting 

steel frame.   

 



 

4 Performance-Based Repair Cost Evaluation 

4.1 GENERAL PURPOSE 

The PEER Center performance-based earthquake engineering (PBEE) methodology (Yang 2005, 

2006) was used to evaluate the effect of column base rotational stiffness on the post-earthquake 

repair cost of a typical low-rise special steel moment-resisting frame building. The ATC-58 

example office building, located on the University of California at Berkeley campus, was 

analyzed using three frame column base models: the fixed column base (labeled “F,” with 

Knorm=18EI/Lcol), the semi-rigid column base (“SR3,” with Knorm=1.4EI/Lcol), and the pinned 

column base (“P,” with Knorm=0). 

4.2 NONLINEAR TIME HISTORY ANALYSIS 

The hazard levels considered in this PBEE analysis were the 2%, 5%, 10%, 50%, and 75% in 50 

years probability of exceedance (PE), with a return period of 2475, 975, 475, 75, and 35 years, 

respectively. The interstory drifts and floor accelerations required for the PBEE analysis were 

computed for each moment-resisting frame and for these hazard levels using nonlinear time 

history analysis with the finite element software OpenSees Navigator, as described in Chapter 3.  

The selection of the ground motions for the time history analysis of the building located 

on the UC Berkeley Main Campus was determined by spectral matching at the first-mode period 

of the structure. Seven ground motions were obtained accordingly for low and high hazard level 

groups, out of 10 possible records considered for the site with similar magnitude, distance, 

tectonic environment, and site classification. The fault-normal component was selected for each 

time history, accounting for forward directivity effects that can occur at the site. The selected 

ground motions and their main characteristics are listed in Tables 4.1 and 4.2.  
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Table 4.1 Ground motion time histories representing the 2%, 5%, and 10% in 50 yrs PE 
hazard levels. 

Ground 

Motion 

Earthquake Mw Station Distance to 

Epicenter (km) 

LPcorFN Loma Prieta, USA 10/17/1989 7.0 Corralitos 3.4 

LPlgpcFN Loma Prieta, USA 10/17/1989 7.0 Los Gatos Presentation 

Center 

3.5 

LPsrtgFN Loma Prieta, USA 10/17/1989 7.0 Saratoga Aloha Ave 8.3 

LPlex1FN Loma Prieta, USA 10/17/1989 7.0 Lexington Dam abutment 6.3 

KBkobjFN Kobe, Japan 01/17/1995 6.9 Kobe JMA 0.5 

EzerziFN Erzincan, Turkey 03/13/1992 6.7 Erzincan 1.8 

TOhinoFN Tottori, Japan 10/06/2000 6.6 Hino 1.0 

Table 4.2 Ground motion time histories representing the 50% and 75% in 50 yrs PE 
hazard levels. 

Ground 

Motion 

Earthquake Mw Station Distance to 

Epicenter (km) 

CLgil6 Coyote Lake, USA 06/08/1979 5.7 Gilroy #6 1.2 

PFcs05 Parkfield, USA 06/27/1966  6.0 Array #5 3.7 

PFcs08 Parkfield, USA 06/27/1966 6.0 Array #8 8.0 

PFtemb Parkfield, USA 06/27/1966 6.0 Temblor 4.4 

MHclyd Morgan Hill, USA 04/24/1984 6.2 Coyote Lake Dam abutment 0.1 

MHandd Morgan Hill, USA 04/24/1984 6.2 Anderson Dam Downstream 4.5 

MHall Morgan Hill, USA 04/24/1984 6.2 Halls Valley 2.5 

 

By scaling the ground motions to the spectral value at the first-mode period of each 

model (ranging from 0.75 to 1.10 sec, from the fixed to the pinned frame, respectively), the 

shape of the response spectra and particular characteristics of each ground motion were 

preserved. The corresponding scale factors (not exceeding 3) are presented in Appendix C. The 

unmodified response spectra used for low and high hazard level groups can be seen in Figures 

3.1 and 4.1.  
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Fig. 4.1  Response spectra for selected ground motions (50% in 50 yrs PE), (ζ=5%). 

4.3 HAZARD CURVES  

For the PBEE analysis, the preferred ground motion intensity measure (IM) was the spectral 

acceleration at the estimated first natural period of the structure (Sa,T1 or PSa/g at T1). The values 

for the three models and for the five hazard levels considered in the analysis are presented in 

Table 4.3. 

 

Table 4.3 Ground motion IM values at different hazard levels considered in the PBEE 
analysis. 

Hazard Level Return Period 1/R Psa/g at T1

PE in 50 yr (yr) F SR3 P
2% 2475 0.00040 1.62 1.38 1.14
5% 975 0.00103 1.30 1.15 0.92

10% 475 0.00211 0.99 0.87 0.69
50% 75 0.01333 0.33 0.30 0.26
75% 36 0.02778 0.23 0.22 0.19  

 

The following logarithmic relation was used in the PBEE analysis to approximate the site 

hazard curve:  

k
aoaaa sksSPsH −=≥= ][)(   (4.1) 
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The hazard level H(Sa) is the inverse of the return period of a certain level of ground 

shaking. The coefficients for the logarithmic regression k and k0 for the hazard curve are 

presented in Table 4.4 and the corresponding curves can be seen in Figure 4.2.  

Table 4.4  Coefficients of regression analysis for hazard curves for models F, SR3, and P. 

Regression Analysis: f=1/R=koPSaT1
-k

F SR3 P

k=-log(f,1/f,2))/log(SaT1,1/SaT1,2)= 2.20 2.29 2.37

ko=f,1/SaT1,1
-k= 1.17E-03 8.45E-04 5.51E-04  
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Fig. 4.2  Hazard curves for models F, SR3, and P.  

The slope m of the hazard curve at a certain IM level (Sa value) is computed as the first 

derivative of the hazard curve: 

)1()())(( +−⋅−== k
aoaa skksdsHdm   (4.2) 

 

The slopes of the hazard curves for the three frame models for all hazard levels are 

presented in Table 4.5. Note that the slopes of the hazard curves for low hazard levels are 

significantly larger than those for high hazard levels. This is the reason why frequent events with 

low levels of ground shaking may have a greater contribution to the mean annual total repair 

costs of the structure than extreme yet rare seismic events.  
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Table 4.5  Slope m of hazard curves for models F, SR3, and P. 

Hazard Level F SR3 P
2% -5.48E-04 -6.71E-04 -8.38E-04
5% -1.11E-03 -1.22E-03 -1.73E-03
10% -2.65E-03 -3.06E-03 -4.54E-03
50% -8.88E-02 -1.02E-01 -1.21E-01
75% -2.70E-01 -3.05E-01 -3.61E-01  

4.4 REPAIR COSTS FRAGILITY CURVES  

The EDPs for the three-story moment-resisting frame were the peak floor accelerations and 

interstory drifts. These six EDPs were computed for the three frame models and for seven 

representative ground motions at each hazard level considered (a total of 105 analyses). A 

correlation matrix representing the correlation structure among the six EDPs was computed for 

each hazard level. This correlation matrix with joint lognormal distribution, together with 

artificially generated standard normal random variables, were used to generate correlated EDP 

realizations for damage analysis by means of the Cholesky decomposition method. Instead of 

computing the peak response for additional time-consuming nonlinear dynamic analysis, the 

EDP matrix for all hazard levels and models can easily be extended to a very large number of 

ground motions. 

The major structural and nonstructural components of the building susceptible to 

earthquake damage were organized into performance groups affected by a particular EDP, as 

presented in Table 4.6. The drift-sensitive performance groups include the structural lateral load-

resisting system, the exterior façade, and the nonstructural interior partitions, while the 

acceleration-related performance groups include the interior nonstructural components, the 

contents, and the equipment. The notation used in Table 4.6 is Δui=interstory drift at the ith story, 

ai= absolute total acceleration at the ith floor, μ= median value of EDP, and β=beta or slope of 

the fragility curve. 
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Table 4.6  Performance group summary and damage state fragility curves. 

PG Name Location EDP Components
No. >= DS2 >= DS3 >= DS4

μ 1.5 2.5 3.5

β 0.25 0.3 0.3

μ 1.5 2.5 3.5

β 0.25 0.3 0.3

μ 1.5 2.5 3.5

β 0.25 0.3 0.3

1

2

3

Structural lateral:  
lateral load resisting 

system; damage oriented 
fragility (direct loss 

calculations)

SH3R

Fragilities

SH12 between levels 1 and 2 Δu1

SH23 between levels 2 and 3 Δu2

between levels 3 and R Δu3

μ 2.8 3.1

β 0.097 0.12

μ 2.8 3.1

β 0.097 0.12

μ 2.8 3.1

β 0.097 0.12

μ 0.39 0.85

β 0.17 0.23

μ 0.39 0.85

β 0.17 0.23

μ 0.39 0.85

β 0.17 0.23

μ 1 1.5 2

β 0.15 0.2 0.2

μ 1 1.5 2

β 0.15 0.2 0.2

μ 1 1.5 2

β 0.15 0.2 0.2

μ 0.3 0.7 3.5

β 0.2 0.22 0.25

μ 0.3 0.7 3.5

β 0.2 0.22 0.25

μ 0.3 0.7 3.5

β 0.2 0.22 0.25

μ 1 2

β 0.15 0.2

13

14

15

16

9

10

11

12

5

6

7

8

4 EXTD12 between levels 1 and 2 Δu1

EXTD23 between levels 2 and 3 Δu2

EXTD3R between levels 3 and R Δu3

INTD12 between levels 1 and 2 Δu1

INTD23 between levels 2 and 3 Δu2

INTD3R between levels 3 and R Δu3

INTA2 below level 2 a2

INTA3 below level 3 a3

aRbelow level RINTAR

CONT1

CONT2

CONT3

at level 1 

at level 2 

a2

a3

at level 3 aR

EQUIPR at level R aR Equipment on roof

Contents: General office 
on first and second floor, 
computer center on third

Interior nonstructural 
acceleration sensitive: 
ceilings, lights, sprinkler 

heads, etc

Interior nonstructural 
drift sensitive: 

partitions, doors, 
glazing,etc

Exterior enclosure: 
panels, glass, etc.

 

 

For each performance group, different damage states were defined in terms of fragility 

curves representing the probability of damage being equal to or greater than the threshold 

damage given a certain level of the associated EDP, P(EDP≥edp). The fragility curves are 
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defined using a two-parameter lognormal conditional probability function. The parameters of this 

distribution are the value of the EDP corresponding to the damage median and the dispersion of 

the distribution (beta) corresponding to the slope of the fragility curve. The slope of the fragility 

curves [P(DS≤ds) vs. EDP] reflects the uncertainty associated with the damage state evaluation: 

the higher the slope, the higher the uncertainty (see Fig. 4.3).  

 

 

 

Fig. 4.3  Typical fragility curves. 

The probability of the performance group being at a certain damage state, given an EDP 

value obtained using the correlated EDP generator for each hazard level, was computed using a 

uniformly distributed random number generator. The quantities of the material needed to repair 

each performance group in each damage state were defined in the ATC-58 project (see Appendix 

C). The amounts of materials needed to repair the entire building were computed for each 

correlated EDP value. Then, the cost of such repair was computed using a cost look-up table, 

DS1 DS2 DS3 

DS4 DS3 DS2 DS1 
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accounting for the price uncertainty. The base unit cost was adjusted based on the tabulated beta 

factors of the fragility curves and a random number generator, before multiplying it by the total 

quantities associated with each repair measure. This Monte Carlo simulation procedure was used 

to generate a large number of cost realizations, making it possible to describe the conditional 

probability of repair costs exceeding threshold values, given a value of earthquake intensity 

measure. This procedure was repeated 500 times for each model at every hazard level. The 

number of simulations required to obtain a representative statistical probability measure was 

determined by the quality of the lognormal fit to the simulation data (Fig. 4.4). The fitted 

lognormal distribution of the building repair cost at a certain IM level is referred to as a 

cumulative distribution function or CDF. 

 

Fig. 4.4  Lognormal fit of the CDF curves for the cost realization simulations. 

The CDF curves were generated for all three models for the five hazard levels 

considered. The threshold established for the repair cost estimation in this PBEE analysis is the 

75% in 50 years PE hazard level. That is, it is assumed that low levels of ground shaking during 

very frequent earthquakes with a return period smaller than 35 years will not produce any 

damage in the building and the corresponding repair cost can be neglected. A minimum 

inspection and consulting fee of $1,000 dollars additional to the repair cost of the building and its 

content was assigned for all hazard levels to avoid a zero-cost realization outcome.  

The damage in different performance groups in the same earthquake event was assumed 

to be statistically independent in this study. Thus, we can analyze their individual contributions 
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to the total cost of repair. The disaggregation of the total repair cost among the different 

performance groups is provided in Appendix C or in Figure 4.5 for the fixed frame at the 2% in 

50 years PE hazard level. As can be observed, the damage in the building corresponds to drift-

related performance groups, primarily the interior nonstructural components and partitions group 

PG 1–9. The probability of damage to nonstructural components related to floor acceleration (PG 

10–16) is almost negligible.  

 

 

Fig. 4.5 Distribution of repair cost per performance groups, fixed-base frame at the 2% in 
50 yrs PE hazard level. 

The effects of different hazard levels can be observed clearly in Figure 4.6. For high 

levels of ground shaking, the increase in floor acceleration and interstory drift produces greater 

damage to the different performance groups, and hence the CDF curves for all frames shift 

towards higher repair cost values.  
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Fig. 4.6  Cumulative CDF curves for fixed moment-frame: effect of hazard level. 

The complement of the CDF curves is presented as a surface in Figure 4.7a, with equal 

contributions from the different hazard levels. For each IM level the surface is multiplied by the 

slope of the hazard curves presented in Figure 4.3 at the corresponding IM (in this study the 

pseudo-acceleration Sa at T1), thus obtaining the modified surfaces presented in Figure 4.7b. The 

integration of the complementary CDF with the hazard curve result in the annual rate of 

exceeding the total repair cost threshold. Linear interpolation was used to obtain complementary 

CDF values for hazard levels between the ones for which the computations were done. 

2% in 50 yr PE

75% in 50 yr PE
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Fig. 4.7 Surfaces for fixed-base model: (a) CCDF curves at all IM levels representing 
probability of exceeding total repair cost threshold; (b) CCDF curves multiplied 
by slope of hazard curve at each IM level, representing annual rate of exceeding 
total repair cost threshold. 

The resulting curve is integrated across the IM level, thus obtaining the loss curve, which 

is the annual rate of exceeding various values of total repair cost thresholds for all the IM levels 

(Fig. 4.8). The mean cumulative annual total repair cost is the area under the loss curve, obtained 

by integrating the curve over the range of repair cost thresholds. 

 

Fig. 4.8  Loss curve for fixed-base model. 
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4.5 EFFECT OF COLUMN BASE BEHAVIOR  

The effect of base fixity on the repair cost cumulative distribution functions (CDF) is shown in 

Appendix C, or in Figure 4.9 for the 2% in 50 years PE hazard level.  

 

Fig. 4.9  CDF curves for the 2% in 50 yrs PE hazard level: effect of base fixity. 

The probability of realizing a certain repair cost is the highest for the pinned model and 

the lowest for the fixed model. The repair cost probability for the semi-rigid base (SR3) frame is 

slightly higher than that for the fixed-base model. The same relation among the repair cost 

probabilities for different frame models occurs at other, lower, hazard levels, as seen in 

Appendix C.  

The interstory drifts of the pinned and the semi-rigid frames exceed those of the stiffer 

fixed frame for all hazard levels by 17 and 41%, respectively, on average (Table 4.7). On the 

other hand, the average floor accelerations in the fixed and the semi-rigid frames exceed those of 

the pinned frame by 25 and 28%, respectively, on average (Table 4.8). However, since the lateral 

stiffness of the moment-resisting frame is relatively small for all three base fixity models, the 

resulting floor accelerations (equal to or smaller than 1.0g) do not produce significant damage 

and the associated repair costs do not contribute significantly to the mean annual total repair cost 

of the building. Since the repair cost is therefore dependent primarily on displacement-controlled 

performance groups, the fixed frame incurs the lower repair costs. 

P

F

SR3
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Table 4.7  Average peak interstory drift. 

Average Drift Increase
Hazard Level (PE in 50 yr) F SR3 P F SR3 P

2% 2.44 2.85 3.29 1 1.17 1.35
5% 1.85 2.14 2.41 1 1.15 1.30

10% 1.41 1.66 1.83 1 1.18 1.30

50% 0.58 0.68 0.90 1 1.16 1.54

75% 0.41 0.49 0.65 1 1.18 1.57
Average 1.00 1.17 1.41  

Table 4.8  Average peak floor acceleration. 

Average Acceleration Increase

Hazard Level (PE in 50 yr) F SR3 P F SR3 P

2% 1.06 1.04 0.84 1.26 1.24 1

5% 0.93 0.87 0.68 1.37 1.28 1

10% 0.83 0.72 0.55 1.50 1.30 1

50% 0.52 0.55 0.45 1.15 1.21 1

75% 0.37 0.39 0.33 1.12 1.20 1
Average 1.28 1.25 1.00  

 

Since the slope obtained from the regression of the hazard curve is higher for lower levels 

of ground shaking, the contribution to the mean cumulative annual total repair cost of the 50% 

and 75% in 50 years hazard levels is predominant, since those earthquakes are more frequent 

throughout the lifetime of the structure. Even though the repair cost of the building after rare 

earthquake events is high (on the order of millions of U.S. dollars for the mean probability of 

repair), the contribution from these events to the mean cumulative annual total repair cost is 

negligible and the average repair costs are on the order of tens of thousands of U.S. dollars.  

For the elastic range of response, in the case of the 50% and 75% in 50 years PE hazard 

levels, the difference in the interstory drift and floor accelerations between the fixed and semi-

rigid models is very small, thus producing similar damage at low levels of ground shaking. The 

corresponding cumulative distribution functions are therefore very similar. Since those hazard 

levels are controlling the mean cumulative annual total repair cost, the difference in this value 

between the fixed and semi-rigid models is only 0.4%. The loss curves for the fixed, semi-rigid, 

and pinned models are presented in Figure 4.10. Notice that the loss curve of the semi-rigid 

model is almost identical to that for the fixed case. 
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Fig. 4.10  Loss curves for models F, SR3, and P. 

The area under the loss curve is the mean cumulative annual total repair cost. The pinned 

moment-resisting frame had the highest repair cost with an estimated $26,500 dollars associated 

primarily with drift-sensitive structural and nonstructural damage. That cost was about 3.25 

times the cost of repair obtained for the fixed and semi-rigid frames, with a mean cumulative 

annual total repair cost of $8,150 and $8,180, respectively. Even though the response of the fixed 

frame in terms of drift control is superior and results in smaller damage and repair costs than the 

semi-rigid model for high levels of ground shaking, the contributions of those levels of damage 

to the mean annual total repair cost is negligible.  

The ATC-58 example moment-resisting frame structure is a regular office building with a 

computer center located on the third floor. The repair cost of the building content performance 

group, which is acceleration-related, was computed separately to observe its contribution to the 

total repair cost. For the case of the fixed, semi-rigid, and pinned frames, the content repair cost 

was $1220, $1180, and $1120, respectively, representing 15, 14, and 4% of the total repair cost, 

respectively. However, even though the fixed and semi-rigid systems resulted in higher costs for 

the content repair, and their floor accelerations are 28 and 25% higher than in the pinned case, 

respectively, the increase in the repair cost was only on the order of 5 and 9%. In the case of 

special facilities with acceleration-sensitive equipment, the content repair cost represents a 

higher contribution of the total repair cost. The cost summary is presented in Table 4.9. 
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Table 4.9  Summary of repair cost of models F, SR3, and P. 

Cost Comparison F SR3 P

Annual repair cost ($) 8150 8180 26500
Increase wrt' min (%) 0.0 0.4 225.2

Annual content repair cost ($) 1220 1180 1120
Increase wrt' min (%) 9 5 0

Content contribution (%) 15 14 4  

 

The PBEE procedure implicitly assumes that the structure does not deteriorate and that it 

is immediately restored to its original state after each damaging earthquake. The non-ergodic or 

invariant behavior allocated to structural elements in the frame affect the accuracy in computing 

its maximum response measures. In the computation of probabilities of a performance measure 

or repair cost exceeding a specified threshold in the PBEE analysis, an error of as much as 30% 

can be expected for large probabilities and long time periods (Kiureghian 2005). This error, due 

to non-ergodic uncertainties, is found to be on the conservative side, that is, the damage and 

corresponding repair cost of the structure after the earthquake is overestimated. Also, since the 

object of this study is the comparison of the efficiency and behavior of moment-resisting frames 

with varying base rigidity, the main concern is the relative damage and repair cost of these 

systems, not the absolute values. 



 

5 Reliability Analysis of Exposed Column Base 
Plate Connection 

5.1 GENERAL PURPOSE 

System reliability analysis is carried out for a typical moment-resisting base plate connection 

between a wide-flange column in a steel SMRF and its concrete foundation using an exposed 

steel base plate and anchor bolts. This evaluation assesses the safety of the structural system with 

respect to its diverse failure modes and the adequacy of the limit-state formulation. The relative 

importance of the different components of the connection and the sensitivity of the failure 

probability of the system to small variations in the parameters of the limit-state functions are 

determined as well. The computation of the reliability and sensitivity analysis is carried out using 

CalREL reliability software (Liu et al. 1989), which was developed at the University of 

California, Berkeley. 

5.2 METHODOLOGY  

5.2.1 Design of Base Plate Connection  

A complete seismic design of a base plate connection is carried out following the AISC Design 

Guide No.1-2005 procedure for a typical low-rise moment-resisting frame subjected to seismic 

loading. The column base connection of an exterior column of the ATC-58 three-story, three-bay 

moment-resisting frame office building, located on the University of California at Berkeley 

campus (Yang et al. 2006), is used as an example (see Fig. 5.1).  
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Fig. 5.1  Column base connection selected for reliability analysis. 

The typical configuration of a connection between a wide-flange column and its 

foundation consists of an exposed steel base plate supported on a grout surface and anchored to 

the reinforced concrete foundation of the column through an array of anchor bolts and anchor 

plates (see Fig. 5.2). This assembly is designed to resist biaxial bending, shear, and axial loads 

developed in the column due to gravity and lateral forces. The theoretical behavior of a base 

plate connection is discussed in Section 1.2. 

 

Fig. 5.2  Configuration of exposed base plate connection. 

A wide-flange cross section (W24×229) was previously designed for both interior and 

external columns of the ATC-58 special moment-resisting frame. The critical combination of 

bending moment, and shear and axial forces is determined to occur for this specific frame at the 

external column.  
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The loads used for the design of the connection are obtained from a series of nonlinear 

time history analysis of the moment-resisting frame model with fixed column bases (model F). 

The median values of the joint reactions obtained from a suite of seven ground motions 

corresponding to the design earthquake hazard level (10% in 50 yrs PE), according to Bozorgnia 

and Bertero (2004), are used to design the connection. Several load combinations from each 

nonlinear time history analysis are considered to find the critical load combinations (see Table 

5.1):  

1. The maximum axial load in compression (Pmax) and the corresponding shear force (Vp) 

and bending moment (Mp) occurring at the same time step. Uplift forces were developed 

at the external column; however, they were insignificant and therefore the minimum axial 

load combination did not represent a critical loading condition for the connection. 

2. The maximum shear force (Vmax) and the corresponding bending moment (Mv) and axial 

load (Pv) occurring at the same time step. 

3. The maximum bending moment (Mmax) and the corresponding shear (Vm) and axial (Pm) 

loads occurring at the same time step. 

Table 5.1 Design loads for the connection corresponding to the median of 7 records used in 
the nonlinear time history analysis of the SMRF at 10% in 50 yrs PE hazard 
level. 

 Median c.o.v.  

Case P (kip) V (kip) M (kip-in) P V M 

Pmax 430.3 195.2 31029.9 0.01 0.07 0.08 

Vmax 423.1 211.5 30668.8 0.03 0.11 0.09 

Mmax 429.6 209.2 31449.3 0.01 0.08 0.09 

 

The mean values of the base plate dimensions, the anchor bolts, the concrete resistance, 

the shear lugs and the other components required to guarantee global equilibrium of the assembly 

are determined according to recent design guidelines (AISC Design Guide No.1-2005). The 

design is presented in Appendix D. 
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5.2.2 Limit-State Formulation  

The limit-state for each failure mode of the base plate connection is formulated based on the 

AISC Design Guide No.1-2005 procedure. This guide assumes a rectangular stress distribution in 

the supporting concrete foundation, consistent with the LRFD method for design of reinforced 

concrete structures used in the U.S. According to the LRFD methodology, different components 

of the connection are considered to be at their plastic or ultimate capacities and their relative 

stiffnesses are disregarded for determination of internal forces. The flexibility of the base plate is 

neglected for calculating the bearing stress. The dimensions of the plate and the anchor bolts 

required to achieve the desired strength are obtained from global vertical and moment 

equilibrium equations. The yield-line theory is used to model the bending behavior of the base 

plate. The resulting base plate design is also checked for shear-friction resistance and anchor bolt 

shear. If the shear capacity is insufficient, bearing action to resist shear can be developed by 

adding shear lugs under the base plate. Shear checks are performed assuming no interaction 

between the shear and moment resistances.  

The limit-state functions g(x) for all failure modes used for the component and system 

reliability analyses are defined as the difference between the corresponding capacity and demand 

values: g(x) = (Capacity – Demand) (see Section 5.3.1), where x denotes the set of random 

variables. Failure is defined as the event where demand exceeds capacity, i.e., g(x) < 0, and does 

not necessarily correspond to a physical collapse of the connection. For the ductile failure modes, 

a redistribution of forces among the components of the connection is expected to occur. Such 

behavior is disregarded in this formulation. Additionally, the stiffness of the column base can be 

reduced due to this failure mode, resulting in a lower force demand for the remaining resistance 

mechanisms. Therefore, the exceedance of a limit-state function corresponding to a ductile 

failure mode does not represent the complete failure of the connection. Conversely, the 

exceedance of one or more limit-state functions corresponding to a brittle failure will indicate the 

failure of the system (see Fig. 5.9). 
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5.2.3 Identification of Random Variables 

Based on the typical configuration of a base plate connection required for global equilibrium of 

the system, the following components and parameters were defined as the random variables used 

for the reliability analysis of the assembly (see Fig. 5.3): 

• Plan dimensions of rectangular base plate (N-length × B-width).  

• Thickness of base plate (tPL). 

• Tension-yielding stress (Fy,pl) and ultimate tensile stress (Fu,PL) defined according to 

ASTM A-36 for steel plates. 

• Dimensions of the concrete foundations (selected as 2B × 2N × h, where h is the height of 

the pedestal).  

• Anchor bolt diameter (db). 

• Anchor bolt design strength (Fyb) defined according to ASTM F1554 for steel Grade 36, 

55, or 105 ksi, and ultimate strength (Fub).  

• Anchor plate plan dimensions (lap × bap) and embedment length (hef). 

• Edge distance from bolt centerline (dedge=1.5db) and spacing between anchor bolts 

(s=3db). 

• Concrete compressive strength (f′c). 

• Grout thickness (tg).  

• Column depth (dc) and flange width (bf). 

• Column plastic modulus (Zcol), which determines the plastic capacity of the section. 

• Steel column tensile (Fu,col) and yielding stress (Fy,col) defined according to ASTM A992 

or ASTM A572. 

• Loads: bending moment (M), shear force (V), and axial load (P).  

• Friction coefficient (μ) between the concrete surface and the steel plate.  

• Shear lugs dimensions (lsl-width, tsl-thickness, bsl-length). The material properties of a 

steel plate obtained from ASTM A36 are used and are the same as the base plate material.  

• Weld dimension (bw) and electrode strength (FEXX) of shear lugs.  
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Fig. 5.3 (a) Force equilibrium and base plate bending; (b) dimensions of base plate 
connection.  

The resulting vector of random variables X is then: 
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5.2.4 Failure Modes 

The following are the main failure modes that can occur in a typical exposed base plate 

connection subjected to a combination of bending moment, and axial and shear loads, 

determined according to the AISC Design Guide No.1-2005. 

5.2.4.1 Concrete Crushing 

Concrete crushing is developed when the concrete bearing stresses produced due to the 

assumption of rigid body rotation of the base plate exceed the maximum stress of the concrete 

pedestal:  
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The maximum bearing stress is defined as kff cp '85.0max = , based on Whitney’s 

equivalent stress block in concrete (ACI318-2005), where 212 ≤= AAk  is the concrete 

confinement coefficient. The k factor can be taken as 2, assuming that the area of the supporting 

(b)(a) 

T 

Y 

qmaxB 

N 

dedge 
M 

V 

P 

fpmax 

N

B 

0.95dc 

0.8bf 

dedge =1.5db 

n 

m 

x 

Y 



 79 
 

foundation is sufficiently large to provide adequate lateral confinement for the reinforced 

concrete pedestal ( 12 0.4 AA ≥ ) and adequate transverse reinforcement details are specified for 

the foundation element. Figure 5.4 illustrates this failure mode. 

 

Fig. 5.4 (a) Bearing stress distribution assuming rigid body rotation and no uplift of base 
plate; (b) concrete crushing failure mode. 

The resulting condition to avoid the concrete crushing failure mode is:  
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The resulting limit-state function takes the following form:  
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5.2.4.2 Yielding of Base Plate 

The yielding of the base plate can occur on each side of the plate for bending of the column base 

with respect to the strong axis of the cross section (see Fig. 5.5). 
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Fig. 5.5  Yielding of base plate.  

(a) Cantilever bending of base plate due to bearing stress distribution on the compression 

side: 

The largest cantilever span l of the base plate must be determined in order to obtain the 

critical bending section of the plate. This maximum span is determined as: 
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The column cross-sectional dimensions are the flange width, bf, and height, dc. The AISC 

Design Guide No.1-2005 suggests the use of the cantilever in the direction of bending with 

respect to the strong axis as the dimension l, i.e., ml = . Since the dimension l as defined above 

is a nondifferentiable piece-wise function, the maximum length obtained from design can be 

taken instead. For the present design of the W24×229 section, the maximum cantilever is 

obtained as 2)8.0( fbBnl −== , a formulation that will be used for this limit-state function. In 

order to avoid failure the following condition must be satisfied: plpln MM ≥, , where Mn,pl is the 

plastic moment of the plate ( )( ) 41 2
, pyppyppln tFZFM == , and Mpl is the load corresponding to 
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the bending of the largest cantilever bending due to the bearing stress distribution underneath the 

plate, which for large eccentricities will be the maximum concrete bearing stress fp,max:  
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To avoid yielding of the base plate, the following conditions must be specified: 
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Therefore, the resulting limit-state function for this failure mode is:  
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The dimension l is taken for simplicity as the largest cantilever obtained from design, in 

this case 2)8.0( fbBl −= . 

(b) Cantilever bending between column tension flanges and anchor bolts: 

The determination of the tensile forces in the anchor bolts is carried out as follows. The 

moment demand due to cantilever bending with a distance x between the anchor bolts and 

column tensile flanges is: ( ) 22 edgecpl ddNTTxM −−== . The effective width of the plate-

resisting bending should be determined at a 45o angle from the anchor bolts, ignoring base plate 

flexibility (see Fig. 5.6): ( )( ) ( )( )2222,min edgeceff ddNnxnBb −−== . Since beff is a 

nondifferentiable discontinuous piece-wise function, the minimum length obtained from design 

is used instead. The effective length determined for the design of the W24×229 column cross 

section is B. 

 

Fig. 5.6  Effective base plate width on the tension side. 
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To avoid failure the condition plpln MM ≥,  must be satisfied, which is equivalent to:  

( ) ( )
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2
, edgecpply ddN

T
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⋅≥  

The resulting limit-state function for this failure mode is then: 
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 (5.3) 

The effective width, beff obtained in this design is the total width of the base plate, B.    

5.2.4.3 Tension Yielding of Anchor Bolts  

Tension fracture of the anchor bolts can be avoided by specifying an extruded cross section An 

greater or equal to the gross cross section Ag of the bolts, a recommended and well-adopted 

design practice. The breakout failure of individual or a group of anchor bolts (see Fig. 3.2.1 and 

3.2.2 of AISC Design Guide No.1-2005) can be avoided by the use of sufficiently large anchor 

plates at the ends of the bolts, embedded in the concrete foundations. However, tension yielding 

of anchor bolts can be avoided only by adequately determining the number, the cross-sectional 

area, and the material strength of the anchor bolts. The tension in the anchor bolts is obtained by 

solving a quadratic equation that combines both vertical and moment equilibrium equations. The 

bearing stress fp for large eccentricities is equal to the maximum values fpmax.  

• Vertical equilibrium: PYqTFvertical −== max:0 , where BkfBfq cp '85.0maxmax == , and 

Y is the bearing length in the supporting concrete. 

• Moment equilibrium: ( ) ( )fePfYNYqM uboltsAnchor +−+−= 22:0 max_ , where the 

eccentricity PMe = , and the distance edgedNf −= 2 . 

From the equilibrium conditions above we obtain a quadratic equation for the bearing 

length Y:  
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The resulting solution to the equation can be written as: 
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The capacity of the anchor bolts ( )( ) ( )( ) 4/75.0275.02 2
bubbubn dFnAFnT π== , where n/2 

is the number of bolts on one side of the plate-resisting tension, should be greater or equal to the 

applied load T, TTn ≥  in order to avoid failure. This expression can also be expressed as: 
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The resulting limit-state function for this failure mode is: 
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  (5.4) 

5.2.4.4 Shear Failure 

The shear resistance is provided by a combination of three mechanisms. 

(a) Friction along the contact area between the concrete surface and the steel base plate:  

 The shear strength Vn is calculated according to the ACI 318-2002 criteria: 

ccfrictionn AfPV '2.0, ≤= μ . The friction coefficient μ is defined as 0.55 for steel on grout, 

and 0.7 for steel on concrete. In the present case the mean value will be taken as the 

friction coefficient of steel against grout with a value of 0.80; however μ is also a random 

variable. To guarantee friction shear resistance VV frictionn ≥, , or )'2.0,min( cc AfPV μ≤ . 

Two limit-state functions will then define the shear failure as a series system, where 

either one of the following conditions (Eq. 5.5 or 5.6) will produce failure of the 

connection:  

( ) VPXf −= μ5   (5.5)  

    ( ) ( ) VNBfXf c −= '2.06   (5.6)  
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 The second limit-state function represents an upper bound for the shear resistance by 

friction. For the present design this limit-state function does not govern the behavior and 

is omitted from the system formulation. 

(b) Bending and shear in the anchor bolts: 

 (b.1) Shear failure in anchor bolts (see Fig. 5.7): In this case, it is assumed as well that 

bending in the anchor bolts does not develop, since a relatively thin washer is specified 

and the anchor bolts are not long enough beyond the base plate to develop significant 

flexibility. For threaded or extruded (X) anchor bolts, the shear resistance per unit area 

Fnv is defined as ubnv FF 5.0= . The shear resistance of the anchor bolts is therefore 

simply: 4/5.0 2
bubbnvn dFAFV π== . The anchor bolts are assumed to be welded to the 

base plate through the washer. Conservatively, only half of the anchor bolts are assumed 

to be effective in resisting shear. To avoid shear failure in the anchor bolts bn RV ≥ , or 

( )2/4/5.0 2
bbub nVdF ≥π , where nb is the total number of anchor bolts specified for the 

connection. The resulting limit-state function for this failure mode is:  

( ) ( )2/4
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Vd
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π
 (5.7) 

 

Fig. 5.7 (a) Shear resistance developed in anchor bolts; (b) shear failure of anchor bolts 
and sliding of base plate.  

 (b.2) Concrete edge breakout due to shear in the anchor bolts must be checked as well, 

even though sufficient concrete area and edge distances beyond the base plate dimensions 

are specified. If the concrete foundation is reinforced with conventional longitudinal bars 

and transverse hoops as in a typical concrete pedestal design, this breakout failure can be 
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neglected. The concrete breakout resistance Vcbg is defined as 

( ) 5.1
16 '4.10 cfdAAV cbvovcbg ψ= . The modification factor Ψ6 is used to reduce the 

breakout capacity when the side cover limits the size of the breakout cone. This factor is 

taken as Ψ6=1 for the present design. The term c1 is the edge distance in the direction of 

load, determined as  ( )( ) 2221 edgedNNc −−= . The term Avo is the area of the full shear 

cone for a single anchor, 2
15.4 cAvo = . The Av term is the total breakout shear area for a 

single anchor or a group of anchors, ( ) 1
2

1 125.4 sFcncAv −+= , where F is a factor 

whose value is obtained from Figure 3.2.3 of the AISC Design Guide #1 as a function of 

( )edgedNc 21 − , and bds 3=  is the anchor bolt spacing in the transverse direction. To 

avoid edge breakout, the conditions VVcbg ≥  must be satisfied, which can also be 

rewritten as: 
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The resulting limit-state function for this failure mode is:  
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(c) Bearing of shear lugs installed underneath the base plate (see Fig. 5.8): 

 (c.1) Since the anchor rods are sized for only the required tensile forces to maintain 

moment equilibrium, the bearing capacity of the shear lugs against the concrete is defined 

as lcbrg AfP '8.0= , where Al is the embedded area beneath the concrete pedestal of nsl 

shear lugs spaced at a distance Ssl, )( groutslslsll tlbnA −= . To avoid concrete bearing failure 

the condition VPbrg ≥  must be satisfied, also rewritten as ( ) Vtlbnf groutslslslc ≥−'8.0 . 

The resulting limit-state function is:  

       ( ) ( ) VtlbnfXf groutslslslc −−= '8.09   (5.9) 
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Fig. 5.8 (a) Bearing stress distribution in grout adjacent to shear lugs; (b) bearing failure 
of shear lugs.  

 (c.2) The concrete shear resistance required to prevent edge breakout must also be 

checked. Assuming a uniform tensile stress cf '4 in the projected area of the shear lugs 

Av, at a 45o angle from the bearing edge of the shear lugs to the free surface, we have 

( )groutslslv tlbBhA −−= 2 . Figure 3.2.4 of AISC Design Guide No.1-2005 presents a 

scheme of this failure mode. The shear resistance is then 

( )( ) VtlbBhfAfV groutslslcvcn ≥−−== 2'4'4 . The limit-state function obtained for this 

failure mode is therefore:  

( ) ( )( ) VtlbBhfXf groutslslc −−−= 2'410  (5.10) 

 (c.3) The capacity of the cantilevered shear lug in bending due to the bearing stress 

distribution in the surrounding grout can be defined as ( ) 4/2
,, slslplyplysln tbFFZM == , 

where the thickness of the shear lug plate must not exceed that of the base plate. The 

bending moment in the shear lugs can be obtained as a function of the resultant of the 

bearing stress distribution, applied at mid-depth of the effective embedded length: 

( ) ( ) ( ) ( )( )22 groutslgroutslembgroutslcantilever tltnVhtnVM −+⋅=+⋅=  

To avoid bending failure of the shear lug in bending: cantilevern MM ≥  or 

( ) ( ) ( )( )24/2
, groutslgroutslslslply tltnVtbF −+≥ . The resulting limit-state function describing this 

failure is: 

V tPL 

tg 

0.8f’c 

lsl 

(a) (b) 



 87 
 

( ) ( ) ( )







 −
+⋅








−=

24

2

,11
groutsl

grout
sl

slsl
ply

tl
t

n

Vtb
FXf   (5.11) 

 (c.4) The weld capacity of the shear lugs to the base plate is defined as 

( )wEXXwEXXw bFtFF 707.06.060.0 == . The contact area Aw of the fillet weld is 

( ) slwslw bbtA 2+= , the compression stress in the weld is wcantilverc AMf = , and the shear 

stress in the weld is wv NAVf = . The weld capacity must be greater or equal to the weld 

stress resultant to avoid failure: 22
vcrw fffF +=≥ , which can also be expressed as: 
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The limit-state function is therefore:  
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5.2.4.5 Pull-Out Failure of Anchor Bolts 

The concrete breakout strength is defined as ( ) ( ) "11,'24ψ2 5.1
3 ≤= efNoNefccbg hAAhfnN , and 

( ) ( ) "11,'16ψ2 35
3 >= efNoNefccbg hAAhfnN . The latter applies for the present case. The factor 

ψ3 is taken as 1.25 for uncracked concrete and 1.0 for cracked concrete. AN and ANo are the 

concrete breakout cone area for group and single anchor, respectively, obtained from the 

geometry of the anchor bolts layout and resulting in a value of 1.0 for the present design. To 

avoid pull-out failure, the condition TNcbg ≥  must be satisfied. This condition can also be 

expressed as ( ) ( ) TAAhfn NoNefc ≥35
3 '162 ψ , where T was defined for the tension-yielding 

failure mode. The resulting limit-state function is:  
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5.2.4.6 Bearing of Anchor Bolts against Base Plate 

A bearing failure of the base plate or pull-through failure of the anchor bolts due to shear can 

occur, and the critical bearing length, Lc of the plate must be checked: 

)3,5.1min( bbedgec dspacingsddL =−== . For standard bolt-hole sizes (dhole=db+1/8″), the 

bearing resistance of the plate is defined by the Specification of Steel Construction LRFD as 

pluplbpluplcn FtdFtLR ,, 0.35.1 ≤= . A conservative assumption is that only half of the total number 

of bolts in the assembly are in bearing and resisting shear. Greater slip of the base plate and 

deformation would be required in order for all the anchor bolts to be considered effective in 

resisting shear. The shear demand Rb on each bolt is therefore ( )2// nVRb = , where n is the total 

number of bolts (determined as 6 for the present design). To avoid bearing failure the conditions 

bn RR ≥  must be satisfied, rewritten as ( ) ( )2/0.35.1 ,, nVFtdFtL pluplbpluplc ≥≤ . The behavior of 

this system consists of a series system of the following limit-state functions (Eqs. 5.14 and 5.15):  

( ) ( )2/5.1 ,14 nVFtLXf pluplc −=     (5.14)  

( ) ( )2/0.3 ,15 nVFtdXf pluplb −=     (5.15) 

5.2.4.7 Fracture of Welds 

Due to geometrical constraints, the stress concentration in the welds is considered to be complex 

and its behavior unpredictable and extremely susceptible to flaws. Oversized weld thickness and 

electrode capacity has been specified in engineering practice to avoid this type of failure. Very 

few welding failures have been detected in properly welded base plate connections, and therefore 

this type of failure will not be considered in the analysis. 

5.2.4.8 Plastic Hinge in the Column Base 

The formation of a plastic hinge in the column base will not produce the failure of the 

connection, since the forces developed in the frame will be limited by the plastic capacity of the 

elements. Therefore, the condition MM coln ≥, , where Mn,col is the plastic moment of the column 

cross section at the base determined as colycolpn ZFMM ==  will automatically be satisfied.  
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5.3 RELIABILITY ANALYSIS  

5.3.1 System Definition 

Selection of base plate dimensions and material strengths following the AISC Design Guide 1-

2005 method resulted in some highly unlikely failure modes (i.e., these failure modes have high 

safety factors, see Appendix D). They are concrete edge breakout due to shear in the anchor bolts 

(limit-state function f8) and due to bearing in the shear lugs (limit-state function f10), anchor bolt 

pull-out failure (limit-state function f13), bearing failure of the base plate (limit-state functions f14 

and f15), bending failure of the shear lugs (limit-state function f11), and column-to-base-plate 

weld failure. These failure modes are therefore ignored in the reliability analysis for the 

following reasons. Concrete edge breakout can easily be prevented through sufficient concrete 

area and edge distances, as well as transverse reinforcement in the concrete foundation. Pull-out 

failure of the anchor bolts is prevented by longitudinal reinforcement of the concrete foundation. 

Since the SMRF is located in a high seismic hazard zone, it is assumed that the foundations of 

the building have adequate longitudinal and transverse reinforcement details. The bearing 

capacity of a steel plate resisting shear in the anchor bolts is generally very high, and for this 

particular design, this failure mode presents a high reliability index. The capacity of the shear 

lugs in bending is also very high in the current design of the connection, since two shear lugs 

with relatively thick plates are specified. Therefore, this failure mode is also disregarded from 

the system formulation. 

A hierarchy of column base connection failure modes used in the reliability analysis is 

shown in Figure 5.9.  



 90 
 

 

 

Fig. 5.9  System failure scheme for one load combination. 

A typical base plate connection in a moment-resisting frame can be viewed as a general 

system combined of series and parallel subsystems. The failure of the concrete foundation, the 

steel base plate, the anchor bolts, or the shear resistance mechanisms will produce the global 

failure of the assembly. This system formulation consists of a series system of six possible 

failure modes (cut sets). The first four failure modes consist of one component each, described 

by one limit-state function. The final two failure modes corresponding to two types of shear 

failures are described as parallel subsystems. One subsystem is defined as friction-bolt shear 

failure, the other as friction-bearing failure.  

The failure of the friction mechanism and the sliding of the base plate are necessary to 

develop shear resistance in the anchor bolts and bearing of shear lugs against the adjacent 

concrete and grout. However, the interaction between these shear resistance mechanisms is not 

included in the formulation of the system. 

The limit-state functions used for the component and system reliability analysis are 

renumbered and defined as follows: 

1. Concrete crushing (see Eq. 5.1):  

( ) ( ) 
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2. Yielding of the base plate due to cantilever bending on the compression side (see Eq. 
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3. Yielding of the base plate due to cantilever bending on the tension side (see Eq. 5.3):  
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4. Tension yielding of anchor bolts (see Eq. 5.4):   
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The parameter Cub1=0.75 is a coefficient for ultimate stress of the anchor bolts in tension. 

Only two bolts are assumed to be effective in resisting shear in the connection. 

5. Friction failure or sliding of base plate (see Eq. 5.5): ( ) VPXg −= μ5   

6. Shear failure in the anchor bolts (see Eq. 5.7):  

( )
24

2

28

Vd
FCXg b

ubub −=
π

 

The parameter Cub2=0.50 is a coefficient for ultimate stress of the anchor bolts in shear.  

7. Bearing failure of the shear lug against the adjacent concrete (see Eq. 5.9): 

( ) ( ) VtlbnfCXg groutslslslcbrg −−= '8 , where Cbrg=0.80 is a concrete bearing coefficient.  

 

The minimum cut-set formulation of the system is: Cmin={(1)(2)(3)(4)(5,6)(5,7)}, i.e., the 

failure of the system can occur due to six failure modes. The component and system reliability 

analyses are carried out using the first-order reliability method (FORM) and the improved HL-

RF algorithm, which is independent of the limit-state formulation and guarantees fast 

convergence of the reliability problem. A second-order approximation of the limit-state functions 

(SORM) through point-fitting is also performed for some components of the system, to verify the 

accuracy of the FORM approximation. Computations are carried out using the CalREL software 

(Der Kiureghian et al. 2006).  

The system reliability analysis is carried out for four seismic hazard levels, including the 

low (50% in 50 yrs PE), moderate (10% in 50 yrs PE), and high (2 and 5% in 50 yrs PE). The 

total probability of failure of the connection is obtained as a function of the conditional failure 

probabilities for different hazard or intensity levels.  
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5.3.2 Summary of Random Variables and Parameters 

The design of a base plate connection is carried out for an external column section W24×229 of 

the ATC-58 office building, consisting of a low-rise moment-resisting frame (three-story, three-

bay frame) located in a high seismic zone in Berkeley, California, and designed according to the 

AISC Seismic Provisions (2005). Table 5.2 summarizes the random variables (RVs) used in the 

reliability analysis of this column base connection. These random variables and their 

distributions represent different column base components and parameters that influence the 

behavior of the selected column base connection at different hazard levels defined for this site. 

The mean values of dimensions and mechanical properties of the connection’s components are 

established following the AISC Design Guide No.1-2005 procedure.  

The standard deviations of the dimensions of steel components are established according 

to the tolerances specified by ASTM A6-05 for structural steel elements. The variability in 

anchor bolt diameter is defined according to the tolerances defined in ASTM F1554-04. The 

tolerances during the construction of the base plate connection, related to the distance between 

the edge of the base plate and the bolt centerline, as well as the thickness of the grout underneath 

the base plate is defined according to the Code of Standard Practice by AISC (2000). The 

variability for dimension variables with normal distribution is defined in this project by 

establishing the standard deviation as the tolerance of every steel or concrete component 

 (σi=toli). 

The normal distribution is assumed for dimension random variables with a relatively 

small coefficient of variation (c.o.v.<0.1), where negative dimension values are not likely to 

occur. The large amount of available statistical data of fundamental mechanical measures 

justifies the use of the normal distribution for the dimension random variables. Conversely, for 

dimension random variables with a relatively high coefficient of variation (c.o.v.>0.1), a beta 

distribution is assumed with upper and lower bounds defined as the mean value plus and minus 

the specified tolerance, respectively. The dimensions of the base plate, shear lugs, anchor bolts 

and grout thickness are considered to be statistically independent.  

The variability of the material strengths for structural steel sections and plates are defined 

according to ASTM A992-04 and Liu (2005). The variability in the ultimate stress of the anchor 

bolts is defined by ASTM F1554-04, while the mean and dispersion in the concrete compressive 

strength is determined according to MacGregor (2005). The material strengths of different 
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components in the system are also assumed to be statistically independent. A lognormal 

distribution is specified for the material strength random variables, since collected test data have 

indicated such a distribution.  

The friction coefficient is taken to have a relatively high mean value of 0.80 as 

recommended by the AISC Design Guide No.1-2005 procedure. This value is used for this 

specific project, since net tension rarely occurs, even under severe ground motions corresponding 

to the highest seismic hazard level. For other moment-resisting frame with uplift forces and large 

eccentricities developing in the column base under severe seismic loading causing degradation of 

the contact surface between the concrete and the steel base plate, a friction coefficient of 0.4 is 

recommended (Fisher and Kloiber 2005). 

The load values used in the reliability analysis are established as the joint reactions of the 

external column of the SMRF obtained from a suite of nonlinear time history analysis of the 

frame using seven records for each hazard level. Three critical loading cases corresponding to 

situations where the axial force, shear force, or bending moment take on maximum values 

(respectively described as Pmax, Vmax, and Mmax cases) are considered, computing the remaining 

loads for each case at the corresponding time step of each record. The resulting mean load values 

and corresponding coefficients of variation computed for each hazard level are presented in 

Table 5.2. The load case corresponding to the maximum bending moment (Mmax) and the 

corresponding shear (Vm) and axial (Pm) loads occurring at the same time instant is found to be 

the most critical for the connection, resulting in the highest failure probabilities. Additional load 

cases are also considered in the analysis but are not presented in this paper for brevity. The 

gravity load is included in the seismic axial load of the steel column transferred to the column 

base. The Nataf joint distribution model (Liu and Der Kiureghian 1986) is assumed for the loads. 

A Gumbel distribution (Type I largest value) is assumed for the critical load value, which can be 

justified as the appropriate distribution for extreme response values obtained from a complete 

time history record. The lognormal distribution is used for the remaining load random variables. 
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Table 5.2  Summary of random variables. 

RV Xi Description Distribution Units μi-Mean c.o.v.i σi-St. dev. Reference/Source 

Dimensions 

dc X1 Column depth Normal in 26.02 0.01 0.125 ASTM A6-05 

bf X2 Column flange width  Normal in 13.11 0.01 0.1875 ASTM A6-05 

N X3 Base plate length Normal in 38.0 0.025 1.0 ASTM A6-05 

B X4 Base plate width Normal in 25.0 0.040 1.0 ASTM A6-05 

tPL X5 Base plate thickness Normal in 3.75 0.03 0.11 ASTM A6-05 

lsl X6 Shear lug depth Beta in 3.5 0.15 0.50 ASTM A6-05 

bsl X7 Shear lug length Normal in 25.0 0.025 0.75 ASTM A6-05 

db X8 Anchor bolt diameter Normal in 2.0 0.05 0.10 ASTM F1554-04 

dedge X9 Edge distance from bolt 

centerline  

Normal in 3.0 0.085 0.25 AISC-Code Standard 

Practice (2000) 

tgrout X10 Grout thickness Beta in 2.0 0.25 0.50 AISC-Code Standard 

Practice (2000) 

Material Strength 

Fy,col X11 Column steel yield stress, 

Grade 50 

Lognormal ksi 60 0.05 3.0 ASTM A992-04, Liu 

(2003) 

Fy,PL X12 Base plate steel yield 

stress, Grade 36 

Lognormal ksi 50 0.07 3.5 ASTM A992-04, Liu 

(2003) 

Fub X13 Anchor bolt ultimate stress, 

Grade 105 

Lognormal ksi 137.5 0.10 12.5 ASTM F1554-04 

f′c X14 Concrete compressive 

strength (4 ksi) 

Lognormal ksi 4.8 0.15 0.60 MacGregor (2005) 

Coefficients 

μ X15 Friction coefficient Beta - 0.80 0.30 0.24 Fisher, Kloiber (2005) 

Loads 

High hazard level -Collapse Prevention (2% in 50 yrs PE): Case Vmax 

Pv X16 Seismic axial load  Lognormal Kips 430.5 0.04 17.2 

Vmax X17 Seismic shear force Gumbel Kips 248.7 0.12 29.4 

Mv X18 Seismic bending moment  Lognormal Kip-in 33871.6 0.12 4064.6 

 

Appendix D 

 

High hazard level-Collapse Prevention (2% in 50 yrs PE): Case Pmax 

Pmax X16 Seismic axial load  Gumbel  Kips 453.8 0.03 13.6 

Vp X17 Seismic shear force Lognormal Kips 208.1 0.15 31.2 

Mp X18 Seismic bending moment  Lognormal Kip-in 33610.6 0.11 3697.2 

 

Appendix D 

 

High hazard level-Collapse Prevention (2% in 50 yrs PE): Case Mmax 

Pm X16 Seismic axial load  Lognormal Kips 432.6 0.07 30.3 

Vm X17 Seismic shear force Lognormal Kips 241.6 0.13 31.4 

Mmax X18 Seismic bending moment  Gumbel  Kip-in 35664.2 0.08 2853.1 

 

Appendix D 
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Table 5.2—Continued. 

RV Xi Description Distribution Units μi-Mean c.o.v.i σi-St. dev. Reference/Source 

High hazard level-Life Safety (5% in 50 yrs PE) : Case Pmax 

Pmax X16 Seismic axial load  Gumbel Kips 432.2 0.01 4.3 

Vp X17 Seismic shear force Lognormal Kips 198.6 0.08 15.9 

Mp X18 Seismic bending moment  Lognormal Kip-in 31091.5 0.05 1554.6 

 

Appendix D 

 

High hazard level-Life Safety (5% in 50 yrs PE) : Case Vmax 

Pv X16 Seismic axial load  Lognormal Kips 418.2 0.03 12.5 

Vmax X17 Seismic shear force Gumbel Kips 225.5 0.08 18.0 

Mv X18 Seismic bending moment  Lognormal Kip-in 31234.9 0.08 2498.8 

 

Appendix D 

 

High hazard level-Life Safety (5% in 50 yrs PE) : Case Mmax 

Pm X16 Seismic axial load  Lognormal Kips 430.6 0.01 4.31 

Vm X17 Seismic shear force Lognormal Kips 218.4 0.09 19.7 

Mmax X18 Seismic bending moment  Gumbel  Kip-in 32466.8 0.03 974.0 

 

Appendix D 

 

Moderate hazard level- Immediate Occupancy  (10% in 50 yrs PE): Case Pmax 

Pmax X16 Seismic axial load  Gumbel Kips 429.8 0.01 4.3 

Vp X17 Seismic shear force Lognormal Kips 197.9 0.07 13.9 

Mp X18 Seismic bending moment  Lognormal Kip-in 30000.1 0.08 2400.0 

 

Appendix D 

Moderate hazard level- Immediate Occupancy  (10% in 50 yrs PE): Case Vmax 

Pv X16 Seismic axial load  Lognormal Kips 419.1 0.03 12.6 

Vmax X17 Seismic shear force Gumbel Kips 212.7 0.11 23.4 

Mv X18 Seismic bending moment  Lognormal Kip-in 29909.9 0.09 2691.9 

 

Appendix D 

 

Moderate hazard level- Immediate Occupancy  (10% in 50 yrs PE): Case Mmax 

Pm X16 Seismic axial load  Lognormal Kips 428.8 0.01 4.3 

Vm X17 Seismic shear force Lognormal Kips 206.5 0.08 16.5 

Mmax X18 Seismic bending moment  Gumbel  Kip-in 30568.7 0.09 2751.2 

 

Appendix D 

 

Low hazard level- Operational (50% in 50 yrs PE): Case Pmax 

Pmax X16 Seismic axial load  Gumbel Kips 355.8 0.08 28.5 

Vp X17 Seismic shear force Lognormal Kips 116.1 0.24 27.9 

Mp X18 Seismic bending moment  Lognormal Kip-in 16424.4 0.23 3777.6 

 

Appendix D 

 

Low hazard level-Operational (50% in 50 yrs PE): Case Vmax 

Pv X16 Seismic axial load  Lognormal Kips 351.7 0.09 31.7 

Vmax X17 Seismic shear force Gumbel Kips 121.6 0.22 26.8 

Mv X18 Seismic bending moment  Lognormal Kip-in 16901.7 0.22 3718.4 

 

Appendix D 

 

Low hazard level-Operational (50% in 50 yrs PE): Case Mmax 

Pm X16 Seismic axial load  Lognormal Kips 354.4 0.08 28.4 

Vm X17 Seismic shear force Lognormal Kips 121.4 0.23 27.9 

Mmax X18 Seismic bending moment  Gumbel  Kip-in 16997.3 0.21 3569.4 

 

Appendix D 
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The correlation between the seismic shear, the bending moment, and the axial loads is 

also determined based on seven records for each hazard level and critical load cases (Pmax, Vmax, 

and Mmax). The correlation coefficients computed are presented in Table 5.3.  

Table 5.3 Correlation coefficient between seismic loads on connection, computed for 

different hazard levels based on 7 records. 

Hazard level Case ρP-V ρP-M ρM-V 

Pmax 0.65 0.80 0.96 

Vmax 0.46 0.91 0.79 

 

2% in 50 yrs PE 

Mmax -0.65 -0.12 0.81 

Pmax 0.65 0.77 0.75 

Vmax -0.17 0.57 0.59 

 

5% in 50 yrs PE 

Mmax 0.19 0.78 0.70 

Pmax 0.62 0.93 0.83 

Vmax -0.63 -0.16 0.85 

 

10% in 50 yrs PE 

Mmax 0.68 0.91 0.90 

Pmax 0.96 0.97 1.00 

Vmax 0.78 0.86 0.99 

 

50% in 50 yrs PE 

Mmax 0.74 0.82 0.99 

 

Since nonlinear behavior is developed in the steel frame for ground motion of moderate 

to high intensity, the relation between the axial, shear, and bending moment at the connection 

does not present a clear linear tendency (see Appendix D). Conversely, for the low hazard level 

(50% in 50 yrs PE), the correlation coefficients between the bending moment and the shear force 

are close to 1.0, indicating a nearly perfect linear relationship between these responses, as 

observed in Appendix D. For the other two cases (ρP-V, ρM-V), the correlation coefficients are 

high and approach a value of 1.0; however, some dispersion can be observed in the data and a 

perfect linear relation cannot be established for the axial load. 

Several parameters are defined for the limit-state formulation corresponding to different 

coefficients used in the design procedure of the connection, defined according to AISC Design 

Guide No.1-2005 (see Table 5.4). A sensitivity analysis is carried out for these parameters to 

determine the effect of small variations in the values of the limit-state parameters on the failure 

probability and reliability index of the connection. 
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Table 5.4   Summary of limit-state parameters. 

Parameter θi Description Units Value 

k θ1 Concrete confinement coefficient for maximum stress - 2.0 

Cub1 θ2 Coefficient for tension in anchor bolts - 0.75 

Cub2 θ3 Coefficient for shear in anchor bolts - 0.50 

Cbrg θ4 Coefficient for bearing of shear lugs - 0.80 

5.4 DISCUSSION OF RESULTS  

5.4.1 Critical Load Case 

The critical load case between Pmax, Vmax, or Mmax is determined through a system reliability 

analysis using three different data sets of the demand loads in the base plate connection, for the 

high hazard level (2% in 50 yrs PE). The results of the reliability index and first-order failure 

probability for the system obtained for each load case are presented in Table 5.5.  

Table 5.5 Reliability index and failure probability for the high hazard level (2% in 50 yrs 

PE) using three different load cases. 

Load case  

Pmax Vmax Mmax 

Reliability index β 0.684 0.577 0.404 

Failure probability Pf1 (%) 24.7 28.2 34.3 

 

Evidently, the Mmax load case has the highest failure probability. However, the general 

orientation of the failure domain must be examined as well for the predominant failure modes of 

the connection, to justify the use of a single critical load case for the system reliability and 

sensitivity analysis. 

Using the minimum cut-set formulation for the system, the reliability results of each 

failure mode are combined to obtain the connection’s overall performance. The results for the 

reliability index and failure probability of each component and the system are presented in Table 

5.6. As can be observed, the predominant failure modes include the yielding of the base plate on 

the compression side (ductile failure) and the concrete crushing (brittle failure). The shear failure 

consisting of friction failure and bearing failure of the shear lugs against the adjacent concrete 
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also represent an important failure mode of the connection. Similar results are obtained for the 

other two load cases (Vmax, Pmax).  

Table 5.6 System reliability index and failure probability for the high hazard level (2% in 

50 yrs PE) and the Mmax load case. 

Failure Mode Description β Pf1  

1 Concrete crushing 1.570 5.818x10-2 

2 Yielding of base plate (compression side) 0.537 2.956x10-1 

3 Yielding of base plate (tension side) 3.261 5.554x10-4 

4 Tensile yielding of bolts 2.121 1.695x10-2 

5 Friction & bolt shear 6.579 2.370x10-11 

6 Friction & bearing of shear lugs 2.028 2.129x10-2 

System 0.404 3.431x10-1 

 

The alpha (α) vectors are unit vectors in the standard normal space directed toward the 

failure domain of each limit-state function. These are shown in Table 5.7 for limit states 1, 2, 5, 

and 7, which define the three most important failure modes as described above. The angle 

between these vectors obtained for different load cases (Pmax, Vmax, Mmax) are presented for the 

predominant failure modes of the connection (see Table 5.8). 
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Table 5.7 α vectors for the connection’s predominant failure modes, computed for each 

load case for the high hazard level (2% in 50 yrs PE). 

Limit-state 

function 

1 2 5 7 

No. RV Pmax Vmax Mmax Pmax Vmax Mmax Pmax Vmax Mmax Pmax Vmax Mmax 

1 dc 0 0 0 0 0 0 0 0 0 0 0 0 

2 bf 0 0 0 -0.111 -0.1085 -0.1234 0 0 0 0 0 0 

3 N -0.2939 -0.2843 -0.3134 -0.2871 -0.2785 -0.3158 0 0 0 0 0 0 

4 B -0.2324 -0.2243 -0.247 0.5225 0.511 0.5814 0 0 0 0 0 0 

5 tPL 0 0 0 -0.3267 -0.3178 -0.3599 0 0 0 0 0 0 

6 lsl 0 0 0 0 0 0 0 0 0 -0.8451 -0.8387 -0.8373

7 bsl 0 0 0 0 0 0 0 0 0 -0.0339 -0.0373 -0.0367

8 db 0 0 0 0 0 0 0 0 0 0 0 0 

9 dedge 0 0 0 0 0 0 0 0 0 0 0 0 

10 tgrout 0 0 0 0 0 0 0 0 0 0.4822 0.4997 0.4953

11 Fy,col 0 0 0 0 0 0 0 0 0 0 0 0 

12 Fy,PL 0 0 0 -0.3864 -0.3762 -0.4265 0 0 0 0 0 0 

13 Fub 0 0 0 0 0 0 0 0 0 0 0 0 

14 f′c -0.7119 -0.688 -0.757 0 0 0 0 0 0 -0.1464 -0.1609 -0.1586

15 μ 0 0 0 0 0 0 -0.9908 -0.9924 -0.9742 0 0 0 

16 P 0.4892 0.5639 -0.0361 0.4963 0.5619 -0.0782 0.0726 0.0157 -0.1908 0.1162 0.0663 -0.1080

17 V 0.3265 0.2677 0.5117 0.3507 0.292 0.4752 0.1142 0.1220 0.1205 0.1313 0.1236 0.1245

18 M 0.0823 0.0774 0.0678 0.0825 0.0774 0.0597 0 0 0 0 0 0 

Table 5.8 Angles φ between α vectors for the connection’s predominant failure modes, 

computed between each load case for the high hazard level (2% in 50 yrs PE). 

 Limit-state function 

Load cases 1 2 5 7 

 (Pmax-Mmax) 32.5o 34.6o 15.2o 12.9o 

(Vmax-Mmax) 38.1o 39.4o 11.9o 10.0o 

 

Appendix D presents the results for the remaining failure modes and hazard levels. As 

observed, all angles between the � vectors obtained from different load cases for each failure 

mode are much smaller than 90o. As a result, a strong correlation between these load cases is 

obtained, computed as )cos(φααρ =•= jiij >0.5. This indicates that the � vectors have similar 

orientations and, therefore, the direction of the failure domain can be considered approximately 

independent of the load case and the reliability analysis can be performed for a single critical 

load case, Mmax, presenting the highest failure probabilities and lowest reliability indices for the 
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individual components and the overall connection. Essentially, the failure domains for the other 

two load cases are subsets of the failure domain for the load case  Mmax. This is conceptually 

shown in Figure 5.10.  

 

Fig. 5.10  Determination of critical load case. 

For a more exact evaluation of the connection’s failure in the case of exceptionally 

different directions of the failure domain obtained from different loading conditions (Pmax, Vmax, 

Mmax), the system formulation must consist of a series system of the previous cut-set formulation 

(see Fig. 5.11), with the following minimum cut-set formulation: 

Cmin={(1)(2)(3)(4)(5,6)(5,7)(8)(9)(10)(11)(12,13)(13,14)(15)(16)(17)(18)(19,20)(19,21)}. 

 

Fig. 5.11  System failure scheme for different load combinations. 
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The additional limit-state functions are identical to the first set of functions; however, the 

load demand values correspond to another critical load case. Even this extended cut-set 

formulation is a subset of the complete loading history and combinations that can occur in the 

assembly, and therefore it represents only a lower bound for the failure probability according to 

Turkstra’s rule (Turkstra and Madsen 1986). The critical loading condition in the connection will 

not necessarily occur when one of the bending moments, or shear or axial forces are at their 

maximum value (Mmax, Vmax and Pmax load cases, respectively); however, it is expected that it will 

be closely related to these maximum load cases. 

5.4.2 FORM vs. SORM Approximation 

The adequacy of the first-order reliability method (FORM) is verified through a comparison with 

the point-fitting second-order reliability method (SORM) (Der Kiureghian 2005a). The results of 

FORM and SORM component reliability analysis computed for the high hazard level 

corresponding to 2% in 50 yrs PE are presented in Table 5.9. 

Table 5.9 FORM and SORM component reliability analysis results computed for the high 

hazard level (2% in 50 yrs PE). 

Component Description βFORM βSORM Pf1,FORM (%) Pf2,SORM (%) ΔPf (%) 

1 Concrete crushing 1.570 1.501 5.81 6.66 12.7 

2 Yielding of base plate, compression side 0.537 0.491 29.56 31.15 5.1 

3 Yielding of base plate, tension side 3.261 3.268 0.055 0.054 2.6 

4 Tension yielding of anchor bolts 2.121 2.086 1.70 1.85 8.4 

5 Friction 0.939 0.915 17.40 18.00 3.3 

6 Anchor bolt shear 6.608 6.596 0 0 0 

7 Shear lugs bearing 0.127 0.309 44.94 38.27 17.4 

 

On average, the difference between FORM and SORM component reliability analysis 

results is around 10%. Components 1 and 7 display higher differences between SORM and 

FORM, indicating higher nonlinearity in the limit-state function. The failure probabilities 

obtained through the first-order approximation are generally smaller than for the second-order 

results. The curvatures of the limit-state functions were not analyzed to verify the adequacy of 

the SORM approximation due to the high complexity in the limit-state formulation and the large 
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number of random variables involved. Since an upper bound is not defined for the error in the 

approximation using any of the two methods and the results are relatively similar overall, the 

FORM reliability method is considered suitable for a general approximation of the connection 

reliability study. The system reliability analysis is therefore based on the FORM component 

reliability analysis.  

5.4.3 Component Reliability Analysis 

The component reliability analysis results computed for the high hazard level (2% in 50 yrs PE) 

are presented in Table 5.9. The results for the remaining hazard levels, presented in Appendix D, 

display a similar contribution of the different failure modes to the system failure. As discussed 

previously, the predominant failure modes in the connection are the yielding of the base plate 

and concrete crushing, both occurring on the compression side of the plate with individual failure 

probabilities of 29.56 and 5.82% (FORM approximation), respectively. The shear failure 

obtained due to base plate sliding and shear lug bearing failure is the third most likely failure 

mode, with a failure probability of 2.13%. Tension yielding of the anchor bolts resulted in a 

failure probability of 1.70%, while shear failure due to sliding of the base plate and anchor bolt 

shear failure had a zero failure probability, even for the high seismic hazard level. 

5.4.3.1 Design Point 

The yielding failure of the base plate cantilever due to the bearing stress distribution on the 

compression side of the plate, corresponding to component or limit-state function 2, is the 

predominant failure mode for all hazard levels (see Table 5.10).  

Table 5.10 Reliability index and failure probability for the yielding of the base plate on the 
compression side, computed for all hazard levels considered. 

Hazard level βFORM Pf1,FORM (%) 

2% in 50 yrs PE 0.537 29.56 

5% in 50 yrs PE 1.189 11.71 

10% in 50 yrs PE 1.436 7.55 

50% in 50 yrs PE 3.073 0.11 
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following variables: [ ]TplyPLf PMFtBNbX ,,,,,, ,= . Therefore the results for the design point in the 

original and standard normal spaces, importance vectors, and sensitivity analysis ignore all other 

random variables and parameters. Using the improved HL-RF algorithm starting at the mean 

point, after 4 to 5 iterations the final reliability index and first-order approximation of the failure 

probability Pf1 are computed. The design point in the original space and its relation to the mean 

are presented in Table 5.11. 

Table 5.11 Design point in original space (x*) obtained for base plate yielding on 
compression side for the high hazard level (2% in 50 yrs PE). 

RV-Random Variable μ- Mean μ vs. x* x*- Design point RV classification 

dc 26.02 = 26.02     - 

bf 13.11 > 13.10     Capacity 

N 38.0 > 37.83     Capacity 

B 25.0 < 25.31      Demand 

tPL 3.75 > 3.729     Capacity 

lsl 3.5 = 3.50      - 

bsl 25.0 = 25.0     - 

db 2.0 = 2.0      - 

dedge 
3.0 

= 3.0      - 

tgrout 2.0 < 2.168      Demand 

Fy,col 
60 

> 59.93      Capacity 

Fy,PL 
50 

> 49.09    Capacity 

Fub 
137.5 

> 136.9     Capacity 

f′c 4.8 
> 4.763     Capacity 

μ 0.80 < 0.9063     Demand 

P 432.6 > 430.3    - 

V 241.6 < 246.5     - 

M 35664.2 < 35890.0     - 

        

In general, random variables corresponding to the capacity of the connection have a 

slightly lower value than the mean at the design point at failure, while the variables 

corresponding to demand loads or having a negative contribution to the connection’s capacity 

have larger values than the mean. There may be some exceptions to this rule, especially when the 
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variables are highly correlated. Random variables with a negligible contribution to the survival 

or failure of this specific resistance mechanism maintained the mean values for the design point. 

Since the largest cantilever length of the base plate is ( ) 280.0 fbB − , the width of the plate is a 

demand random variable, while the flange width is a capacity variable. Namely, the larger the 

width of the base plate B, the higher the bending demand on the base plate and its probability of 

yielding. Conversely, a thicker base plate tPL with higher the yield strength Fy,PL and a longer 

column flange width bf produce a more reliable connection. Also, a larger base plate length 

resulting in lower bearing stress values in the supporting concrete will also reduce the bending 

demand on the plate.  

The bending moment (M), axial load (P), and shear force (V) in the connection are 

correlated with different positive and negative correlation coefficients computed for each hazard 

level. Therefore, it is difficult to determine the nature of these variables (as demand or capacity 

variables) based on a comparison of the design point with respect to its mean vector. Since the 

bending moment and axial load increase the bearing stress in the supporting concrete and the 

bending demand on the plate, both random variables are expected to represent demand variables. 

However, since the resulting eccentricity of the connection (bending moment divided by axial 

load) is reduced as well, the random variable corresponding to the axial load is contributing to 

the resistance of the connection, as observed in Table 5.11. On the other hand, the shear and 

bending moment are classified as demand variables according to the results in Table 5.11, 

increasing the failure probability of the plate. This might not be the case for other failure modes 

of the connection. 

The failure mode of the connection due to concrete crushing (limit-state 1) presents 

similar results to the discussion above. The design point results for the bearing failure of the 

shear lugs against the adjacent concrete are presented in Table 5.12. The limit-state function for 

this failure mode ( ) ( ) VtlbnfCXg groutslslslcbrg −−= '8  involves the following random variables: 

[ ]Tgslslc VtlbfX ,,,,'= .  
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Table 5.12 Design point in original space (x*) obtained for shear lugs bearing failure for 
the high hazard level (2% in 50 yrs PE). 

RV- Random Variable μ- Mean μ vs. x* x*- Design point RV classification 

dc 26.02 = 26.02     - 

bf 13.11 = 13.11     - 

N 38.0 = 38.0     - 

B 25.0 = 25.0   - 

tPL 3.75 = 3.75     - 

lsl 3.5 > 3.414      Capacity 

bsl 25.0 = 25.0     - 

db 2.0 = 2.0      - 

dedge 
3.0 

= 3.0      - 

tgrout 2.0 < 2.199      Demand 

Fy,col 
60 

> 59.93      Capacity 

Fy,PL 
50 

> 49.88    Capacity 

Fub 
137.5 

> 136.9     Capacity 

f′c 4.8 
> 4.751     Capacity 

μ 0.80 < 0.9063     Demand 

P 432.6 > 431.1    - 

V 241.6 > 240.2     - 

M 35664.2 > 35240.0     - 

 

As expected, the compressive strength of the concrete foundation and dimensions of the 

shear lugs are the main capacity variables contributing to the resistance of the connection. A 

similar comparison can be carried out for the remaining components of the system, according to 

the results presented in Appendix D. As discussed above, since the random variables 

corresponding to the loads in the connection are correlated, their contribution to the connection’s 

failure cannot be determined through a comparison of the design point with respect to its mean 

vector.  

5.4.3.2 Importance Vectors  

The importance vectors, α, γ, δ, η, are presented in Table 5.13 for the failure mode by plate 

yielding on the compression side. The importance vector α indicates the direction of the failure 

domain as well as the relative importance of the random variables in the Standard Normal space 
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U. From the importance vector γ, corresponding to the original space X, the order of importance 

of the random variables is presented, indicating that the increase of the base plate width B 

resulting in larger cantilever ( ) 280.0 fbB −  and the bending moment demand on the column base 

M are the predominant causes in the connection’s failure. The thickness of the steel base plate tPL 

and its strength (expressed in terms of the yield stress Fy,PL) are the primary variables 

contributing to the connection’s capacity. According to the γ vector, an increase in the length of 

the base plate N will also reduce the probability of failure of the connection, through a reduction 

in the value of the bearing stress distribution and the bending demand on the plate. The value of 

N is limited by the maximum cantilever of the plate, which will promote the connection’s failure, 

i.e., the dimension ( ) 295.0 cdN −  cannot exceed the cantilever length of the base obtained in the 

orthogonal direction, ( ) 280.0 fbB − . 

Table 5.13 Importance vectors base plate yielding on the compression side (high hazard 
level, 2% in 50 yrs PE). 

RV α (U space) γ (X space) δ η Classification Order of importance

bf -0.1234 -0.1249 0.1234 -0.0082 Capacity 6 

N -0.3158 -0.3198 0.3158 -0.0536 Capacity 5 

B 0.5814 0.5888 -0.5814 -0.1816 Demand 1 

tPL -0.3599 -0.3645 0.3599 -0.0696 Capacity 4 

Fy,PL -0.4265 -0.4319 0.4359 -0.1272 Capacity 3 

P -0.0782 0 0 0 Capacity 8 

V 0.4752 0.0332 -0.0325 -0.0030 Demand 7 

M 0.0597 0.4637 -0.4648 -0.0375 Demand 2 

 

The importance vector δ determines the effect on the reliability index β of statistically 

equivalent variations in the mean values, assuming fixed standard deviations of the random 

variables: { }iiiD σμββδ μ ⋅∂∂=⋅∇= . For statistically independent random variables, the relative 

importance of the random variables in terms of their mean values is the same as the results 

obtained from the α vector. A positive sign in the entry δi corresponds to an increase in the 

reliability index, indicating that the random variable can be classified as a capacity variable. 

Conversely, a negative sign of δi corresponds to a demand variable, reducing the reliability index 

or equivalently increasing the failure probability.  
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The importance vector η determines the effect on the reliability index β of statistically 

equivalent variations in the standard deviation of the random variables, assuming fixed means: 

{ }iiiD σσββδ σ ⋅∂∂=⋅∇= . The η vector determines the relative importance of the random 

variables in terms of their dispersion, indicating reduction in the variability in the base plate 

width and strength will have the highest effect on the connection’s reliability. 

5.4.4 System Reliability Analysis 

5.4.4.1 System Reliability at Different Hazard Levels 

Using the minimum cut-set formulation for the column base connection system, component 

reliability analysis results are combined to obtain the conditional system failure probability of the 

connection for the four seismic hazard levels considered. The design of the connection remains 

unmodified throughout, i.e., the random variables such as dimensions, material strength, friction 

coefficients, and limit-state parameters are maintained constant for the reliability analysis at the 

hazard levels considered. The failure probabilities and reliability indices for each failure mode 

and for the system are presented in Tables 5.14–5.15. 

Table 5.14  System reliability index computed for different hazard levels. 

β- Reliability index   

Hazard level (PE in 50 yrs) 

Failure Mode Description 2% 5% 10% 50% 

1 Concrete crushing 1.570 2.301 2.345 3.621 

2 Yielding of base plate (compression side) 0.537 1.189 1.436 3.073 

3 Yielding of base plate (tension side) 3.261 4.672 5.500 5.740 

4 Tensile yielding of bolts 2.121 4.193 4.411 4.825 

5 Friction & bolt shear 6.579 6.654 6.667 6.731 

6 Friction & bearing of shear lugs 2.028 2.223 2.309 2.558 

System 0.404 1.089 1.330 2.935 
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Table 5.15  System failure probability computed for different hazard levels. 

Pf1- Failure probability  

Hazard level (PE in 50 yrs) 

Failure Mode Description 2% 5% 10% 50% 

1 Concrete crushing 5.818x10-2 1.069x10-2 9.524x10-3 1.467x10-4 

2 Yielding of base plate (compression side) 2.956x10-1 1.171x10-1 7.551x10-2 1.061x10-3 

3 Yielding of base plate (tension side) 5.554x10-4 1.490x10-6 1.898x10-8 4.723x10-9 

4 Tensile yielding of bolts 1.695x10-2 1.378x10-5 5.155x10-6 7.011x10-7 

5 Friction & bolt shear 2.370x10-11 1.431x10-11 1.307x10-11 8.405x10-12 

6 Friction & bearing of shear lugs 2.129x10-2 1.311x10-2 1.046x10-2 5.268x10-4 

System 3.431x10-1 1.381x10-1 9.170x10-2 1.700x10-3 

 

As can be observed, the largest contribution to the system failure is produced due to 

yielding of the base plate on the compression side, which is a ductile and desirable failure mode. 

The other predominant failure modes in the connection concrete are undesirable brittle failures 

including concrete crushing and shear failure due to sliding of the base plate and bearing failure 

of the shear lugs against the adjacent concrete. Tension yielding of the anchor bolts also has an 

important contribution; however, shear failure of the anchor bolts and yielding of the base plate 

on the tension side have negligible contribution to the system failure probability for this specific 

design of the connection. 

5.4.4.2 Total System Failure Probability 

The total failure probability for each failure mode and for the system are obtained by combining 

the corresponding conditional failure probabilities at each hazard level presented in Table 5.14, 

weighted by the corresponding probabilities of the hazard levels. This formulation can be 

expressed as: 

 ⋅==
h

H hPhHfailurePfailureP )()()(     (5.15) 

where, 

H: Random seismic hazard level  

h: Four specific hazard levels considered in the analysis, including the high (2% and 5% 

in 50 yrs PE), moderate (10% in 50 yrs PE), and low (50% in 50 yrs PE) 

)( failureP : Total failure probability of the base plate connection 
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)( hHfailureP = : Conditional probability of the base plate connection, given a hazard 

level h 

)(hPH : Marginal probability of the hazard level or level of intensity of the earthquake in 

the site, determined for a time period t 

 

The marginal probabilities of the hazard levels are presented in Table 5.16, based on the 

hazard curves presented in Chapter 4. Table 5.17 presents the total failure probabilities for 1 year 

and for the expected 50 years lifespan of the structure. Also shown in Table 5.17 is the 

corresponding system reliability index.  

Table 5.16  Marginal probabilities of hazard levels.  

Performance Level Hazard level h Sa,T1 (g) PH(h,t=50 yrs) PH(h,t=1 yrs)

Collapse Prevention High (2% in 50 yrs PE) 1.62 1.878x10-2 3.597x10-4 

Life Safety High (5% in 50 yrs PE) 1.30 3.564x10-2 5.089x10-4 

Immediate Occupancy Moderate (10% in 50 yrs PE) 0.99 8.757x10-2 2.050x10-3 

Operational Low (50% in 50 yrs PE) 0.33 8.580x10-1 9.971x10-1 

Table 5.17  System failure probability Pf1 and reliability index β.  

Failure Mode Description Pf1,t=50 yrs (%) Pf1,t=1 yrs (%) 

1 Concrete crushing 3.234x10-3 1.993x10-4 

2 Yielding of base plate (compression side) 2.026x10-2 1.405x10-3 

3 Yielding of base plate (tension side) 1.983x10-5 2.879x10-7 

4 Tensile yielding of bolts 6.054x10-4 9.340x10-6 

5 Friction & bolt shear 9.469x10-12 8.425x10-12 

6 Friction & bearing of shear lugs 2.373x10-3 5.623x10-4 

System- Pf1 2.431x10-2 2.107x10-3 

System- β 1.972 2.862 

 

The contribution of the different failure modes considered in the analysis can be observed 

from Table 5.17. The largest contribution to the system failure probability is due to yielding of 

the base plate on the compression side, which is a ductile and desirable failure mode. The other 

dominant failure modes are undesirable brittle failures including concrete crushing and shear 

failure due to sliding of the base plate and bearing failure of the shear lugs against the adjacent 
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concrete. Tension yielding of the anchor bolts also has an important contribution. The remaining 

failure modes have negligible contribution to system failure for this connection design. 

The resulting system reliability index β of 1.972 and failure probability Pf1 of 2.43% 

computed for the expected 50 years lifespan of the structure may be considered relatively low 

and high, respectively. The design, carried out for the 10% in 50 years PE hazard level, also 

results in relatively high conditional failure probability of 9.17% for an earthquake of relatively 

moderate intensity.  For the highest seismic hazard level of 2% in 50 years PE, the failure 

probability of 34.31% is also relatively high.  

The failure probability estimates presented above, which employ the well-known PEER 

formula based on total probability theorem, entail an error due to the presence of non-ergodic 

(aleatory or epistemic) variables (Der Kiureghian 2005b). The original PEER formula was 

intended to compute the mean annual rate of a performance measure exceeding a specified 

threshold. Approximation of the exceedance probability using this formula may result in as much 

as 20% error for probabilities around 0.05 and 30% error for probabilities around 0.10. For 

failure probabilities less than 0.01, the approximation has a negligible error. In the present 

project the total failure probability of the connection computed for one year is less than 0.01. 

Therefore, this approximation of the failure probability has a negligible error. For the lifespan of 

the structure of 50 years, the error in the failure probability of 2.43% may be as much as 20%. 

However, since the error is on the conservative side (Der Kiureghian 2005b), this approximation 

of the connection reliability is found to be acceptable. 

Based on the results of this reliability analysis, the AISC Design Guide No. 1-2005 

column base plate connection design procedure should be modified by reducing resistance 

factors and increasing demand amplification factors to increase the reliability of the connection. 

It is also important for the design procedure to promote the occurrence of ductile failure modes 

over brittle failure modes. A capacity design approach could guarantee the desired behavior of 

the connection, following a predetermined sequence of failure modes of the different 

components of the connection. The desired reliability of the connection can also be adjusted for a 

given set of design loads by specifying larger dimensions and material strengths of its 

components.  
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5.4.4.3 Fragility Curves 

Fragility curves are obtained by relating the conditional failure probabilities of the occurrence of 

each failure mode and the occurrence of system failure to an earthquake intensity measure (IM) 

or hazard level H. In this study, IM is the spectral acceleration at the first-mode period (Sa,T1 or 

PSa,T1) of the moment-resisting frame (see Tables 4.3 and 5.16). This measure was computed at 

each hazard level using the hazard data for a location in Berkeley, California.  

Fragility curves are obtained through a lognormal fit to the data presented in Table 5.16 

and a least-square approximation of the error. The mean (μ) and standard deviation (σ) of the 

lognormal distribution are obtained for the system and the different failure modes, as presented 

in Table 5.18. 

Table 5.18  Parameters of lognormal fit: system reliability analysis results.  

Failure Mode Description μ- Mean (g) σ- St. Dev. (g) 

1 Concrete crushing 1.01 0.34 

2 Yielding of base plate (compression side) 0.74 0.45 

3 Yielding of base plate (tension side) 0.61 0.04 

4 Tensile yielding of bolts 0.58 0.04 

5 Friction & bolt shear 60.68 9.12 

6 Friction & bearing of shear lugs 3.63 1.55 

System 0.67 0.44 
 

The fitted curves for all failure modes using the lognormal distribution parameters of 

Table 5.18 are displayed in Appendix D. The lognormal fit to the system failure probability Pf1 

in terms of the intensity measure (Sa=PSa,T1) is presented in Figure 5.12.  
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Fig. 5.12  Lognormal fit to failure probabilities of base plate connection. 

As discussed before, the failure probabilities obtained for the high seismic hazard levels 

present extremely high values for a structural system (highest data point). The total failure 

probability of the connection can also be obtained by integrating the fragility curves over the 

entire range of intensity, considering the marginal probability of the intensity level. Since the 

contribution of failure probabilities at higher intensity or higher hazard level is relatively small 

(due to the small probability of occurrence of the hazard), the approach of Section 5.4.4.2 is 

considered suitable for a general estimation of the system overall reliability. Using values at 4 

discrete points of the entire intensity range, the resulting failure probability of the connection in 

50 years is 2.43%.  

The fragility curves for the system and the predominant failure modes discussed in 

Section 5.4.1 are presented in Figure 5.13. Clearly, the yielding of the base plate (mode 2) has 

the largest contribution to the system failure for any seismic hazard or intensity level. This 

failure mode is followed by the concrete crushing of the foundation (mode 1). The third most 

important failure mode is the shear failure (mode 6), corresponding to base plate sliding and 

shear lugs bearing failure. As discussed previously, a desired design procedure of a base plate 

connection would be controlled by ductile failure modes. The failure sequence of the connection 
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would therefore consist of failure modes 2, 3, and 4 (ductile), followed by failure modes 1, 5, and 

6 (brittle).  

 

Fig. 5.13   Fragility curves for the system and predominant failure modes of base plate 
connection. 

5.4.5 Relative Importance of Random Variables  

Determining the order of importance of random variables for column base connection behavior is 

performed by perturbing the mean values of these variables (on the order of 10%), determining 

the resulting variations in connection reliability, and computing the importance value 

δ=(∂β/∂μ)σ for each variable. This computation is carried out for one of the hazard levels (2% in 

50 yrs PE) and is presented in Appendix D. The characterization as a capacity or demand 

variable is established for each random variable according to the sign of the corresponding 

element in vector δ. The results computed for the 2% in 50 years PE hazard level are 

summarized in Table 5.19.  
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Table 5.19  Importance vector δ obtained from system reliability analysis. 

RV δi=(Δβ/Δμi)σi Order of Importance Classification 

dc 2.40x10-5 17 Capacity 

bf 8.65x10-2 7 Capacity 

N 2.72x10-1 4 Capacity 

B -5.23x10-1 1 Demand 

tPL 2.20x10-1 5 Capacity 

lsl 2.86x10-3 14 Capacity 

bsl 3.46x10-3 12 Capacity 

db 3.00x10-3 13 Capacity 

dedge -4.17x10-4 16 Demand 

tgrout -7.25x10-2 9 Demand 

Fy,col 0.00x100 18 - 

Fy,PL 3.20x10-1 3 Capacity 

Fub 4.09x10-3 11 Capacity 

f′c 1.02x10-1 6 Capacity 

μ 7.80x10-2 8 Capacity 

P -2.80x10-3 15 Demand 

V -5.72x10-2 10 Demand 

M -4.90x10-1 2 Demand 

 

On the demand side, the base plate dimension directly affecting the cantilever length and 

bending moment of the column base plate has the highest influence on the failure of the 

connection. On the capacity side, the base plate thickness and base plate steel strength represent 

important components of the system resistance. The strength of the concrete foundation and the 

friction coefficient between the base plate and grout are the next important aspects affecting the 

reliability of the column base connection. Since the strength of the steel column (Fy,col) is not 

used in any of the limit-state functions, it has neither positive nor negative contribution to the 

system failure and can be eliminated from the formulation.  

These results are similar to the ones obtained for the component analysis corresponding 

to bending failure of the plate on the compression side (limit-state function 2), which has the 

largest contribution to the connection failure. The other failure modes are less significant, thus 

their random variables and parameters have smaller importance in the reliability of the system. 
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5.4.6 Sensitivity Analysis of Limit-State Parameters  

The sensitivity of the failure probability Pf1 of the system with respect to the limit-state 

parameters, denoted θg, are obtained through a small perturbation in the parameter values (on the 

order of 5%) and the computation of the resulting variations in Pf1. The results for the 2% in 50 

years PE hazard level are presented in Table 5.20.  

Table 5.20  Sensitivities of β and Pf1 of the system to variation in limit-state parameters θg. 

Parameter θgi Δθgi gg
θβθ ⋅∇  gfP

g
θθ ⋅∇ 1  











⋅∇
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1

f

g
f P

P
g

θ
θ

k 2.0 -0.10 -0.850 0.307 0.89 

Cub1 0.75 -0.0375 -0.090 0.033 0.10 

Cub2 0.50 -0.025 0.000 0.000 0.00 

Cbrg 0.80 -0.04 -0.130 0.048 0.14 

 

The confinement coefficient k, which for the present design is equal to 2.0 based on the 

assumption of adequate transverse reinforcement and large cross section of the concrete pedestal, 

has a sensitivity ∇θgPf (θg/Pf) of 0.89. For example, this corresponds to an increase of 0.089 (or 

8.9%) in the system failure probability Pf1 for the 2% in 50 years hazard level if the value of 

parameter k is reduced by 10% due to inadequate confinement. The remaining limit-state 

parameters have small to negligible effect on the failure probabilities of the connection, even for 

the highest hazard level. Values of 0.0010, 0.0, and 0.0014 increase in the system failure 

probability are obtained with a reduction of 1% in the values of parameters Cub1, Cub2, and Cbrg, 

respectively. 

The effect on the system failure probability due to larger variations in the limit-state 

parameters cannot be computed using the above estimations, which are obtained through finite 

difference approximations. Instead, the analysis should be repeated using a different set of values 

of the limit-state parameters. 

This analysis is repeated for the confinement coefficient k for the remaining hazard 

levels, where the results are presented in Table 5.21. The total effect of confinement on the 

failure probability of the connection is computed as follows:  

 ⋅
∂

=∂
=

∂
∂

=∇
h

H
gg

f hP
hHfailurePfailureP

P
g

)(
)()(

1 θθθ   (5.16) 
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The term gfailureP θ∂∂ )(  is the partial derivative or the gradient of the failure probability 

with respect to a limit-state parameter, in this case the confinement coefficient ( kg =θ ).   

Table 5.21  Sensitivities of β and Pf1 of the system to variation in limit-state parameter 
θg=k, corresponding to confinement coefficient. 

Hazard level (h) ( )1/)( fg PhHfailureP
g

θθ ⋅=∇ PH(h,t=50) PH(h,t=1) 

2% in 50 yrs PE 0.89 3.564x10-2 5.089x10-4 

5% in 50 yrs PE 0.80 1.878x10-2 3.597x10-4 

10% in 50 yrs PE 0.84 8.757x10-2 2.050x10-3 

50% in 50 yrs PE 0.56 8.580x10-1 9.971x10-1 

Total effect ( )11 / fgf PP
g

θθ∇  0.600 0.561 

 

A sensitivity ( )11 / fgf PP
g

θθ∇  of 0.60 is computed for the life span of 50 years of the 

connection. For example, this corresponds to an increase of 0.060 (or 6.0%) in the failure 

probability of the connection in 50 yrs due to a reduction of 10% in the coefficient k due to 

inadequate confinement. If confinement cannot be guaranteed in the foundation, the system 

reliability analysis must be repeated using a minimum coefficient k of 1.0 (instead of 2.0), 

resulting in higher failure probabilities. The importance of adequate confinement details 

specified for concrete foundations in seismic regions is illustrated through this sensitivity value.  

5.4.7 Effect of Friction Resistance 

The AISC Design Guide No.1-2005 procedure establishes the following shear resistance 

mechanisms: (1) friction along the contact area between the concrete surface and the steel base 

plate, which should be taken as the effective bearing area resisting compressive loads; (2) 

bending and shear in the anchor bolts; and (3) bearing of shear lugs installed underneath the base 

plate (or the side of the base plate if it is embedded) against the adjacent concrete or grout.  

In the present design, the effective area was assumed to be the entire width times the 

bearing depth for the friction capacity. The anchor bolts are contributing only with shear 

resistance, since no washers are specified between the base plate, thus ignoring bending of the 

rods. Bearing resistance is considered only for the shear lugs installed under the plate, which is 

completely exposed and does not bear against the adjacent unreinforced grout. 
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The combination of these three mechanisms in a parallel system as defined through the 

cut-set formulation of the system provides the overall shear resistance and horizontal equilibrium 

of the column base connection. However, when uplift forces are produced in the base plate under 

seismic loading, the ability of the reduced compression zone to resist horizontal shear due to 

friction is reduced. This estimation is not appropriately addressed in the design procedure, which 

does not clearly indicate the conditions to develop each of the resistance mechanisms.  

Since the failure modes related to shear resistance contribute no more than about 10% to 

the total failure probability of the connection (see Section 5.4.4), a reduction in the friction 

resistance and bearing of shear lugs would not significantly alter the system behavior. However, 

the proper evaluation and interaction of these resistance mechanisms must be further examined. 



 

6 Conclusions  

The following chapter summarizes the findings obtained for each of the four main sections of 

this report. The primary aspects and considerations of the analysis procedures performed for this 

project are restated, including the different seismic response evaluations of the SMRFs with 

different degrees of restraint of column bases, as well as the column base connection reliability 

and sensitivity analyses.  

6.1 PUSHOVER ANALYSIS OF SMRF 

A parametric study of the effect of column base stiffness and strength on the seismic demand and 

behavior of a typical low-rise steel moment-resisting frame was carried out using a three-story, 

three-bay frame in the building designed for the ATC-58 PEER project, located in Berkeley, 

California. The modal and pushover analyses were carried out using the software program 

SAP2000 Nonlinear, modeling the column base plate connection as a rotational spring with 

varying stiffness from pinned to fixed (Knorm=18.0, 9.1, 3.6, 1.4, 0.6, 0.2, 0 of EI/Lcol).  

The rotational stiffness of the column bases significantly affects the lateral stiffness of a 

low-rise steel moment-resisting frame. The principal finding of this study is that a reduction in 

base fixity resulted in an increase of the displacement demand and a change of the first vibration 

mode shape such that deformations concentrated in the first story of the frame. Such increase in 

interstory drifts and rotational demand on the plastic hinges in the first-story girders and column 

bases will not only result in concentrated structural and nonstructural damage in this region of 

the frame, but could also develop an undesired soft-story mechanism in the first floor. 

Frames with stiffer column base connections are a more efficient lateral force-resisting 

system because such frames can develop a complete collapse mechanism at the end of the 

pushover analysis and resist higher base shear. Frames with soft (pin-like) column bases do not 
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form mechanisms that include plastic hinges at the bottoms of the columns: thus, the amount of 

plastic work done by such flexible-base frames is smaller than that done by stiff-base frames. 

The base shear capacity of the frames with column base connections stiff and strong enough to 

induce formation of column plastic hinges right above the column base connection 

asymptotically approach that of a frame with fixed column bases. The second principal finding 

of this study is that the seismic response of low-rise steel moment-resisting frames with semi-

rigid column base connections with normalized rotational stiffness Knorm>4EI/Lcol approaches 

that of the identical frames with fixed column bases, assuming that column bases are strong 

enough to develop the plastic moment strength of the column. 

The hierarchy in the formation of plastic hinges varied with different column base 

stiffness and strength. There is an exponential increase in the rotational demand on the plastic 

hinges of the girders when column bases are flexible, with normalized stiffness in the range 

between 0 and 2 EI/Lcol. Furthermore, a small variation in the stiffness will result in pronounced 

variation in the frame response. For the stiff column base connections (Knorm>4EI/Lcol), the 

variation of girder rotation demand is reduced, which is desirable, as it allows for demand re-

distribution to more frame elements and connections and increases the degree of redundancy in 

the lateral force-resisting system. The joint beam and column-moment demand ratios in moment-

resisting frames with base rigidity exceeding 4EI/Lcol are practically constant, making it possible 

to consistently achieve strong column–weak girder behavior.  

The seismic demands in terms of total base shear, overturning moment, and joint 

reactions in low-rise steel moment-resisting frames with stiffer column base connections are very 

similar to those modeled with a completely fixed column base. The axial force and moment 

demand on column bases remained practically constant regardless of column base stiffness, since 

these forces are dependent primarily on beam and column plastic capacity, respectively. The 

shear demand was largest for stiff column base connections where plastic hinges had just formed 

at the base of the column, decreasing slightly with increasing stiffness of the column base and 

approaching asymptotically the fixed-base frame value. The shear force for interior column bases 

is slightly larger than that for the exterior column bases due to the larger stiffness of the interior 

beam-column subassemblies.  

In order to observe the effect of column base fixity in computer models of low-rise steel 

moment-resisting frames, it is essential to account for the actual strength and stiffness of the 

partially restrained column base connection. Convenient fully restrained (fixed) or free-to-rotate 
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(pinned) column base connection models can be achieved in practice only with special design 

and detailing of the connections that is very different from conventional steel column base 

details. Furthermore, column base connection stiffness and strength can be reduced due to 

inadequate detailing, poor construction quality, long-term deformations, deterioration of 

foundation’s concrete, or cumulative effects of past earthquakes. The semi-rigid models of 

column bases developed using nonlinear zero-length rotation springs, presented in this report, 

may be used.  

Relatively stiff column bases are needed to control the displacements and interstory drifts 

and to comply with the acceptance criteria established in current U.S. design codes. The 

pushover analyses conducted in this study indicate that low-rise steel moment-resisting frames 

with flexible column base connections (Knorm between 0 and 0.2EI/Lcol) may develop drifts 

exceeding FEMA 356 Collapse Prevention performance level, may develop a soft-story 

mechanism, and may become instable due to P-Delta effects. In such cases, the size of the first-

story columns should be increased to reduce the risk of forming a soft-story mechanism.  

6.2 TIME HISTORY ANALYSIS OF SMRF 

Nonlinear time history analysis was performed on the three low-rise moment-resisting frame 

models with fixed (F, Knorm=18EI/Lcol)), semi-rigid (SR3, Knorm=1.4EI/Lcol), and pinned (P,  

Knorm=0) column bases. The OpenSees Navigator finite element analysis software package, built 

using the OpenSees finite element analysis framework, was used to determine the response of the 

frames under a representative set of seven ground motions scaled to the 2% in 50 years PE 

hazard level, corresponding to the Collapse Prevention level for the assumed location of the 

frames on the UC Berkeley campus. The nonlinear time history analyses results were compared 

to nonlinear static analysis (pushover) results computed using the OpenSees Navigator and the 

SAP2000 Nonlinear software packages. This comparison was carried out using the median and 

the appropriate fractals of the statistical distribution of the response quantities obtained from the 

seven time histories analyses assuming a normal distribution of the data. 

The pushover analyses were conducted using a load pattern proportional to the 

deformations of the first vibration mode of each frame model and a roof displacement target 

obtained using the FEMA 356 coefficient method. The OpenSees Navigator and the SAP2000 

Nonlinear models of the frames utilized different finite elements to model the frame elements, 



 122 
 

but had the same mass magnitude and distribution, and were calibrated to have similar initial 

stiffness (and thus similar first-mode vibration periods), and similar yield and ultimate strength. 

The hazard levels considered in this PBEE analysis were the 2%, 5%, 10%, 50%, and 75% in 50 

years probability of exceedance (PE), with a return period of 2475, 975, 475, 75, and 35 years, 

respectively. The pushover analysis results obtained from the two software packages were 

similar: the base shear capacities differed by less than 7%, the joint reactions by less than 9%, 

the fundamental periods by less than 9%, and the interstory drifts by less than 1%. The two 

programs are therefore comparable and both can be used to conduct nonlinear static analyses of 

low-rise steel moment-resisting frames. 

The time history analyses were conducted using the same frame models developed for the 

pushover analyses. The analyses conducted by SAP2000 Nonlinear using the direct integration 

method did not converge, while those conducted using the modal superposition method, which 

ignores material and geometric nonlinearities, produced unrealistic outcomes with predominantly 

symmetric response of the frames and no residual deformation for the very intense ground 

motion excitations used in this study. Therefore, only the OpenSees Navigator time history 

analyses were used in this study.  

The deformation mechanism and displacement time history of the moment-resisting 

frames vary with the column base fixity of each model. The maximum displacements decrease 

with increasing base rigidity. The displacement demand obtained using the FEMA356 coefficient 

method of FEMA 356 was larger than the mean plus one standard deviation (μ+σ) values of the 

maximum displacements and interstory drifts of the F, SR3, and P model, by only 7, 6, and 11%, 

respectively. Therefore, the coefficient method is adequate for estimating the maximum 

deformation of low-rise steel moment-resisting frames. While the first vibration mode shape 

dominated the deformed shape of the frames observed during the time history analyses, the effect 

of higher modes was evident in somewhat reduced maximum displacements and interstory drifts 

of the frames.  

The values of the residual displacements observed at the end of the applied earthquake 

ground motions varied significantly among the analyzed models and did not follow a particular 

pattern.  

 The maximum values of frame base shear varied according to the intensity of the records 

and the fundamental vibration period of each model. The median of the maximum base shear 

values obtained from the seven ground motions exceeded by 15, 21, and 24% the results 



 123 
 

obtained from the pushover analysis for the F, SR3, and P frames, respectively. However, the 

difference was reduced to 8, 14, and 18% when comparing the pushover analysis results with the 

mean minus one standard deviation (μ-σ) values of the time history analyses. The axial forces in 

the columns are a function of beam plastic moment capacity and do not vary as much: the 

pushover column axial forces differ by 7% from the median of the time history values. 

The maximum joint shear and moment values due to the seven ground motions exceed 

those computed from the pushover analyses for the three frame types due to significant kinematic 

strain hardening. This hardening model is sensitive to the number of strain reversals and, for the 

utilized intense ground motions, produces an increase in post-yield stress values larger than the 

3% of the initial stiffness value used in the pushover models. The frame element demands 

obtained from the time history analyses are, therefore, more conservative.  

6.3 PERFORMANCE-BASED EARTHQUAKE ENGINEERING: REPAIR COST 

EVALUATION OF SMRF  

The PEER Center performance-based earthquake engineering (PBEE) methodology was used to 

evaluate the effect of column base rotational stiffness and strength on the post-earthquake repair 

cost of a typical low-rise special steel moment-resisting frame building. The ATC-58 example 

office building, located on the University of California at Berkeley campus, was analyzed using 

three F, SR3, and P frame models. The seismic hazard was evaluated using the Seismic 

Guidelines for UC Berkeley Campus. The hazard levels considered in this PBEE analysis were 

the 2%, 5%, 10%, 50%, and 75% in 50 years probability of exceedance. Two groups of ground 

motions with characteristics expected for a building site at UC Berkeley main campus were 

selected for the low and high hazard levels. The interstory drifts and floor accelerations required 

for the PBEE analysis were computed for each frame and each hazard level using nonlinear time 

history analysis in OpenSees Navigator. The structural and nonstructural elements of the 

building were grouped into performance groups such that their damage states are governed by 

the same demand parameter. The damage state and the subsequent repair cost for each 

performance group were computed using the ATC-58 Project fragility curves and repair cost 

data. An implementation of PEER PBEE methodology based on an EDP correlation matrix and 

Monte Carlo simulation of the damage and repair cost states was used to integrate the total 
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probability integral and compute the resulting repair cost fragilities and annual probabilities of 

exceedance.  

The time history analysis results showed an increase in the displacements, interstory 

drifts, and plastic rotation demand on the first-story girders, columns, and connections due to a 

reduction of column base stiffness and strength. In a typical office building (without 

acceleration-sensitive equipment), the damage and associated repair costs are controlled 

primarily by interstory drift: therefore, reduction in column base stiffness and strength results in 

higher repair costs. In the case of the analyzed ATC-58 building, the mean annual total repair 

cost of the pinned-base moment-resisting frame was over three times greater than that for the 

fixed-base model. The response and therefore the repair costs associated with the semi-rigid 

column base frame approached that of the fixed-base frame. The mean annual repair costs were 

on the order of $10,000 for the analyzed ATC-58 building. 

The third principal finding of this study is that the accumulation of repair costs induced 

by frequent small and moderate earthquakes dominate the computed estimates of the main 

annual total repair cost, even though a single strong, but rare, earthquake may cause repairs 

costing two to three orders of magnitude more than the mean annual repair cost. This happens 

because frequent events have a high probability of occurring several times during the building 

service life. Therefore, in order to reduce repair costs, it is important to design the column base 

connections to be relatively stiff and strong, and to maintain these mechanical characteristics 

throughout the expected service life of the structure despite long-term deterioration and several 

small to moderate earthquakes. This design requirement is in addition to the collapse-prevention-

related design requirement for ductile detailing of all frame elements and connections.  

In the case of structures housing acceleration-sensitive equipment, the content repair cost 

may have a significant contribution to the total repair cost of the building. An increase in column 

base fixity, desirable to control repair cost of drift-sensitive building components, will result in 

higher seismic forces and floor accelerations, causing more damage to the acceleration-sensitive 

components and thus increasing the total repair cost. An accurate evaluation of column base 

rotational stiffness and strength is therefore essential for an accurate performance-based 

evaluation of damage, repair cost, and overall economic feasibility of structures housing 

acceleration-sensitive content.  
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6.4 RELIABILITY ANALYSIS OF BASE PLATE CONNECTION IN SMRF 

The reliability of an exposed column base designed according to the AISC Design guide No. 1-

2005 provisions was evaluated. A sample exposed column base plate was designed for the 

external column of the moment-resisting frame of the ATC-58 building located in a high seismic 

zone. The design of loads for the connection were obtained from the median response values of a 

suite of nonlinear time history analysis results of the SMRF joint reactions, defined for the 10% 

in 50 years PE hazard level. Random variables describing this design were characterized using 

ASTM and AISC design code data. The demands on the column base for the reliability analysis 

were also characterized using data from suites of nonlinear time history earthquake response 

analyses of the ATC-58 building frame conducted at four different seismic hazard levels (2, 5, 

10, and 50% in 50 yrs probabilities of exceedance). A hierarchy of column base connection 

failure modes was established. Reliability analysis was carried out using the FORM and SORM 

approximation to compute the reliability index of the connection. Fragility curves for each failure 

mode and the system were developed using a lognormal fit.  

The most likely failure modes of the analyzed column base connection were yielding of 

the base plate on the compression side (ductile), concrete compression crushing (brittle), and 

shear failure due to base plate sliding and bearing failure of shear lugs (brittle). The fourth 

principal finding of this study is that, in order to promote ductile failure modes and a desirable 

failure mode sequence of the column base connection, the resistance factors in AISC Design 

Guide No. 1-2005 should be decreased and a capacity design approach should be rigorously 

adhered to. Although a relatively high failure probability (34.3%) was computed for the column 

base connection at the high seismic hazard level (2% probability of exceedance in 50 yrs), the 

combined total probability of failure in a 50-years period equals 2.43% (corresponding to a 

reliability index β=1.97). Nevertheless, this combined total failure probability is relatively high 

for a critical structural connection such as the column base connection. The column base 

connection design procedure proposed in AISC Design Guide No.1-2005 can therefore be 

considered to be unconservative.  

A sensitivity analysis was carried out to evaluate the importance of the random variables, 

as well as the sensitivity of the failure probabilities to variations in the limit-state function 

parameters. On the demand side, the largest cantilever length of the base plate has the highest 

importance for the connection’s failure. This dimension should be minimized during the design 
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process to reduce the bending demand on the plate. The overall dimensions of the base plate 

should not be excessively reduced, since that could lead to an increase in the concrete bearing 

stress and the probability of concrete crushing. The thickness of the plate and its yield strength 

are also important variables controlling failure. Base plate flexibility alters its yielding pattern, 

the degree of semi-rigidity of the connection, and the corresponding demand loads on all other 

components of the connection. Therefore, the effect of base plate flexibility should be 

incorporated into the design equations and included in the system reliability analysis. Finally, a 

reduction in the confinement of the foundation can lead to an important increase of the failure 

probability of the connection due to crushing of concrete. Steel frame and foundation designers 

should interact to ensure adequate confinement of the foundation, particularly for column bases 

of perimeter columns. Additional failure modes such as pull-out failure of the anchor bolts, 

bearing failure of the base plate due to anchor bolt shear, foundation edge breakout, or welding 

failure in the case uplift-forces, had large safety factors for this particular column base 

connection design and were therefore omitted from the reliability analysis. 

 

 



 

7 Future Work 

Many important aspects related to the behavior of column base connections are not addressed 

sufficiently in current design procedures. A capacity design approach is required in order to 

guarantee the desired sequence of failure modes in the different components of the column base 

plate connection. A new capacity design procedure of the connection should be developed based 

on the findings and recommendations of the reliability analysis presented in this report (see 

Chapter 5). Finite element modeling and experimental work of the base plate connection with 

different configurations and loading conditions are recommended for the elaboration of the new 

design criteria. Additionally, the design of economic moment-resisting frames with stable 

behavior (see Chapters 2–4) should be based on adequate modeling considerations of the degree 

of semi-rigidity of column bases. An additional reliability and sensitivity analysis of the base 

plate connection and moment frame system is recommended for such assessment. 

Future investigations of the seismic behavior and design of typical column base 

connections and moment-resisting frames, commonly used in U.S. practice, should address the 

following pending issues:  

 

Base plate mechanics: The effects of plate flexibility, yielding line patterns, as well as anchor 

bolt dimensions and spacing should be considered when analyzing the normal stresses in the base 

plate of exposed column base connections. Instead of assuming that the base plate is rigid, local 

bending of the base plate about both horizontal axes should be accounted for when computing 

the effective widths of the base plate sections that resist bending. A minimum thickness of the 

base plate is required to avoid high local stress concentration in the proximity of the anchor bolts 

that could result in undesirable prying failure on the tension side. On the compression side, 

bending of the base plate also depends on the distribution of the bearing stresses, making it 

difficult to determine if the tension or the compression side bending will govern the design. 
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Finally, the through thickness plate shear stresses should be incorporated to evaluate if stress 

interaction reduces the resistance of the base plate.  

 

Bearing stress distribution: The general design assumption is that the base plate is thick or 

rigid enough to produce a uniform pressure over the supporting concrete surface on the 

compression side. However, the base plate is not rigid, the underlying ground is not monolithic, 

and the bond between the anchor bolts and the concrete foundation is often weakened during an 

earthquake. More research is needed to determine the distribution and intensity of the 

compression stress bulb under the base plate, and to propose a design procedure that accounts for 

the actual compression stress distribution by using equivalent uniform stress blocks applied over 

an effective bearing area that depends on the base plate configuration, plate flexibility, and 

relative strength of the base plate connection components.  

 

Anchor bolt design: The number of anchor bolts and their arrangement affect the deformed 

shape and the yielding pattern of the base plate on the tension side and the bearing stress 

distribution on the compression side, a fact that has been overlooked in current design methods. 

The anchor bolt forces, in turn, depend on the base plate stiffness and are usually not uniform, as 

assumed by most design procedures. Finally, the stiffness of the anchor bolts should be 

considered in the design as well.  

 

Shear resistance mechanism: It is necessary to investigate the conditions required to develop 

different shear resistance mechanisms in the column base plate connection and the interaction 

between these mechanisms. Shear resistance is especially important for column bases with high 

axial and shear load, such as those found in braced frames. The friction resistance developed 

between the steel base plate and supporting concrete in the compression zone cannot be 

developed when uplift forces are produced in the base plate under seismic loading and slip 

occurs, a fact which is ignored in some design procedures. Further investigation of other shear 

resistance mechanisms, such as bearing through shear lugs or shear and bending resistance in the 

anchor bolts, and resistance by bearing on shallowly embedded column is needed.  
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Degree of column base semi-rigidity: Exposed column base connections, typical for U.S. 

construction of steel moment-resisting frames, have the initial stiffness and strength such that 

they can be classified as semi-rigid under cyclic loading. Such partial fixity condition is due to 

the flexibility of the base plate, flexibility of anchor bolts, and gaps between the bearing surface 

and plate caused by concrete crushing during reversed cyclic. A further unintended reduction in 

the connection stiffness can result from poor workmanship, long-term deformation and 

deterioration of the concrete foundation, or cumulative effects of previous earthquakes. It is 

essential to correctly estimate the rotational stiffness and the actual moment and shear capacity 

of the column base connection, since these mechanical properties significantly affect the seismic 

demand and structural behavior of the frame, as well as the post-earthquake repair costs of the 

building and feasibility of the project.  

The findings of this study are that low-rise steel moment-resisting frames column base 

connections with a normalized rotation stiffness Knorm>4EI/Lcol and strength sufficient to develop 

the plastic moment capacity of the column perform in a manner that is, within engineering 

precision, the same as the performance of identical frames with fixed column bases. It is 

therefore imperative to determine experimentally the stiffness and strength characteristics of 

typical U.S. exposed column base connections, both in their initial condition and after they have 

sustained deformations consistent with small to moderate frequent earthquakes. These 

experimental investigations should be extended to failure to determine the failure mechanism 

sequence for typical U.S. column base connections and to establish their rotation capacity. Such 

investigations may be extended to account for soil-structure interaction. A higher degree of base 

fixity can be achieved by embedding the columns into the concrete foundation; however, there 

are no codified procedures of design of such connections in the U.S. today.  

 

Capacity design approach: A new design procedure for exposed column base connections 

should be developed using a capacity design approach. This approach should be used to promote 

the desired ductile behavior and to ensure a desirable hierarchy of the failure modes of the 

different components of the column base assembly. Since the column base behavior differs 

significantly with base plate thickness, the hierarchy of failure modes for thick and thin base 

plate connections will be different. One possible hierarchy is shown in Figure 7.1 (Astaneh, 

Bergsma, and Shen 1992).  



 130 
 

 

Fig. 7.1  Desired sequence of failure modes for thick and thin base plates. 

In order to develop a capacity design procedure, further experimental investigations are 

needed to determine the actual force flow throughout the column base connection. The 

dimensions of the connection components are determined by the commercial availability of 

sizes, while the actual strength of the component is affected by the strain-hardening behavior of 

steel and concrete. These parameters modify the relative strength and stiffness of the different 

components of the connection, and affect the force flow. The outcome of these investigations 

should be a new set of strength reduction (or safety) factors for the new design procedure to 

promote the desired performance while achieving a sufficiently low probability of collapse.  

 

Modeling of column base connections: Base plate connections have been modeled using solid-

element finite element models with some success. However, such models are too complex for 

practical design and frame analysis. Designers would benefit most from simple and practical 

column base connection models ready for use in frame analysis software. Such models should 

reflect the principal characteristics of the seismic response of column bases: the semi-rigid nature 

of the response, the rate of strain hardening after yielding under different excitations, the rate of 

degradation of unloading stiffness, and the energy dissipated by inelastic deformation during 

cyclic loading. Further investigations are needed to develop such models, either as macro-models 

representing the entire column base connection or component models representing the 

components of column base connections and their interaction. 

 

Connection reliability analysis: The reliability and sensitivity analysis presented in this report 

was performed for a single configuration of an exposed column base connection. The same 

procedure should be repeated for different connection designs and configurations to determine 

the reliability of such connections, the likely failure mode sequences, the sensitivity of 
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connection performance to connection design parameters, and to establish the reliability 

coefficients for the connections.  

Performance evaluation of structural systems: The reliability, sensitivity, and 

performance analyses can be extended to all structural components and the entire structural 

system. Such analyses would provide insight into the effect of different code design provisions, 

such as those related to ensuring a strong column–weak beam behavior, or connection types and 

configurations on the safety and performance of the structure. Such analyses can be extended to 

evaluate the life-cycle costs and economic feasibility of structures.  
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Appendix A: SAP2000 Modal and Pushover 
Analyses Results of SMRF 

This appendix presents additional results obtained from the modal and pushover analysis of the 

SMRF for varying column base rotational stiffness, including story displacements, joint 

reactions, base shear and overturning moment, as well as the joint equilibrium results at the 

beam-column connections. 

 



 

 A-2 

 

Modal Analysis Results 

Figure 2.2b: Mode Shape Variation: Mode 2
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Figure 2.2c: Mode Shape Variation: Mode 3
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Joint Reactions 

Figure 2.10b: Internal Column- Joint Reactions
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Figure 2.10a: External Column- Joint Reactions
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TABLE 2.10:  Joint Reactions
Element Case V P M V/Vp P/Np M/Mp

Kip Kip K-ft
F 207.0 226.1 2814.0 0.166 0.067 1.001

SR5 209.3 226.4 2812.1 0.168 0.067 1.000
SR4 211.8 226.7 2811.0 0.170 0.067 0.999
SR3 214.4 226.4 2790.1 0.172 0.067 0.992
SR2 193.6 227.0 2118.4 0.155 0.068 0.753
SR1 160.4 227.3 1081.2 0.128 0.068 0.384

P 124.4 227.3 0.0 0.100 0.068 0.000
F 253.9 12.8 2815.7 0.203 0.004 1.001

SR5 254.7 13.4 2814.7 0.204 0.004 1.001
SR4 256.2 13.6 2810.7 0.205 0.004 0.999
SR3 258.7 13.2 2793.7 0.207 0.004 0.993
SR2 240.0 13.0 2159.6 0.192 0.004 0.768
SR1 204.6 12.7 1098.8 0.164 0.004 0.391

P 167.1 12.5 0.0 0.134 0.004 0.000

Int. Col

Ext. Col

 

Figure 2.10c: External Column- Joint Reactions Normalized to Plastic Capacity
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Figure 2.10d: Internal Column- Joint Reactions Normalized to Plastic Capacity
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Base Shear and Overturning Moment 

TABLE 2.11: Base Shear and Moment
Case Vb Mb

(Kip) (Kip-ft)
F 1240.7 30244.9

SR5 903.3 30267.6
SR4 913.8 30288.1
SR3 926.2 30203.7
SR2 858.7 27636.3
SR1 735.8 23448.0

P 603.7 19079.6  
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Figure 2.12a: Moment-Rotation Relation for Column Base
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Figure 2.12b: Moment-Rotation Relation for Column Base (Normalized to Plastic Capacity)
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Joint Equilibrium 

TABLE 2.13:  Joint Equilibrium (ΣMc/ΣMg)
Node F SR5 SR4 SR3 SR2 SR1 SR1

10 1.17 1.25 1.33 1.46 1.38 1.17 1.38
11 1.09 1.09 1.13 1.19 1.16 1.17 1.24
12 1.00 1.00 1.00 1.00 1.00 1.00 1.00
14 1.06 1.11 1.16 1.23 1.19 1.08 1.11
15 1.03 1.04 1.06 1.09 1.08 1.04 1.06
16 1.00 1.00 1.00 1.00 1.00 1.00 1.00  

Figure 2.13b: Joint Equilibrium: Σ M c / Σ M g
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Appendix B: OpenSEES Time History Analysis 
Results of SMRF  

This appendix presents the time history results for the fixed (model F), semi-rigid (model SR3), 

and pinned (model P) SMRFs, obtained for the 2% in 50 years PE hazard level using the 

OpenSEES structural analysis program. Among these results are the displacement time history 

for the seven records selected for the analysis, the joint reactions, and the base shear of the 

frame. 
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Time history analysis-OpenSees Navigator (2% and 5% Rayleigh damping) vs. time 
history analysis-SAP: Case F 
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- KBkobj
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- LPcor
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- TOhino
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Time history analysis-OpenSees Navigator (2% and 5% Rayleigh damping) vs. time 
history analysis-SAP: Case SR3 
 

THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- Ezerzi 
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- KBkobj
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- LPcor

-20.0

-15.0

-10.0

-5.0

0.0

5.0

10.0

15.0

20.0

0 5 10 15 20 25 30 35

t- Time (sec)

δ r
o

o
f- 

R
o

o
f 

D
is

p
la

ce
m

en
t 

(i
n

)

LPcor-5%RD
LPcor-2%RD
LPcor

THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- LPlgpc

-15.0

-10.0

-5.0

0.0

5.0

10.0

15.0

20.0

0 5 10 15 20 25 30 35

t- Time (sec)

δ r
o

o
f- 

R
o

o
f 

D
is

p
la

ce
m

en
t 

(i
n

)

LPlgpc-5%RD
LPlgpc-2%RD
LPlgpc-SAP

 
THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- TOhino
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Time history analysis-OpenSees Navigator (2% and 5% Rayleigh damping) vs. time 
history analysis-SAP: Case P 

 
THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- Ezerzi 
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-20.0

-15.0

-10.0

-5.0

0.0

5.0

10.0

15.0

20.0

0 5 10 15 20 25 30 35

t- Time (sec)

δ r
o

o
f-

 R
o

o
f 

D
is

p
la

c
e

m
e

n
t 

(i
n

)

LPlex1-5%RD
LPlex1-2%RD
LPlex1

 
THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- KBkobj
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- LPsrtg
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THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- LPcor
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-20.0

-15.0

-10.0

-5.0

0.0

5.0

10.0

15.0

20.0

25.0

30.0

0 5 10 15 20 25 30 35

t- Time (sec)

δ r
o

o
f-

 R
o

o
f 

D
is

p
la

c
e

m
e

n
t 

(i
n

)

LPlgpc-5%RD
LPlgpc-2%RD
LPlgpc-SAP

 
THA OSN: Roof Displacement- 5% vs. 2% Rayleigh Damping- TOhino
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Time history analysis: story displacements and drifts, Case F 
 

THA OSN vs. POA OSN: Story Displacements: Case F 
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THA OSN vs. POA OSN: Inter-Story Drifts: Case F 
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THA OSN vs. POA OSN: Story Displacements: Case F 
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THA OSN vs. POA OSN: Inter-Story Drifts: Case F 
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F- Displacements (in) F- Inter-Story Drifts (%)

Height (ft) 0 14 28 42 Height (ft) 0 14 14 28 28 42
LPcor 0.00 1.91 5.07 8.73 LPcor 1.14 1.14 1.93 1.93 2.21 2.21
LPsrtg 0.00 5.18 11.03 16.85 LPsrtg 3.09 3.09 3.55 3.55 3.76 3.76
LPlgpc 0.00 1.86 4.82 7.89 LPlgpc 1.11 1.11 1.77 1.77 2.08 2.08
LPlex1 0.00 4.07 9.09 13.98 LPlex1 2.43 2.43 2.98 2.98 2.93 2.93
KBkobj 0.00 2.39 6.04 9.96 KBkobj 1.42 1.42 2.18 2.18 2.34 2.34
EZerzi 0.00 5.50 11.93 18.46 EZerzi 3.27 3.27 3.88 3.88 4.35 4.35
TOhino 0.00 1.82 4.86 8.10 TOhino 1.08 1.08 1.82 1.82 1.95 1.95
μ THA 0.00 3.25 7.55 12.00 μ THA 1.93 1.93 2.59 2.59 2.80 2.80

(μ+σ)THA 0.00 4.88 10.62 16.40 (μ+σ)THA 2.90 2.90 3.46 3.46 3.73 3.73
Median-THA 0.00 2.39 6.04 9.96 Median-THA 1.42 1.42 2.18 2.18 2.34 2.34

POA-SAP 0.00 4.58 10.34 16.25 POA-SAP 2.73 2.73 3.43 3.43 3.52 3.52
POA-OSN 0.00 4.53 10.27 16.20 POA-OSN 2.70 2.70 3.42 3.42 3.53 3.53

ε POA OSN-SAP (%) 0 1 1 0 ε POA OSN-SAP (%) 1 1 0 0 0 0
ε POA-Median THA (%) 0 90 70 63 ε POA-Median THA (%) 90 90 57 57 51 51

ε POA-(μ+σ)THA (%) 0 -7 -3 -1 ε POA-(μ+σ)THA (%) -7 -7 -1 -1 -5 -5  
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Time history analysis: story displacements and drifts, Case SR3 
 

THA OSN vs. POA OSN: Story Displacements: Case SR3
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THA OSN vs. POA OSN: Inter-Story Drifts: Case SR3
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THA OSN vs. POA OSN: Story Displacements: Case SR3

0

5

10

15

20

25

30

35

40

45

0.0 2.5 5.0 7.5 10.0 12.5 15.0 17.5 20.0 22.5 25.0

δ- Displacement (in)

H
- 

S
to

ry
 H

ei
g

h
t 

(f
t)

SR3-POA

μ

μ+σ

Median

THA OSN vs. POA OSN: Inter-Story Drifts: Case SR3
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SR3- Displacements (in) SR3- Inter-Story Drifts (%)

Height (ft) 0 14 28 42 Height (ft) 0 14 14 28 28 42
LPcor 0.00 4.72 10.28 16.27 LPcor 2.81 2.81 3.40 3.40 3.78 3.78
LPsrtg 0.00 6.38 13.23 19.81 LPsrtg 3.80 3.80 4.10 4.10 4.37 4.37
LPlgpc 0.00 3.45 7.55 11.60 LPlgpc 2.05 2.05 2.45 2.45 2.44 2.44
LPlex1 0.00 3.87 8.64 13.88 LPlex1 2.30 2.30 2.90 2.90 3.12 3.12
KBkobj 0.00 3.11 6.46 9.93 KBkobj 1.85 1.85 2.09 2.09 2.26 2.26
EZerzi 0.00 4.77 11.02 17.67 EZerzi 2.84 2.84 3.72 3.72 3.96 3.96
TOhino 0.00 3.12 6.18 9.01 TOhino 1.86 1.86 1.90 1.90 1.90 1.90
μ THA 0.00 4.20 9.05 14.02 μ THA 2.50 2.50 2.94 2.94 3.12 3.12

(μ+σ)THA 0.00 5.38 11.64 18.10 (μ+σ)THA 3.20 3.20 3.78 3.78 4.07 4.07
Median-THA 0.00 3.87 8.64 13.88 Median-THA 2.30 2.30 2.90 2.90 3.12 3.12

POA-SAP 0.00 5.66 12.32 19.01 POA-SAP 3.37 3.37 3.97 3.97 3.98 3.98
POA-OSN 0.00 5.68 12.34 19.01 POA-OSN 3.38 3.38 3.96 3.96 3.97 3.97

ε POA OSN-SAP (%) 0 0 0 0 ε POA OSN-SAP (%) 0 0 0 0 0 0
ε POA-Median THA (%) 0 47 43 37 ε POA-Median THA (%) 47 47 37 37 27 27

ε POA-(μ+σ)THA (%) 0 6 6 5 ε POA-(μ+σ)THA (%) 6 6 5 5 -2 -2  
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Time history analysis: story displacements and drifts, Case P 

 
THA OSN vs. POA OSN: Story Displacements: Case P
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THA OSN vs. POA OSN: Inter-Story Drifts: Case P
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THA OSN vs. POA OSN: Story Displacements: Case P

0

5

10

15

20

25

30

35

40

45

0.0 2.5 5.0 7.5 10.0 12.5 15.0 17.5 20.0 22.5 25.0

δ- Displacement (in)

H
- 

S
to

ry
 H

ei
g

h
t 

(f
t)

P-POA

μ

μ+σ

Median

THA OSN vs. POA OSN: Inter-Story Drifts: Case P
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P- Displacements (in) P- Inter-Story Drifts (%)

Height (ft) 0 14 28 42 Height (ft) 0 14 14 28 28 42
LPcor 0.00 9.17 16.16 22.33 LPcor 5.46 5.46 4.23 4.23 3.95 3.95
LPsrtg 0.00 5.60 9.11 11.45 LPsrtg 3.33 3.33 2.19 2.19 1.80 1.80
LPlgpc 0.00 9.52 17.15 24.38 LPlgpc 5.67 5.67 4.61 4.61 4.56 4.56
LPlex1 0.00 6.27 11.09 15.36 LPlex1 3.73 3.73 2.95 2.95 2.62 2.62
KBkobj 0.00 5.16 8.71 11.17 KBkobj 3.07 3.07 2.14 2.14 1.59 1.59
EZerzi 0.00 6.20 10.19 13.19 EZerzi 3.69 3.69 2.47 2.47 2.25 2.25
TOhino 0.00 6.29 10.57 14.29 TOhino 3.75 3.75 2.61 2.61 2.42 2.42
μ THA 0.00 6.89 11.86 16.02 μ THA 4.10 4.10 3.03 3.03 2.74 2.74

(μ+σ)THA 0.00 8.62 15.25 21.28 (μ+σ)THA 5.13 5.13 4.02 4.02 3.85 3.85
Median-THA 0.00 6.27 10.57 14.29 Median-THA 3.73 3.73 2.61 2.61 2.42 2.42

POA-SAP 0.00 8.94 16.49 23.07 POA-SAP 5.32 5.32 4.49 4.49 3.92 3.92
POA-OSN 0.00 9.04 16.56 23.07 POA-OSN 5.38 5.38 4.48 4.48 3.87 3.87

ε POA OSN-SAP (%) 0 1 0 0 ε POA OSN-SAP (%) 1 1 0 0 1 1
ε POA-Median THA (%) 0 44 57 61 ε POA-Median THA (%) 44 44 71 71 60 60

ε POA-(μ+σ)THA (%) 0 5 9 8 ε POA-(μ+σ)THA (%) 5 5 11 11 1 1  
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Time history analysis-OpenSees Navigator vs. pushover analysis-OpenSees Navigator: joint 
reactions and base shear, Case F 

 
THA-OSN: Joint Reactions- Case F
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THA-OSN vs. POA-OSN: Joint Reactions- Case F
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THA-OSN: Base Shear- Case F
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THA-OSN vs. POA-OSN: Base Shear- Case F
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Joint Reactions- F Base Shear 

Case P-Ext P-Int V-Ext V-Int M-Ext M-Int Case Vb 

Kip Kip Kip Kip K-ft K-ft (Kip)
EZerzi 436.5 170.3 291.4 324.5 2905.5 2957.4 EZerzi 1236.3
KBkobj 461.3 165.0 233.7 282.7 3051.8 3198.3 KBkobj 1029.2
LPcor 454.9 166.2 258.6 294.5 2977.6 3017.6 LPcor 1101.6
LPlgpc 441.9 166.2 241.7 290.6 2896.2 2945.9 LPlgpc 1048.3
LPlex1 448.2 163.4 274.7 326.2 3419.1 3509.9 LPlex1 1186.1
LPsrtg 481.5 168.6 307.1 361.8 3477.4 3641.1 LPsrtg 1338.5
TOhino 452.4 166.2 237.5 280.8 2960.7 2996.4 TOhino 1021.9
μ−THA 453.8 166.6 263.5 308.7 3098.3 3180.9 μ−THA 1137.4

(μ-σ) THA 440.2 164.5 237.2 281.1 2871.4 2917.4 (μ-σ) THA 1017.1
Median 452.4 166.2 258.6 294.5 2977.6 3017.6 Median 1101.6

F-POA-SAP 448.1 160.8 207.0 253.9 2814.0 2815.7 F-POA-SAP 893.3
F-POA-OSN 449.5 155.1 217.2 258.7 2902.1 2925.3 F-POA-OSN 939.1

ε POA OSN-SAP (%) 0 4 5 2 3 4 ε POA OSN-SAP (%) 5
ε POA- Median THA (%) 1 7 16 12 3 3 ε POA- Median THA (%) 15

ε POA- (μ-σ) THA (%) 1 6 8 8 1 0 ε POA- (μ-σ) THA (%) 8  
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Time history analysis-OpenSees Navigator vs. pushover analysis-OpenSees Navigator: joint 
reactions and base shear, Case SR3 
 

THA-OSN: Joint Reactions- Case SR3
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THA-OSN: Base Shear- Case SR3
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THA-OSN vs. POA-OSN: Base Shear- Case SR3
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Joint Reactions- SR3 Base Shear 

Case P-Ext P-Int V-Ext V-Int M-Ext M-Int Case Vb 

Kip Kip Kip Kip K-ft K-ft (Kip)
EZerzi 435.6 171.1 288.6 334.1 2709.5 2783.8 EZerzi 1258.4
KBkobj 432.2 165.2 222.8 269.0 2042.5 2131.0 KBkobj 990.9
LPcor 433.6 165.5 271.1 317.5 2783.2 2790.2 LPcor 1191.0
LPlgpc 430.3 165.8 230.9 274.8 2184.7 2273.4 LPlgpc 1025.2
LPlex1 430.8 164.7 252.0 298.5 2490.5 2572.7 LPlex1 1105.1
LPsrtg 433.4 172.2 258.6 304.2 2816.5 2868.4 LPsrtg 1128.2
TOhino 429.9 167.5 259.6 305.3 2135.4 2222.7 TOhino 1142.1
μ−THA 432.3 167.4 254.8 300.5 2451.8 2520.3 μ−THA 1120.1

(μ-σ)THA 430.3 164.6 233.9 279.4 2147.1 2235.6 (μ-σ)THA 1028.3
Median 432.2 165.8 258.6 304.2 2490.5 2572.7 Median 1128.2

SR3-POA-SAP 448.4 161.2 214.4 258.7 2790.1 2793.7 SR3-POA-SAP 926.2
SR3-POA-OSN 452.7 156.9 224.5 266.7 2817.5 2843.3 SR3-POA-OSN 888.0

ε POA OSN-SAP (%) 1 3 4 3 1 2 ε POA OSN-SAP (%) 4
ε POA- Median THA (%) 5 5 13 12 13 11 ε POA- Median THA (%) 21

ε POA- (μ-σ) THA (%) 5 5 4 5 15 13 ε POA- (μ-σ) THA (%) 14  
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Time history analysis-OpenSees Navigator vs. pushover analysis-OpenSees Navigator: joint 
reactions and base shear, Case P 

 
THA-OSN: Joint Reactions: Case P
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THA-OSN: Base Shear- Case P
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Joint Reactions- P Base Shear 

Case P-Ext P-Int V-Ext V-Int M-Ext M-Int Case Vb 

Kip Kip Kip Kip K-ft K-ft (Kip)
EZerzi 468.3 169.7 193.3 212.6 3.5 16.2 EZerzi 847.5
KBkobj 456.8 167.2 159.6 195.5 0.1 7.3 KBkobj 738.6
LPcor 466.1 166.4 217.6 229.6 17.0 19.2 LPcor 938.0
LPlgpc 457.5 166.7 214.9 226.7 14.1 19.2 LPlgpc 925.0
LPlex1 432.0 162.6 185.3 207.4 0.4 6.5 LPlex1 814.4
LPsrtg 457.9 168.5 186.9 208.7 2.4 14.4 LPsrtg 827.5
TOhino 441.4 165.1 211.0 222.8 16.3 22.1 TOhino 907.9
μ−THA 454.3 166.6 195.5 214.8 7.7 15.0 μ−THA 857.0

(μ-σ)THA 442.2 164.5 176.3 203.4 0.5 9.4 (μ-σ)THA 785.6
Median 457.5 166.7 193.3 212.6 3.5 16.2 Median 847.5

P-POA-SAP 449.3 160.5 124.4 167.1 0.0 0.0 P-POA-SAP 603.7
P-POA-OSN 454.2 157.7 136.2 176.6 0.0 0.0 P-POA-OSN 647.0

ε POA OSN-SAP (%) 1 2 9 5 0 0 ε POA OSN-SAP (%) 7
ε POA- Median THA (%) 1 5 30 17 0 0 ε POA- Median THA (%) 24

ε POA- (μ-σ) THA (%) 0 4 23 13 0 0 ε POA- (μ-σ) THA (%) 18  
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Appendix C: PBEE Results for SMRF 

Appendix C presents the PBEE results for the fixed (model F), semi-rigid (model SR3), and 

pinned (model P) frames, including the cumulative cost distribution functions for all hazard 

levels considered (2, 5, 10, and 50% in 50 yrs PE), as well as the distribution of costs according 

to the performance groups obtained for all frame models and all hazard levels analyzed in this 

study.  
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Cumulative Cost Distribution Functions: Effect of Base Fixidity 
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Cumulative Cost Distribution Functions: Effect of Hazard Level 
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Distribution of Cost According to Performance Group: Effect of Base Fixidity and Hazard 
Level  
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Appendix D: Results of Reliability Analysis of 
Base Plate Connection in SMRF 

Appendix D presents the reliability analysis results of the base plate connection designed 

according to the AISC Design Guide #1 (2005), using the demand loads determined for the 

external column of the ATC-58 SMRF, assuming a fixed base (model F). The component and 

system reliability analysis results for different hazard levels are presented, including sensitivity 

analysis results for the limit-state parameters and importance vectors of the random variables.  

The complete output file for the high hazard level (2% in 50 yrs PE) for the Mmax load case is 

included at the end of the appendix. 
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Joint reactions for external column of SMRF obtained for 7 records at different hazard levels 

 

 

 

Hazard level: 2% in 50 yr PE
Joint Reactions- F: Ext

Case P V M P V M P V M P V M P V M P V M
(K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in)

EZerzi 436.5 -207.9 -32281.4 13.7 227.1 32019.0 139.1 291.4 30131.6 426.8 -272.7 -34587.5 14.7 245.7 33242.3 369.7 -266.2 -34865.7
KBkobj 461.3 -230.5 -36621.2 -9.9 225.4 34996.8 -1.0 232.4 33995.3 439.6 -233.7 -34799.9 -6.5 227.7 35020.0 461.3 -230.5 -36621.2
LPcor 454.9 -195.2 -33117.9 -15.4 215.3 35713.7 56.6 258.6 31441.2 400.9 -231.2 -28392.5 -15.1 216.6 35731.3 451.5 -216.7 -34758.7
LPlgpc 441.9 -148.6 -26675.3 -9.0 215.5 34248.8 0.3 241.7 34667.8 410.6 -229.2 -29591.4 -2.2 239.4 34754.7 434.3 -222.4 -32361.7
LPlex1 448.2 -223.0 -33899.6 -47.4 262.6 40857.6 -42.3 274.7 40963.6 443.5 -236.3 -34625.7 -44.2 272.4 41028.9 446.1 -234.1 -34731.7
LPsrtg 481.5 -244.4 -38650.6 13.0 255.8 35354.0 14.0 258.2 35490.7 451.2 -307.1 -40853.5 26.6 255.5 35935.7 417.3 -299.3 -41728.2
TOhino 452.4 -206.9 -34028.0 -8.1 225.2 34967.3 0.2 237.5 35523.8 440.7 -230.8 -34250.4 -1.6 237.4 35528.0 448.2 -222.2 -34582.0
Mean 453.8 -208.1 -33610.6 -9.0 232.4 35451.0 23.8 256.4 34602.0 430.5 -248.7 -33871.6 -4.0 242.1 35891.6 432.6 -241.6 -35664.2

Median 452.4 -207.9 -33899.6 -9.0 225.4 34996.8 0.3 258.2 34667.8 439.6 -233.7 -34587.5 -2.2 239.4 35528.0 446.1 -230.5 -34758.7
c.o.v.=σ/abs(μ) 0.03 0.15 0.11 2.27 0.08 0.08 2.46 0.08 0.10 0.04 0.12 0.12 5.57 0.08 0.07 0.07 0.13 0.08

ρP-V= -0.65 ρP-V= -0.28 ρP-V= 0.57 ρP-V= -0.46 ρP-V= -0.18 ρP-V= 0.65

ρP-M= -0.80 ρP-M= -0.88 ρP-M= -0.87 ρP-M= -0.91 ρP-M= -0.77 ρP-M= 0.12

ρM-V= 0.96 ρM-V= 0.66 ρM-V= -0.11 ρM-V= 0.79 ρM-V= 0.63 ρM-V= 0.81

Correlation Matrix Pmax Vp Mp Pv Vmax Mv Pm Vm Mmax

Pmax 1.00 -0.65 -0.80 0.50 -0.53 -0.64 0.28 -0.51 -0.90
Vp -0.65 1.00 0.96 -0.78 0.54 0.81 0.01 0.57 0.80
Mp -0.80 0.96 1.00 -0.71 0.52 0.76 -0.12 0.53 0.86
Pv 0.50 -0.78 -0.71 1.00 -0.46 -0.91 -0.02 -0.54 -0.63

Vmax -0.53 0.54 0.52 -0.46 1.00 0.79 0.65 0.99 0.82
Mv -0.64 0.81 0.76 -0.91 0.79 1.00 0.29 0.84 0.84
Pm 0.28 0.01 -0.12 -0.02 0.65 0.29 1.00 0.65 0.12
Vm -0.51 0.57 0.53 -0.54 0.99 0.84 0.65 1.00 0.81

Mmax -0.90 0.80 0.86 -0.63 0.82 0.84 0.12 0.81 1.00

Mmax MminPmax Pmin Vmax Vmin

P-V relation
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Hazard level: 5% in 50 yr PE
Joint Reactions- F: Ext

Case P V M P V M P V M P V M P V M P V M
(K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in)

EZerzi 435.3 -228.6 -33048.8 24.7 165.0 26041.6 101.1 263.0 31165.9 407.5 -256.6 -33527.5 101.1 263.0 31165.9 432.3 -250.8 -33958.2
KBkobj 432.6 -198.2 -32934.8 7.0 211.6 33217.0 11.3 223.7 32673.2 427.7 -216.5 -32679.3 7.5 214.3 33238.7 432.5 -200.6 -32941.3
LPcor 431.9 -202.2 -31662.7 10.8 178.4 29510.4 33.3 229.7 28444.4 396.0 -217.1 -27886.9 11.7 211.7 31874.9 431.1 -209.9 -32306.6
LPlgpc 430.1 -180.2 -28737.5 11.9 193.5 29463.4 22.5 226.2 30256.3 413.8 -212.8 -27587.2 12.8 220.1 31719.9 427.8 -206.4 -30693.9
LPlex1 429.2 -198.3 -29701.4 0.7 234.8 34441.5 4.0 236.0 33978.5 426.2 -218.7 -31324.2 0.7 234.8 34441.5 428.5 -213.0 -31614.8
LPsrtg 433.3 -192.1 -30467.1 15.7 230.9 32349.6 50.6 258.1 33124.5 426.2 -245.8 -33339.2 51.4 257.4 33144.7 430.1 -239.3 -33391.1
TOhino 433.0 -190.8 -31088.4 10.1 189.9 31236.2 12.9 205.3 31066.3 430.1 -211.2 -32300.1 18.8 203.9 31897.9 431.9 -208.6 -32361.8
Mean 432.2 -198.6 -31091.5 11.6 200.6 30894.2 33.7 234.6 31529.9 418.2 -225.5 -31234.9 29.2 229.3 32497.6 430.6 -218.4 -32466.8

Median 432.6 -198.2 -31088.4 10.8 193.5 31236.2 22.5 229.7 31165.9 426.2 -217.1 -32300.1 12.8 220.1 31897.9 431.1 -209.9 -32361.8
c.o.v.=σ/abs(μ) 0.00 0.08 0.05 0.64 0.13 0.09 1.00 0.09 0.06 0.03 0.08 0.08 1.22 0.10 0.04 0.00 0.09 0.03

ρP-V= -0.65 ρP-V= -0.62 ρP-V= 0.79 ρP-V= 0.17 ρP-V= 0.79 ρP-V= -0.19

ρP-M= -0.77 ρP-M= -0.85 ρP-M= -0.19 ρP-M= -0.57 ρP-M= -0.50 ρP-M= -0.78

ρM-V= 0.75 ρM-V= 0.90 ρM-V= 0.25 ρM-V= 0.59 ρM-V= 0.04 ρM-V= 0.70

Correlation Matrix Pmax Vp Mp Pv Vmax Mv Pm Vm Mmax

Pmax 1.00 -0.65 -0.77 -0.12 -0.70 -0.63 0.81 -0.66 -0.90
Vp -0.65 1.00 0.75 0.41 0.69 0.45 -0.58 0.65 0.73
Mp -0.77 0.75 1.00 0.18 0.38 0.52 -0.94 0.27 0.80
Pv -0.12 0.41 0.18 1.00 0.17 -0.57 -0.03 0.19 0.01

Vmax -0.70 0.69 0.38 0.17 1.00 0.59 -0.26 0.98 0.78
Mv -0.63 0.45 0.52 -0.57 0.59 1.00 -0.55 0.54 0.78
Pm 0.81 -0.58 -0.94 -0.03 -0.26 -0.55 1.00 -0.19 -0.78
Vm -0.66 0.65 0.27 0.19 0.98 0.54 -0.19 1.00 0.70

Mmax -0.90 0.73 0.80 0.01 0.78 0.78 -0.78 0.70 1.00

Mmax MminPmax Pmin Vmax Vmin

P-V relation
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Hazard level: 10% in 50 yr PE
Joint Reactions- F: Ext

Case P V M P V M P V M P V M P V M P V M
(K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in)

EZerzi 432.9 -224.1 -32873.8 27.2 154.8 23470.7 90.1 241.2 30485.9 392.7 -253.8 -32441.3 39.4 228.0 31028.3 432.3 -227.0 -33043.7
KBkobj 433.0 -195.2 -31746.4 9.6 216.2 32290.6 10.0 216.9 32310.0 427.9 -215.2 -32316.7 10.0 216.9 32310.0 431.4 -211.5 -32543.6
LPcor 430.3 -203.6 -31042.0 12.0 184.0 28904.8 35.8 222.6 27875.5 423.1 -211.5 -30668.8 22.9 222.0 30974.4 429.1 -209.2 -31449.3
LPlgpc 429.3 -183.1 -28395.2 13.2 202.5 30144.2 15.7 212.2 30534.2 418.0 -198.9 -27322.4 14.0 211.3 30773.5 428.4 -192.1 -29125.6
LPlex1 421.2 -184.0 -25691.9 4.8 219.6 33830.2 5.5 228.6 33783.7 420.2 -187.3 -25821.1 6.2 220.8 33831.2 420.2 -187.3 -25821.1
LPsrtg 431.9 -205.5 -31029.9 27.9 175.6 24071.0 104.4 217.7 27054.0 427.1 -229.4 -32614.9 32.1 202.7 27628.6 430.4 -227.5 -32701.0
TOhino 429.8 -190.1 -29221.2 10.0 187.6 30072.7 11.4 203.1 31014.5 424.6 -192.5 -28184.2 10.8 202.6 31126.3 429.6 -190.9 -29296.4
Mean 429.8 -197.9 -30000.1 15.0 191.5 28969.2 39.0 220.3 30436.8 419.1 -212.7 -29909.9 19.3 214.9 31096.0 428.8 -206.5 -30568.7

Median 430.3 -195.2 -31029.9 12.0 187.6 30072.7 15.7 217.7 30534.2 423.1 -211.5 -30668.8 14.0 216.9 31028.3 429.6 -209.2 -31449.3
c.o.v.=σ/abs(μ) 0.01 0.07 0.08 0.60 0.12 0.13 1.06 0.06 0.08 0.03 0.11 0.09 0.65 0.05 0.06 0.01 0.08 0.09

-2708.62
ρP-V= -0.62 ρP-V= -0.84 ρP-V= 0.46 ρP-V= 0.63 ρP-V= 0.22 ρP-V= -0.68

ρP-M= -0.93 ρP-M= -0.97 ρP-M= -0.68 ρP-M= 0.16 ρP-M= -0.65 ρP-M= -0.91

ρM-V= 0.83 ρM-V= 0.94 ρM-V= 0.09 ρM-V= 0.85 ρM-V= 0.54 ρM-V= 0.90

Correlation Matrix Pmax Vp Mp Pv Vmax Mv Pm Vm Mmax

Pmax 1.00 -0.62 -0.93 -0.15 -0.70 -0.86 0.99 -0.72 -0.94
Vp -0.62 1.00 0.83 0.64 0.95 0.80 -0.62 0.89 0.78
Mp -0.93 0.83 1.00 0.31 0.85 0.94 -0.92 0.86 0.98
Pv -0.15 0.64 0.31 1.00 0.63 0.16 -0.21 0.33 0.20

Vmax -0.70 0.95 0.85 0.63 1.00 0.85 -0.69 0.94 0.84
Mv -0.86 0.80 0.94 0.16 0.85 1.00 -0.81 0.94 0.97
Pm 0.99 -0.62 -0.92 -0.21 -0.69 -0.81 1.00 -0.68 -0.91
Vm -0.72 0.89 0.86 0.33 0.94 0.94 -0.68 1.00 0.90

Mmax -0.94 0.78 0.98 0.20 0.84 0.97 -0.91 0.90 1.00

Mmax MminPmax Pmin Vmax Vmin

P-V relation

y = -0.9583x + 226.68

R2 = 0.9787

-100

0

100

200

300

400

500

-300 -200 -100 0 100 200 300

V (K)

P
 (

K
)

Pmax:P-V

Vmax:P-V

Mmax:P-V

All

Linear (All)

M-V relation

y = 145.16x - 227.9

R2 = 0.9959

-50000

-40000

-30000

-20000

-10000

0

10000

20000

30000

40000

-300 -200 -100 0 100 200 300

V (K)

M
 (

K
-i

n
)

Pmax:M-V

Vmax:M-V

Mmax:M-V

All

Linear (All)

P-M relation

0

100

200

300

400

500

600

-50000 -40000 -30000 -20000 -10000 0

M (K-in)

P
 (

K
)

Pmax:P-M

Vmax:P-M

Mmax:P-M



 

 D-5

Hazard level: 50% in 50 yr PE
Joint Reactions- F: Ext

Case P V M P V M P V M P V M P V M P V M
(K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in) (K) (K) (Kip-in)

CLgil6 339.6 -90.5 -13124.8 119.0 99.7 13718.5 121.2 104.1 14158.5 339.6 -90.5 -13124.8 121.2 104.1 14158.5 339.6 -90.5 -13124.8
MHhandd 374.0 -133.9 -18790.4 57.4 142.4 20120.8 60.0 146.7 20469.9 372.5 -136.2 -19083.0 60.0 146.7 20469.9 371.5 -136.2 -19086.5
MHclyd 353.4 -109.8 -15699.6 97.6 110.3 15436.6 101.6 112.1 15539.1 348.2 -112.1 -15764.3 100.6 111.9 15553.7 351.9 -111.6 -15840.7
MHhall 323.2 -82.0 -11809.0 123.2 81.3 11609.0 129.8 84.6 11776.9 306.3 -83.0 -11402.1 126.1 84.2 11835.7 322.6 -82.5 -11849.6
PFcs05 388.5 -142.4 -20205.9 66.3 140.1 19593.2 67.2 140.4 19595.8 388.2 -142.5 -20204.5 67.2 140.4 19595.8 388.5 -142.4 -20205.9
PFcs08 387.5 -155.2 -21549.3 36.5 157.1 22331.7 51.3 163.6 22473.6 386.8 -155.6 -21569.6 37.2 158.8 22490.5 386.8 -155.6 -21569.6
PFtemb 324.4 -98.7 -13791.8 119.2 81.0 11944.5 129.9 139.7 17710.2 320.2 -131.2 -17163.8 129.9 139.7 17710.2 320.2 -131.2 -17163.8
Mean 355.8 -116.1 -16424.4 88.4 116.0 16393.5 94.5 127.3 17389.1 351.7 -121.6 -16901.7 91.8 126.6 17402.0 354.4 -121.4 -16977.3

Median 353.4 -109.8 -15699.6 97.6 110.3 15436.6 101.6 139.7 17710.2 348.2 -131.2 -17163.8 100.6 139.7 17710.2 351.9 -131.2 -17163.8
c.o.v.=σ/abs(μ) 0.08 0.24 0.23 0.40 0.27 0.26 0.36 0.22 0.22 0.09 0.22 0.22 0.40 0.21 0.22 0.08 0.23 0.21

ρP-V= -0.96 ρP-V= -0.98 ρP-V= -0.77 ρP-V= -0.78 ρP-V= -0.75 ρP-V= -0.74

ρP-M= -0.97 ρP-M= -0.99 ρP-M= -0.86 ρP-M= -0.86 ρP-M= -0.86 ρP-M= -0.82

ρM-V= 1.00 ρM-V= 1.00 ρM-V= 0.99 ρM-V= 0.99 ρM-V= 0.98 ρM-V= 0.99

Correlation Matrix Pmax Vp Mp Pv Vmax Mv Pm Vm Mmax

Pmax 1.00 -0.96 -0.97 0.99 -0.77 -0.85 1.00 -0.77 -0.85
Vp -0.96 1.00 1.00 -0.95 0.91 0.95 -0.95 0.91 0.95
Mp -0.97 1.00 1.00 -0.96 0.89 0.94 -0.96 0.89 0.94
Pv 0.99 -0.95 -0.96 1.00 -0.78 -0.86 0.99 -0.78 -0.86

Vmax -0.77 0.91 0.89 -0.78 1.00 0.99 -0.74 1.00 0.99
Mv -0.85 0.95 0.94 -0.86 0.99 1.00 -0.82 0.99 1.00
Pm 1.00 -0.95 -0.96 0.99 -0.74 -0.82 1.00 -0.74 -0.82
Vm -0.77 0.91 0.89 -0.78 1.00 0.99 -0.74 1.00 0.99

Mmax -0.85 0.95 0.94 -0.86 0.99 1.00 -0.82 0.99 1.00

Mmax MminPmax Pmin Vmax Vmin

P-V relation

y = -1.0734x + 224.7

R2 = 0.9815
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Spreadsheet for the design of the base plate connection (AISC Design Guide #1) 

AISC DESIGN GUIDE #1: 2005

Column: Dimensions (in):
Section= W24x229
dc (in)= 26.02 3.00 16

bf (in)= 13.11

Nmin=d+2(1.5db)= 32.02 2.99 7.26

Bmin=bf+2(1.5db)= 19.11

Loads: A-Pmax B-Vmax C-Mmax

Mu (Kips-ft)= 2585.8 2555.7 2620.8 2620.8

Pu (Kips)= 430.3 423.1 429.6 429.6

Vu (K)= 195.2 211.5 209.2 209.2 10.49

25
Foundations:
f'c (ksi)= 4

A1- Base plate (in2)= 950

Pedestal: N* (in)= 76 24.72 6.64
B* (in)= 50 38
h (in)= 52 2dc

A2=N*B* (in2)= 3800

(A2/A1)
1/2<2.0= 2.0 Figure: Force Equilibrium:

φc= 0.60 *

fp(max)=φc(0.85f'c)(A2/A1)
1/2 (ksi)= 4.08

qmax=fp(max)B (kips/in)= 102.00 N

Ymin=Pu/qmax (in)= 4.21

         Mu

Eccentricity: Large dedge      Pu

e=Mu/Pu (in)= 73

ecrit=N/2-Ymin/2= 16.9       Vu

a1=(f+N/2)2= 1225.0

a2=2Pu(e+f)/qmax= 751.4 q

(f+N/2)2>2Pu(e+f)/qmax= O.K.

Bearing Length:
Small e: Y=N-2e, fp=Pu/BY *

Large e: Y=(a1)
1/2+-(a1-a2)

1/2, fp=fp(max)

Y (in)= 13.24 ΣFx=0: Vu-φvVn=0

q=Pu/Y (kips/in)= - ΣFy=0: φcPp-Pu-Tu=0

q<qmax= - ΣMo=0: Ru(N/2-Y/2+f)-Pu(e+f)=0

fp (ksi)= 4.08
Figure: Base Plate Bending

Base Plate:
Fy (ksi)= 36

Fu (ksi)= 58

φb= 0.90

Compression: Compression
Y>m: tp req=1.49m(fp(max)/Fy)

1/2 (in)= 3.64 Tension side side

Y<m: tp req=2.11(fp(max)Y(m-Y/2)/Fy)
1/2 (in)= -

tp req (in)= 3.64

Tension:
Tu=qY-Pu (kips)= 920.71

tp req=2.11(Tux/BFy)
1/2 (in)= 3.69

tp (in)= 3.75

Input
Calcs

Output

Tu

d

Y
φcPp

Tu

c

x

fp

0.95dc =

N =

0.8bfc =

dedge =

n =

m=

B=

f=

x=

Y
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Bolts: Data nb-Number= 8 Bearing Base Plate:

Tu (kips)= 920.71 twasher (in)= 0.00

Tub=Tu/(nb/2) (kips)= 230.18 φ= 0.75

Vub=Vu/(nb/2) (K)= 52.3 Lc=min(s,dedge) (in)= 3.00
Bolt type= F1554-Gr.105 φRn=φ1.5LctFu<φ3.0dbtFu (K)= 734.1

Threads (N/X)= X φRn>Vub= O.K.

Fyb (ksi)= 105

Fub (ksi)= 125 Bolts: Tensile Strength 

db (in)= 2.00 φ= 0.75

Ab (in
2)= 3.14 d=(tp+twasher/2)/2= 1.88

S- spacing (in)= 6.0 M=Vubd (kips.in)= 98.1

dedge(min)=1.5db (in)= 3.00 Z=(2d)3/6 (in3)= 8.79

dedge>dmin= O.K. Bending: ftb=M/Z (ksi)= 0.0

Axial: fta=Tub/Ab (ksi)= 73.3

Anchor Bolt Embedment Length: ft=ftb+fta (ksi)= 73.3
φ= 0.70 Fnt=0.75Fu (ksi)= 93.75

ψ3 (un/cracked:1.25/1.0)= 1.25 Fnt'=1.3Fnt-(Fnt/φFnv)fv<Fnt (ksi)= 93.8

hef (in)= 30.0 φTn=φFnt'Ab (kips)= 220.9

c1- edge distance- N direction (in)= 19.0 φTn>Tub= (within 10%) O.K.

c2- edge distance- B direction (in)= 12.5

Anchor plate (Y/N)= Y Bolts: Shear Bolts resist shear (Y/N)= Y
Continuous (Y/N)= Y φ= 0.90
bPL- N direction (in)= 8.0 fv=Vu/(nAb) (ksi)= 16.65

LPL- B direction (in)= 30.0 Fnv=0.5Fu (X)/0.4Fu (N) (ksi)= 62.5

ANo- Single anchor bolt (in2)= 6300.0 φVn=φFnvAb (kips)= 176.7

AN- Group (in2)= 6300.0 φVn>Vub= O.K.

φNcbg (kips)= 256.5

φc- Concrete strength= 0.75

φcφNcbg (kips)= 192.35

φcφNcbg>Tu= O.K.

Shear Lug: Shear (Confinement components ignored) Shear Lug: Bending
N- number of shear lug= 2 tPL- shear lug (in)= 1.25

S- Spacing (in)= 10 Fy (ksi)= 36

h-Total height (in)= 3.5 φb= 0.90

tgrout (in)= 2.0 Cantilever: Ml=Vu/N(tgrout+hemb/2) (Kip.ft)= 24.0

hemb- Concrete embedded height (in)= 1.5 treq=(4Ml/(φFyL))1/2 (in)= 1.19

L (in)= 25.0 tPL>treq= O.K.

Al=NhembL (in2)= 75.0
a- Free edge in B direction (in)= 12.5 Shear Lug: Welds
b- Free edge in N direction (in)= 32.375 bw (in)= 0.375

h=min(hconcrete,b+hemb) (in)= 33.9 FEXX (ksi)= 60

AV (in2)= 1656.3 tw=0.707bw (in)= 0.27

Concrete bearing: φRn=0.8f'cAl (kips)= 240 s=tPL+2bw (in)= 2

Concrete shear: φRn=4φf'c
1/2AV (ksi)= 314.3 fc=Ml/(sL) (kip/in)= 5.75

φRn>Vu= O.K. fv=Vu/(2NL) (kip/in)= 2.09

fr=(fc
2+fv

2)1/2 (kip/in)= 6.12
φ= 0.75
φFw=φ0.60FEXXtw (kip/in)= 7.2

φFw>fr= O.K.
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Limit-state function definition in CalREL (user.for) 

 
      subroutine ugfun(g,x,tp,ig) 
      implicit real*8 (a-h,l-z) 
      dimension x(1),tp(1) 
      go to (1,2,3,4,5,6,7) ig 
 1    g = x(16)/(x(4)*x(3))+x(18)/((1./6.)*x(4)*x(3)**2.) 
      g = 0.85*tp(1)*x(14)-g 
      return 
 2    g = x(17)/(x(3)*x(4))+x(18)/((1./6.)*x(4)*x(3)**2.) 
      g = g*(((x(4)-0.80*x(2))/2.)**2.)/2. 
      g = (x(12)*x(5)**2.)/4.-g 
      return 
 3    g = 2.*x(17)*(x(18)/x(16)+x(3)/2.-x(9)) 
      g = g/(0.85*tp(1)*x(14)*x(4))  
      g = (x(3)-x(9))**2.-g 
      g = (x(3)-x(9))-g**0.5 
      g = 0.85*tp(1)*x(14)*x(4)*g 
      g = (x(3)-x(1)-2.0*x(9))/2.*(g-x(16)) 
      g = (x(12)*x(4)*x(5)**2.)/4.-g 
      return 
 4    g = 2.*x(17)*(x(18)/x(16)+x(3)/2.-x(9)) 
      g = g/(0.85*tp(1)*x(14)*x(4))  
      g = (x(3)-x(9))**2.-g 
      g = (x(3)-x(9))-g**0.5 
      g = 0.85*tp(1)*x(14)*x(4)*g 
      g = 8./2.*tp(2)*x(13)*(3.14*x(8)**2.)/4.-g 
      return 
 5    g = x(15)*x(16)-x(17) 
      return 
 6    g = tp(3)*x(13)*(3.14*x(8)**2.)/4.-x(17)/(8./2.) 
      return 
 7    g = tp(4)*x(14)*2.*x(7)*(x(6)-x(10))-x(17) 
      return 
      end 
 
      subroutine udgx(dgx,x,tp,ig) 
      implicit real*8 (a-h,l-z) 
      dimension x(1),dgx(1),tp(1) 
      return 
      end 
 
      subroutine udd(x,par,sg,ids,cdf,pdf,bnd,ib) 
      implicit real*8 (a-h,l-z) 
      dimension x(1),par(4),bnd(2) 
      return 
      end 
 
      subroutine usize 
      common /blkrel/ mtot,np,ia(100000) 
      mtot=100000 
      return 
      end 
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Input file in CalREL (In_2in50yr_Mmax.txt) defining random variables, reliability 

analysis procedures, and parameters 

 
CALRel ngf=7 nig=2 nrx=18 ntp=4  
DATA 
TITL nline title 
1 
Reliability of base plate connection as a general system 
FLAG icl, igr 
3 0 
OPTI iop,ni1,ni2,tol,op1,op2,op3 
5,-1000,-50,0.001 
STAT igt(i),nge,ngm nv,ids,ex,sg,p3,p4,x0 
1 15  
dc    1,  1,  26.02,  0.125,  0.,  0.,  26.02 
bf    2,  1,  13.11,  0.1875, 0.,  0.,  13.11 
n     3,  1,  38.,    1.,     0.,  0.,  38. 
b     4,  1,  25.,    1.,     0.,  0.,  25. 
tp    5,  1,  3.75,   0.11,   0.,  0.,  3.75 
lsl   6,  7,  3.5,    0.5,    2.75,4.25,3.5 
bsl   7,  1,  25.,    0.75,   0.,  0.,  25.   
db    8,  1,  2.,     0.10,   0.,  0.,  2. 
de    9,  1,  3.      0.25,   0.,  0.,  3. 
tg    10, 7,  2.,     0.5,    0.,  2.5, 2. 
fyc   11, 2,  60.,    3.,     0.,  0.,  60. 
fyp   12, 2,  50.,    3.5,    0.,  0.,  50. 
fub   13, 2,  137.5,  12.5,   0.,  0.,  137.5 
fc    14, 2,  4.8,    0.60,   0.,  0.,  4.8 
mu    15, 7,  0.80,   0.24,   0.,  1.,  0.80 
2 3 
pm    16, 2,  432.6,  30.3,   0.,  0.,  432.6 
vm    17, 2,  241.6,  31.4,   0.,  0.,  241.6 
mmax  18, 11, 35664.2,2853.1, 0.,  0.,  35664.2 
-0.65 
-0.12 0.81 
PARA 
2., 0.75, 0.50, 0.80 
CUTS 
6 8 
1 0 2 0 3 0 4 0 5 6 0 5 7 0  
END 
FORM ini=0 ist=0 npr=1 
SORM 
SCIS nsm=100000 npr=10000 cov=0.001 stp=98766587 ind=0 
SENS 
exit 
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Component and system reliability analysis results for all hazard levels considered 

 

 
 

Component and System Relibaility Results Weighted results
2% in 50 yr PE hazard level Component Pf1 PH(h,t=50) PH(h,t=1) t=50 t=1

5.82E-02 2.61E-02 2.33E-04 5.06E-03 2.76E-11 1.52E-03 1 5.82E-02 0.02 4.04E-04 0.001164 2.35E-05
2.61E-02 2.96E-01 4.44E-04 1.16E-02 4.33E-11 7.83E-03 2 2.96E-01 0.02 4.04E-04 0.005912 1.19E-04
2.33E-04 4.44E-04 5.55E-04 4.91E-04 3.97E-11 5.72E-05 3 5.55E-04 0.02 4.04E-04 1.11E-05 2.24E-07
5.06E-03 1.16E-02 4.91E-04 1.70E-02 4.84E-11 1.10E-03 4 1.70E-02 0.02 4.04E-04 0.000339 6.85E-06
2.76E-11 4.33E-11 3.97E-11 4.84E-11 2.37E-11 1.47E-11 5 2.37E-11 0.02 4.04E-04 4.74E-13 9.58E-15
1.52E-03 7.83E-03 5.72E-05 1.10E-03 1.47E-11 2.13E-02 6 2.13E-02 0.02 4.04E-04 0.000426 8.60E-06

Pf1 3.40E-01 3.47E-01 System-Pf1 3.43E-01 0.02 4.04E-04 0.006861 1.39E-04
Beta 0.395 0.413 System-β 4.04E-01 0.02 4.04E-04 0.00808 1.63E-04
5% in 50 yr PE hazard level Component Pf1 PH(h,t=50) PH(h,t=1) t=50 t=1

1.07E-02 1.21E-03 2.15E-12 1.09E-06 7.25E-13 1.12E-04 1 1.07E-02 0.05 1.03E-03 0.000535 1.10E-05
1.21E-03 1.17E-01 1.49E-11 4.48E-06 5.57E-12 1.64E-03 2 1.17E-01 0.05 1.03E-03 0.005855 1.20E-04
2.15E-12 1.49E-11 0.00E+00 2.66E-12 1.03E-16 5.01E-12 3 0.00E+00 0.05 1.03E-03 0 0.00E+00
1.09E-06 4.48E-06 2.66E-12 1.38E-05 2.21E-11 4.03E-07 4 1.38E-05 0.05 1.03E-03 6.89E-07 1.41E-08
7.25E-13 5.57E-12 1.03E-16 2.21E-11 1.43E-11 3.21E-12 5 1.43E-11 0.05 1.03E-03 7.16E-13 1.47E-14
1.12E-04 1.64E-03 5.01E-12 4.03E-07 3.21E-12 1.31E-02 6 1.31E-02 0.05 1.03E-03 0.000656 1.34E-05

Pf1 1.38E-01 1.38E-01 System-Pf1 1.38E-01 0.05 1.03E-03 0.006903 1.42E-04
Beta 1.089 1.089 System-β 1.09E+00 0.05 1.03E-03 0.05445 1.12E-03
10% in 50 yr PE hazard level Component Pf1 PH(h,t=50) PH(h,t=1) t=50 t=1

9.52E-03 2.71E-03 1.67E-08 2.70E-05 3.91E-12 1.10E-04 1 9.52E-03 0.10 2.11E-03 0.000952 2.01E-05
2.71E-03 7.55E-02 1.84E-08 4.03E-05 9.38E-12 9.92E-04 2 7.55E-02 0.10 2.11E-03 0.007551 1.59E-04
1.67E-08 1.84E-08 1.90E-08 1.41E-08 1.12E-14 5.99E-10 3 1.90E-08 0.10 2.11E-03 1.9E-09 4.00E-11
2.70E-05 4.03E-05 1.41E-08 5.16E-05 1.79E-11 1.17E-06 4 5.16E-05 0.10 2.11E-03 5.16E-06 1.09E-07
3.91E-12 9.38E-12 1.12E-14 1.79E-11 1.31E-11 2.07E-12 5 1.31E-11 0.10 2.11E-03 1.31E-12 2.75E-14
1.10E-04 9.92E-04 5.99E-10 1.17E-06 2.07E-12 1.05E-02 6 1.05E-02 0.10 2.11E-03 0.001046 2.20E-05

Pf1 9.17E-02 9.18E-02 System-Pf1 9.17E-02 0.10 2.11E-03 0.009174 1.93E-04

Beta 1.33 1.33 System-β 1.33E+00 0.10 2.11E-03 0.133 2.80E-03
50% in 50 yr PE hazard level Component Pf1 PH(h,t=50) PH(h,t=1) t=50 t=1

1.47E-04 6.24E-05 4.46E-08 4.39E-06 2.11E-11 4.83E-07 1 1.47E-04 0.50 1.33E-02 7.34E-05 1.96E-06
6.24E-05 1.06E-03 4.71E-08 6.25E-06 2.31E-11 4.11E-06 2 1.06E-03 0.50 1.33E-02 0.000531 1.41E-05
4.46E-08 4.71E-08 4.72E-08 4.33E-08 8.07E-12 8.87E-10 3 4.72E-08 0.50 1.33E-02 2.36E-08 6.30E-10
4.39E-06 6.25E-06 4.33E-08 7.01E-06 2.35E-11 7.52E-08 4 7.01E-06 0.50 1.33E-02 3.51E-06 9.35E-08
2.11E-11 2.31E-11 8.07E-12 2.35E-11 8.41E-12 1.70E-12 5 8.41E-12 0.50 1.33E-02 4.2E-12 1.12E-13
4.83E-07 4.11E-06 8.87E-10 7.52E-08 1.70E-12 5.27E-04 6 5.27E-04 0.50 1.33E-02 0.000263 7.02E-06

Pf1 1.67E-03 1.67E-03 System-Pf1 1.67E-03 0.50 1.33E-02 0.000834 2.22E-05
Beta 2.935 2.935 System-β 2.94E+00 0.50 1.33E-02 1.4675 3.91E-02
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Sensitivity analysis for limit-state parameter: system reliability analysis for different hazard levels. 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Sensitivity Analysis: Limit-state parameters θg

Parameter θgi Δθgi βmin βmax βave Δθgβθg Δθgβ(θg/β) Pf- min Pf- max Pf-ave ΔθgPfθg ΔθgPf (θg/Pf)

Original - - 0.395 0.413 0.404 - - 3.40E-01 3.47E-01 0.3431 - -
k 2.0 0.1 0.439 0.454 0.447 0.850 2.10 3.25E-01 3.30E-01 0.3278 -0.307 -0.89

Cub1 0.75 -0.0375 0.386 0.413 0.400 0.090 0.22 3.40E-01 3.50E-01 0.3448 -0.033 -0.10

Cub2 0.5 -0.025 0.395 0.413 0.404 0.000 0.00 3.40E-01 3.47E-01 0.3431 0.000 0.00

Cbrg 0.8 -0.04 0.388 0.407 0.398 0.130 0.32 3.42E-01 3.49E-01 0.3456 -0.048 -0.14

Sensitivity Analysis: Limit-state parameter θg=k

Parameter θgi Δθgi βmin βmax βave Δθgβθg Δθgβ(θg/β) Pf- min Pf- max Pf-ave ΔθgPfθg ΔθgPf (θg/Pf)

Original-2% - - 0.395 0.413 0.404 - - 3.40E-01 3.47E-01 0.3431 - -
2% in 50 yr 2.0 0.1 0.439 0.454 0.447 0.850 2.10 3.25E-01 3.30E-01 0.3278 -0.307 -0.89
Original-5% - - 1.089 1.089 1.089 - - 1.38E-01 1.38E-01 0.1381 - -
5% in 50 yr 2.0 0.1 1.116 1.116 1.116 0.540 0.50 1.32E-01 1.32E-01 0.1323 -0.116 -0.84

Original-10% - - 1.33 1.33 1.330 - - 9.17E-02 9.18E-02 0.0917 - -
10% in 50 yr 2.0 0.1 1.353 1.353 1.353 0.460 0.35 8.80E-02 8.80E-02 0.0880 -0.073 -0.80
Original-50% - - 2.935 2.935 2.935 - - 1.67E-03 1.67E-03 0.0017 - -
50% in 50 yr 2.0 0.1 2.944 2.944 2.944 0.180 0.06 1.62E-03 1.62E-03 0.0016 -0.001 -0.56

β-Reliability Index Pf1-Failure Probability (FORM)Perturbation

Perturbation β-Reliability Index Pf1-Failure Probability (FORM)
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Computation of δ vector for relative importance of random variables: System reliability analysis at 2% in 50 yrs PE hazard 

level 

 

 
 
 
 
 

No. RVi μi σi Δμ βmin βmax βave δ=(Δβ/Δμ)iσi Order Classification
Original - − − − 0.395 0.413 0.404 - - -

1 dc 26.02 0.125 2.60 0.395 0.414 0.4045 2.40E-05 17 Capacity

2 bf 13.11 0.1875 1.31 0.993 1.025 1.009 8.65E-02 7 Capacity

3 N 38 1 3.80 1.425 1.451 1.438 2.72E-01 4 Capacity
4 B 25 1 2.50 -0.905 -0.9 -0.9025 -5.23E-01 1 Demand
5 tPL 3.75 0.11 0.38 1.136 1.171 1.1535 2.20E-01 5 Capacity

6 lsl 3.5 0.5 0.35 0.397 0.415 0.406 2.86E-03 14 Capacity

7 bsl 26 0.75 2.60 0.406 0.426 0.416 3.46E-03 12 Capacity

8 db 2 0.1 0.20 0.407 0.413 0.41 3.00E-03 13 Capacity

9 dedge 3 0.25 0.30 0.394 0.413 0.4035 -4.17E-04 16 Demand

10 tgrout 2 0.5 0.20 0.364 0.386 0.375 -7.25E-02 9 Demand

11 Fy,col 60 3 6.00 0.395 0.413 0.404 0.00E+00 18 -

12 Fy,PL 50 3.5 5.00 0.847 0.875 0.861 3.20E-01 3 Capacity

13 Fub 137.5 12.5 13.75 0.404 0.413 0.4085 4.09E-03 11 Capacity

14 f'c 4.8 0.6 0.48 0.481 0.49 0.4855 1.02E-01 6 Capacity
15 μ 0.8 0.24 -0.08 0.367 0.389 0.378 7.80E-02 8 Capacity
16 P 432.6 30.3 43.26 0.395 0.405 0.4 -2.80E-03 15 Demand
17 V 241.6 31.4 24.16 0.343 0.377 0.36 -5.72E-02 10 Demand
18 M 35664.2 2853.1 3566.42 -0.224 -0.193 -0.2085 -4.90E-01 2 Demand
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Fragility curves obtained for different failure modes of the connection using lognormal fit 
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