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ABSTRACT

Existing reinforced concrete (RC) buildings designed prior to the 1970s are vulnerable to shear
failure of beam-column joints under earthquake excitations because of insufficient transverse
reinforcement in the joint region. The failure of such “unreinforced” joints, especially corner
joints, has played a crucial role in building collapses in past earthquakes. The accurate prediction
of shear strength and flexibility for these unreinforced beam-column joints is therefore essential
to assess the seismic risk of older-type RC buildings characterized by having unreinforced beam-
column joints. To predict shear strength, two shear-strength models were developed previously,
as a part of this larger study. A practical shear-strength model combining the two previously
developed models is presented in this report.

To validate the shear strength models and to develop a moment-rotation relationship
(backbone relationship) of unreinforced corner beam-column joint, four full-scale unreinforced
corner beam-column joint specimens with two orthogonal beams and floor slab were tested
under quasi-static cyclic load reversals simulating earthquake loading. The test results show that
the joint shear strengths decrease with increase of the joint aspect ratio, and for a certain joint
aspect ratio, the joint shear strengths are proportional to the beam longitudinal reinforcement
ratio within the range of variables investigated in the test matrix. The proposed three models
accurately predicted the shear strengths of the tested specimens. Based on the measured joint
responses and visual observations of the tested four corner joint specimens, a backbone
relationship was developed for nonlinear joint macro-modeling. Furthermore, the proposed
backbone relationship was modified to be applicable to interior and roof beam-column joints.
The strength parameters in the backbone relationships were defined using the proposed joint
shear strength models. These backbone relationships were validated by accurate reproduction of
the force-drift responses of the tested four corner joint specimens in this study and eight other
exterior and interior joint specimens taken from the literature. Using these backbone
relationships, nonlinear dynamic simulations were performed on three hypothetical prototype RC
building frames. These simulations indicate that consideration of the flexibilities for unreinforced
joints is important for seismic assessment of older-type RC buildings characterized by having
unreinforced joints.
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1 Introduction

1.1  MOTIVATION

Numerous reinforced concrete (RC) buildings designed prior to 1970s still exist in the western
United States and in other seismically active regions worldwide. These older RC buildings were
usually designed for gravity load only or with little consideration of seismic forces and detailing.
Accordingly, insufficient shear reinforcement was provided in columns and beam-column joint
regions. To assess the risk of such seismically vulnerable RC buildings, significant experimental
and analytical research activities have been conducted to investigate the capacity of shear-critical
columns and to predict their axial failure [Lynn 2001; Sezen 2002; Elwood and Moehle 2003;
Ghannoum 2007; Shin 2007]. Meanwhile, most studies on beam-column joints (hereafter beam-
column joints are referred to as joints) have been performed to improve requirements for new
joint seismic designs so that they have adequate strength and ductility. Relatively fewer studies
have focused on seismic performance of older-type joints without transverse reinforcement in the
joint region (referred to hereafter as “unreinforced”), an exception being the studies conducted at
Cornell University in the early 1990s [Pesski et al. 1990; El-Attar et al. 1991; Beres et al. 1992].
However, because the specimens tested at Cornell University included unreinforced joints as
well as other beam and column non-seismic details typically found in the eastern United States,
the results are limited.

Earthquake reconnaissance reports [Uang et al. 1999; Sezen et al. 2000; Li et al. 2008;
Glinay and Mosalam 2010] have shown that the older-type RC buildings are prone to collapse
due to failure of unreinforced joints, especially corner joints, see Figure 1.1. Currently,
ASCE/SEI 41-06 [2006], referred to hereafter as ASCE 41, provisions have been widely adopted
to predict the shear strength and drift capacity of joints observed in existing RC buildings. To
investigate the relevance of the strength recommendations in ASCE 41, Park and Mosalam [2009]
collected unreinforced exterior or corner joint test data of 62 previously tested specimens from
22 published papers and reports. The selection criteria were as follows: (1) beam longitudinal
reinforcement hook is bent into the joint region; (2) beam width is equal to or smaller than
column width; and (3) column shear and lap splice failures do not govern the response.

An evaluation of the joint shear strength reported in the collected database reveals that
ASCE 41 may underestimate the shear strength of unreinforced exterior joints. Therefore, Park
and Mosalam [2009] performed a parametric study using the test data from collected database
and proposed two shear-strength models. This parametric study revealed that the shear strength
of unreinforced exterior joints is strongly affected by two parameters: (1) the joint aspect ratio,
which is defined as the ratio of beam to column cross-sectional depth; and (2) joint shear demand



related to the amount and strength of beam longitudinal reinforcement and the specimen
geometry.

Wenchuan, China, 2008 Abruzzo, Italy, 2009
Figure 1.1 Failure of corner joints in past earthquakes.

However, the majority of tests in the database collected by Park and Mosalam [2009]
were constructed without transverse beams and floor slabs and tested under constant column
axial load for convenience, see Figure 1.2. Such planar exterior joints rarely occur in real
buildings where transverse beams and floor slabs exist. Moreover, exterior and corner column
axial loads do not remain constant under earthquake excitation due to the overturning moment of
the building. In some tests, results obtained from small-scale specimens were questionable
because of size effect, small size of aggregate, and use of uncommon reinforcing bar sizes. Given
these limitations, full-scale tests on unreinforced joint specimens having transverse beams and
floor slabs under variable column axial loads are necessary.

In simulation of RC buildings, beam-column joints are generally modeled as nodes where
one-dimensional (1D) beam and column elements intersect each other, i.e., the orthogonality
between beams and supporting columns is maintained during analysis. However, joint
deformation may make a significant difference in the lateral response of RC buildings,
particularly if the buildings contain unreinforced joints. To account for joint flexibility, several
types of joint macro-models have been proposed by other researchers, such as separating joint
shear deformation from slip rotation (referred to as explicit modeling) and combining the two
types of deformations into a single variable (referred to as implicit modeling). Implicit modeling
is a more practical option for simulating a building having a large number of degrees of freedom
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in terms of numerical efficiency. For implicit modeling and for simulating old RC buildings
accounting for joint flexibility, representative moment-rotation relationships for unreinforced
joints are necessary.

TG
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Ortiz [1993]

'ﬁ
\

Pantelides et al. [2002]
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Ghobarah and Said [2001]
e = ¥

Hwang et al. [2005] Wong [2005]

Figure 1.2  Tests on planar exterior joints in the literature.

1.2 RESEARCH OVERVIEW

This study was initiated as a key part of a collaborative project (NEES-Grand Challenge) aimed
at assessing collapse risk and developing mitigation strategies for older-type RC buildings. The
overview of the project is shown in Figure 1.3. Among several topics in the project, the behavior
of unreinforced joints under earthquake loads is of interest in this study as indicated by the gray
colored boxes in Figure 1.3. In this study, extensive analytical and experimental investigations
were conducted to ultimately simulate the progressive collapse of older-type RC buildings and
generate collapse fragility curves.

This study describes an experimental program that develops moment-rotation
relationships (backbone relationships) of unreinforced joints to conduct simulations of beam-
column subassemblies and hypothetical prototype building frames. For shear-strength prediction,
two shear-strength models were developed by semi-empirical and analytical approaches [Park
and Mosalam 2009], and a new practical model was developed. Testing of four full-scale
unreinforced corner joint specimens was conducted to verify the proposed shear-strength models
and to provide benchmark information for developing backbone relationships of unreinforced
exterior joints. The developed backbone relationships were validated by accurate reproduction of
the load-displacement responses of the tested four exterior joint specimens and four other planar
exterior joint specimens taken from the literature. As a prelude of progressive collapse analysis
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for older-type RC buildings, nonlinear dynamic simulations were performed on three
hypothetical building frames using the developed backbone relationships.

| Lab Tests I I Field Tests I

v v v L4 v v
Seismic Hazard Inventory of Older-Type | | Non-ductile and Unreinforced Soil-Structure-Foundation Floor System
Analysis RC Buildings Retrofitted Column| |Beam-Column Joints| [-Interaction (SSFI) Membrane Effect
v v | [

Selection of Ground Prototype Buildings

Motion Records | Component Modeling |
]
v v ¥ v v
Non-ductile Backbone for Infill Wall Model | SSFI Model| ‘Membrane Model‘
! Column Model| | Joint Modeling | | Removal Criteria l |

Progressive Collapse Simulation I:

v
| Collapse Fragility Curves |

I Mitigation Strategy I

Figure 1.3  Overview of the research on older-type RC buildings (NEES-Grand
Challenge).

1.3 SCOPE, OBJECTIVES, AND DEFINITIONS

This study investigated the behavior and modeling of unreinforced joints located in perimeter
frames, see Figure 1.4. Joints included in interior frames were not considered in this study. Since
the scope of this study was limited to the behavior of unreinforced joints without addressing
failures of the column and beams adjacent to the joint, this study considered a strong column-
weak beam configuration, and the anchorage details of the beam longitudinal top and bottom
bars were those of bars bent into the joint region with 90° standard hooks.

As part of this experimental study, four full-scale unreinforced corner joint specimens
were tested with the following objectives:

1. To investigate the effect of two key parameters on the shear strength of unreinforced
exterior and corner joints: (1) joint aspect ratio; and (2) joint shear demand by control
of beam longitudinal reinforcement ratio;

2. To verify the proposed shear strength models; and

3. To provide benchmark data for developing backbone relationship of unreinforced
corner joints.

Simulations of RC building—including joint flexibility—were conducted with the
following objectives:

1. To develop backbone relationships for unreinforced joints in the manner of an
implicit joint macro-model;

2. To verify the developed backbone relationships and compare them with the ASCE 41
joint provisions; and



3.

To investigate the importance of joint flexibility to the lateral responses of RC
buildings by comparing the model with joint flexibility and the conventional model
with rigid joints.

Terms consistently referred to throughout this report are as follows:

1.
2.

10.

11.

Beam-column joints are referred to as joints;

Unreinforced joints are defined as joints without transverse reinforcement in the joint
region;

The longitudinal beam is the one that frames into the joint in the direction of loading
for which the joint shear is being considered,

The transverse beam is the one that frames into the joint in a direction perpendicular
to the longitudinal beam;

The corner and exterior joint is defined as a joint with columns above and below
(only column below for the roof) and one longitudinal beam framing into the joint
with one and no transverse beam, respectively, see Figure 1.4;

The interior joint is defined as a joint with columns above and below (only column
below for the roof) and two longitudinal beams framing into the joint with one or no
transverse beam, see Figure 1.4;

The joint aspect ratio is defined as the ratio of the total beam height, 4, to column
cross-sectional height, A, i.e., hy/h,;

The horizontal joint shear stress (v, ) is referred to as joint shear stress;

The horizontal joint shear stress divided by the square root of the concrete standard
compressive strength (1/ ﬂ) is referred to as normalized joint shear stress, i.e.,

7:"/‘11/\/7!;

Negative bending for a beam is defined as the flexural loading that causes tension in
top reinforcement of the beam or tension in slab (in the case of the beam having a
floor slab); and

Positive bending for a beam is defined as the flexural loading that causes tension in
bottom reinforcement of the beam or compression in slab (in the case of the beam
having a floor slab).
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Figure 1.4  Considered beam-column joints and their definitions.

1.4 OUTLINE

This report consists of seven chapters and two appendices. Chapter 1 presents the motivation,
overview, and contribution of this research to the collaborative NEES-Grand Challenge project,
and the research objectives. The following main chapters are categorized into three parts as
presented in Figure 1.5: (1) development of shear strength models for unreinforced exterior
joints; (2) experimental tests on unreinforced corner joints; and (3) structural simulation using
the developed shear strength models and backbone relationships.

In the previous report [Park and Mosalam 2009], a large experimental dataset of
unreinforced exterior joints were collected from the published literature and parametric studies
were performed using this database. Based on the parametric studies and overview of existing
joint shear strength models, two shear strength models were developed using semi-empirical and
analytical approaches. Chapter 2 presents summary of the derivations of the two shear strength
models together with a third model that is more practical and combines these two models into a
unified framework.

Chapter 3 describes the experimental program of four full-scale corner joint specimens
including the details of specimen design and construction, material properties, loading protocol,
test set up, and instrumentation plans. The evaluation of the test results and observations follow
in Chapter 4, and the evaluated test results are discussed in Chapter 5.

The results of the structural simulations including joint flexibility are discussed in
Chapter 6. Backbone relationships that represent the moment-rotation relationship of
unreinforced joints were developed based on the measured joint responses and visual
observations of joint damage propagation from the tests of the four specimens. For verification
of the proposed backbone relationships, simulations were performed on the beam-column
subassemblies of the specimens tested in the experimental part of this study and eight other
specimens taken from the literature. Furthermore, nonlinear dynamic simulations were
performed on three hypothetical building frames considered herein.
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Chapter 7 presents a summary of the main findings and conclusions of this research.
Several future research topics are listed to extend this research to progressive collapse analysis of
older-type RC buildings.

Finally, this report includes two appendices. Appendix A presents the detailed design
drawings of the four test specimens and test set up. Appendix B presents the concrete and
reinforcing steel material properties obtained from sample tests.

Chapter 1: Introduction
Introduction I— 1. Motivations and Overview
2. Objectives, Scope, and Definitions

Chapter 2: Development of Joint Strength Models

1. Semi-Empirical Approach

Joint Shear Strength Models I— 2. Analytical Approach

> Refer to PEER Report 2009/106 (Park and Mosalam)

3. Practical Approach by unifying the two previously developed models

Chapter 3: Experimental Program
1. Specimen Design

2. Loading Protocol

3. Instrumentation Plan

Chapter 4: Experimental Results

. X ) ] 1. Load-Drift Response
Experimental Tests and Discussion | 2. Visual Observations

3. Joint Shear Stress-Rotation Response

Chapter 5: Discussion of Experimental Results

1. Comparison with Strength Predictions by Proposed Models

|| 2. Effect of Joint Aspect Ratio

3. Effect of Beam Longitudinal Reinforcement Ratio

4. Effect of Column Axial Load, Slab, Loading Sequence, Column Intermediate Bars
5. Deformability of Unreinforced Corner Joints

Chapter 6: Simulation with Joint Flexibility

1. Development of Backbone Relationships for Joint Modeling

2. Simulations of Beam-Column Subassemblies for Validation

3. Nonlinear Dynamic Simulations of Hypothetical Building Frames

Structural Simulation with Joint Flexibility |—

Chapter 7: Summary, Conclusions and Future Extensions
Concluding Remarks I— 1. Summary and Conclusions of Performed Studies
2. Future Extensions for Progressive Collapse Analysis

Figure 1.5  Outline of the report.






2 Joint Shear Strength Models

This chapter presents ASCE 41 provisions and three shear-strength models to predict the
response of unreinforced exterior joints to earthquake loading. The first two models were
reported in Park and Mosalam [2009]. One mode—referred to as the empirical model--was
developed based on mechanistic and empirical approaches, while the other model—referred to as
the analytical model—is developed based on analytical approach utilizing available mechanistic
concepts and formulae. A third model has been developed that integrates these two models into a
unified framework with practical simplifications.

21 ASCE 41 PROVISIONS FOR JOINT STRENGTH

The ASCE 41 provisions are widely adopted to predict the shear strength of beam-column joints
in existing RC buildings. According to ASCE 41, nominal joint shear strength is defined as

I/n = }/n f‘c'bjhc (21)

where y, is the joint shear strength as a multiple of /f, f! is the concrete compressive

c

strength, /4 is the column cross-sectional height, and b, is the effective joint width defined by

either ACI 318-11 [2011] or ACI-ASCE 352-02 [2002]. The values of y, for joint shear strength

calculation are presented in Table 2.1. Note that the joint shear strength of unreinforced exterior
joints without transverse beams is y, =6 psi® [0.5 MPa”®], which can be implicitly applicable

to corner joints. If the joints are properly confined, the strength increases up to y, =12 psi’’ [1.0
MPa’"], which is identical with the strength recommendation in ACI-ASCE 352-02 [2002].

Table 2.1 Values of y, for joint strength calculation in ASCE 41.
Vn [psi®*(MPa’?)]
,0”* Interior joint with | Interior joint w/o |Exterior joint with| Exterior joint w/o | Knee joint with or w/o
transverse beams | transverse beams |transverse beams| transverse beams transverse beams
<0.003 12 (1.0) 10 (0.8) 8(0.7) 6 (0.5) 4 (0.3)
>0.003 20 (1.7) 15(1.2) 15(1.2) 12 (1.0) 8(0.7)

" Volumetric ratio of the transverse reinforcement within the joint region.



2.2 SEMI-EMPIRICAL MODEL

Two key parameters, namely the joint aspect ratio and the beam longitudinal reinforcement ratio,
were selected to derive the shear strength equation; the axial load ratio was not included due to
its little and unclear influence on the joint shear strength. A parametric equation for each of these
two parameters was derived based on mechanistic approaches, and some coefficients in the two
equations were determined relying on a large number of laboratory test data collected from the
literature. For consistency with current practice, the joint shear strength was assumed to be
proportional to the square root of the concrete standard compressive strength [ACI 318-11 2011].

2.2.1 Joint Aspect Ratio Parameter

Assuming that a single diagonal strut carries all the horizontal shear force in the joint panel, as
illustrated in Figure 2.1, the equilibrium equation is derived as follows,

V,=c,Dcost, O=tan"' (b, /h.),and D =o,bh (2.2)

where ¢, <1.0 is a constant to be determined from the database, D is the compressive force in

the diagonal strut, o, is concrete strength of the diagonal strut based on a softening concrete

strength model, and /4 is the width of the diagonal strut at the C-C-T nodal zone, see Figure 2.1.
To express the joint shear strength in terms of the square root of the concrete standard
compressive strength (\/7 ) and consider the simplicity of a linear reduction (in the denominator)

of the compressive strength with the increase of the principal tensile strain, a softening concrete
model suggested by Vollum [1998] is adopted to develop a relevant model for the concrete panel
of unreinforced joints, i.e.,

al fc'

o, =—"—"—
0.8+170 &, (2.3)
where a, is a constant with value of 71.3 for psi units (5.9 for MPa units), and &, is the principal

tensile strain. As a validation of Vollum’s model [1998], Table 2.2 shows that Equation (2.3) is
almost identical— to within 0.003 <&, <0.004 where the joint failure is generally expected—

with another softened concrete strength model proposed by Zhang and Hsu [1998],

@i 24
% 172502, ¢4

where @, is a constant with value of 69.9 for psi units (5.8 for MPa units). Zhang and Hsu’s

model [1998] was developed using their test data and has been adopted by other researchers
[Hwang and Lee 1999; Wong 2005].
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Figure 2.1 Single diagonal strut mechanism.

Table 2.2 Comparison of the softened concrete strength models.
g =0.0030 g, =0.0035 g, =0.0040
’ .
2 (psi)
Oolium*1 O-Zhang "2 Oolium*1 O-Zhaﬂg "2 O voltum*1 O-Zhang "2
3000 2981 2894 2799 2796 2639 2707
4000 3442 3342 3233 3229 3047 3126
5000 3849 3736 3641 3610 3407 3495
6000 4216 4093 3959 3954 3732 3829
7000 4554 4421 4276 4271 4031 4135
8000 4868 4726 4572 4566 4309 4421
9000 5163 5013 4849 4843 4570 4689
10000 5443 5284 5111 5105 4818 4943
O ottun /O zhang 1.03 1.00 0.97

:1 strain-softened concrete compressive strength using Vollum model [Equation (2.3)]
2 strain-softened concrete compressive strength using Zhang and Hsu model [Equation (2.4)]

In existing analytical models [Hwang and Lee 1999; Wong 2005], average strain
compatibility equations in the joint are adopted to determine &, assuming that the principal
tensile direction is simply orthogonal to the assumed diagonal strut. The average strain
compatibility equations are generally valid for the membrane element having longitudinal and
transverse reinforcement, but may not be applicable to unreinforced joints in the same way
because there is no longitudinal and transverse reinforcement in the joint region. For example,
Hwang and Lee [1999] used tensile yield strains of the beam and column longitudinal bars as the
horizontal and vertical strains, respectively, of the joint to calculate the principal tensile strain.
However, the yield strains of the beam and column bars do not represent the average horizontal
and vertical strain of the joint, especially if the reinforcement does not yield.

Instead of using the average strain compatibility equation, this study approximated the
principal tensile strain using the following two approaches. The first approach compared the
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strength reduction calculated using the softening concrete strength model, i.e., Equation (2.3),
with that of C-C-T node suggested by previous researchers and current codes. The selection of
the C-C-T node was supported by the following published experimental results: (1) the joint
shear failure was initiated adjacent to the top node when the beam top reinforcement was in
tension [Vollum 1998]; and (2) the joint crack morphology implied that the crack opening was
greatest at the C-C-T node, which led to the reduction of the strength of the diagonal strut. The
second approach calculated the principal tensile strain using the joint shear strains measured
from Clyde et al. [2000] and Pantelides et al. [2002].

From the results of these two approaches, the principal tensile strain at joint shear failure
is approximated to be 0.0035 for joint aspect ratio of 1.0, which is close to the value of 0.003
proposed in Vollum [1998]. In addition, the principal tensile strain was assumed to be slightly
greater for a higher joint aspect ratio based on the joint shear strains measured in tests from the
subsequent experimental tests of this study. For simplicity, the principal tensile strain is proposed
to be 0.0035 for A, /h, =1.0 and 0.0040 for 4, /h, =2.0 as follows,

g, =0.003+0.0005 (%, /7, ) (2.5)

The horizontal length of the C-C-T node, see Figure 2.1, is expressed using a constant s
as follows,

h, sin 0 = sh, (2.6)

where 8 is the angle of C-C-T node. Substituting Equations (2.3) and (2.6) into Equation (2.2),
the horizontal equilibrium in the joint becomes

a,+ J. b;sh,
=C = |COS .
V,=¢ : 0 2.7)
(0.8+170s,) sin@

Replacing &, by Equation (2.5) and dividing both sides by \/7 b.h,, Equation (2.7) becomes

c”j e

cos0

v,
bhAJfT 131+0.085 (h, /b,

(2.8)

where a, = ¢, a, s/sin@ is a constant determined in the following manner: for the upper bound

of the shear strength of unreinforced joints, a, is selected as 23 for psi units (1.9 for MPa units)
so as to be bounded by the shear strength of transversely reinforced joints as suggested by
Moehle et al. [2006] for joint aspect ratio A, /h, =1.0. This value was also obtained by selecting
the coefficients as follows: (1) the maximum value of ¢, =1.0; (2) original value of 4, i.e., 71.3

for psi units (5.9 MPa units) according to Vollum [1998]; (3) £ =0.325 as the mean value of
minimum, 0.25, and maximum, 0.4, values from Hwang and Lee [1999] and Vollum [1998§],

respectively; and (4) sind =1 as assumed by Hwang and Lee [1999]. For the lower bound of the
shear strength of unreinforced joints, a, was selected as 10 for psi units (0.8 for MPa units)
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based on the comparison with the experimental database as well as the recommendations by
Hakuto et al. [2000] and Moehle et al. [2006]. Figure 2.2 shows that Equation (2.7) and the

selected two values of @, represent the upper and lower bounds of the joint shear strength from
the database for different values of the joint aspect ratio with reasonable accuracy.

n

[psi®’]

bjhc <fc‘
14
]
12
10 "
g a, =23 psi”’ (1.9 MPa ™)
8, L & .
A A [ ]
6 - 8 .
A n
A
4 a, =10 psi ** (0.8 MPa ™)
2+ m ] failure mode
A Other failure modes
0
0.8 1 1.2 1.4 1.6 1.8 2 2.2

Joint aspect ratio, A,/h,

Figure 2.2 Comparison of the proposed joint aspect ratio equation with
database.

2.2.2 Beam Longitudinal Reinforcement Ratio Parameter

The global equilibrium equation is derived from Figure 2.3 as follows,

Mb = Vb XL = Asfv deb (293)
L+h, /2
v =T/V,, (2.9b)

where V), and V. are the beam and column shear forces, respectively, L is the length from the
beam inflection point to the column face, H is the height between upper and lower column
inflection points, 4, and f; are the area and stress of beam longitudinal reinforcement in tension,
respectively, dj, is the effective depth of the beam, and jd, indicates the internal moment arm of
the beam cross-section at the column face. Accordingly, the horizontal shear force of the joint
panel is calculated using Equations (2.9a) and (2.9b) as follows,
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L+h, /2 jd
th = Asfs‘ _Vc = Asfv (I_TL/JTbj (210)

It is assumed that the beam longitudinal reinforcement ratio affects only the case of joint
shear failure with beam reinforcement yielding, referred to as “BJ-type” failure. This assumption
is based on the observation from Figure 2.4 that for the case of joint shear failure prior to beam
reinforcement yielding, referred to as “J-type” failure, the joint shear strength does not increase
with joint shear demand beyond a certain limit. Assuming that the beam longitudinal

reinforcement yields and dividing Equation (2.10) by \/Zb_/h

obtained,

the following equation is

c

Vi [ AS, (l_L+hc/2jdbj (2.11)
b\ b AT H L |

In section analysis, an internal moment arm at yielding of beam longitudinal bars is
generally close to 0.87 times the effective depth of beam cross section, i.e., jd, =0.87d,, based

on jd, =d, —mnd, /3 where n is estimated as 0.4 [Hakuto et al. 1999]. Then, the effective depth is
conservatively approximated as 0.9 times the total height of the beam cross section, i.e.,
d, =0.9h,, considering that cover depth is close to 10% of the total height in standard beam

cross section. Therefore, the internal moment arm is estimated as 0.8 times the total height, i.e.,
Jjd, =0.8h, . Accordingly, the following approximation can be made as

L+h(,/2 jd, :L+hc/2 0.8h, zogsh_b (2.12)

id, =0.8h =
4 b L L H H

Finally, Equation (2.11) can be simplified as follows,

V. A f ( h
LMY 1—0.85—bj =8I, (2.13)
b hA[f! (bjhm/f;} H /

where the non-dimensional parameter SI; is previously referred to as the joint shear index and
represents the joint shear demand at the onset of beam longitudinal reinforcement yielding. Note
that the terminology “joint shear index” replaces the beam reinforcement index referred to in the
previous report [Park and Mosalam 2009] to emphasize the physical meaning of joint shear
demand.
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Figure 2.4 Plot of database with respect to the proposed joint shear index.

2.2.3 Development of Semi-Empirical Model

To develop a semi-empirical model, two basic assumptions were made: (1) maximum and
minimum joint shear strengths are affected by the joint aspect ratio, i.e., they are independent of
the joint shear index; and (2) joint shear strength is linearly proportional to joint shear index
between the maximum and minimum joint shear strengths. The first assumption is supported by
the plots of Equation (2.8) on Figure 2.2. The second assumption reflects the observation in
Figure 2.4.

When the joint shear index is located between the maximum and minimum strengths
determined by Equation (2.8), the joint shear strength is equal to the joint shear index multiplied
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by an over-strength factor, ®>1.0. This factor considers the increase of beam reinforcement
tensile stress due to strain hardening after beam reinforcement yielding. The over-strength factor
is larger for a smaller joint shear index because a larger plastic strain is expected. For simplicity,
® is assumed to be 1.25, 1.e., f, =1.25 f ,»at the minimum joint shear strength and decreases

linearly to ®=1.0, i.e., f, = f, at the maximum joint shear strength, see Figure 2.5. Note that

the over-strength factor 1.25 is commonly adopted to account for the effect of strain hardening
for large curvature ductility [French and Moehle 1991]. Finally, the shear strength equation is
proposed as follows:

4 —L—CD 4.7 ( O85hj (2.14a)
" bhAf! b,h \/_
cosc9 cosd (2.14b)

“min 13140, 085(h, /h,) bhf ““"1.31+0.085(hh/hc)

where a, ;. 1s 10 for psi units (0.8 for MPa units) and a,_, is defined as 23 for psi units (1.9 for

ax

MPa units). The semi-empirical model predicts joint shear strength by the following procedures:
1. Input the joint geometry, concrete strength, and joint aspect ratio;

2. Determine X at the lower bound, Yy, and X, at the upper bound, Y.x, as shown in
Figure 2.5;

3. Calculate the joint shear index (S7;) by Equation (2.13);

4. If X, <8I, < X,, calculated the over-strength factor, @, by interpolation as shown
in Figure 2.5; and

5. Calculate the joint shear strength by Equation (2.14).

4 .
n - [pSIO.S]
bihA 1.
Ymax = X2 h
1.7) v, :d)ASfy(l—O.SSEbj

®:overstrength factor 1.0 < d <1.25

|
|
|
|
|
|
: Ymax = amax Lh
! 1.31+0.085=%
Yo =1.25X, . | h
(5) [ l cosf
: | min — amin 7/1
i ! 1.31+0.085 %
! | h,
: | S
X, @) X, (11.7) ST
(=): value [psi unit] at A,/h,=1.0 !
Figure 2.5 lllustration of the proposed semi-empirical model.
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2.3 ANALYTICAL MODEL

Many analytical studies have assessed the shear strength of unreinforced joints. As a result,
several analytical models have been adopted for predicting shear strength of unreinforced joints
based on the average principal tensile stress limit or the strut-and-tie (SAT) approach using the
average strain compatibility. However, existing models have a conceptual limitation: the average
principal stress and strain compatibility equation does not adequately represent the behavior of
unreinforced exterior joints where the joint shear failure is localized. In addition, the SAT
approach is primarily concerned with estimating the diagonal strut area because the joint shear
strength is sensitive to this estimated area [Hwang and Lee 2002].

Depending on the joint shear demand, two types of joint failure—J-type failure (joint
shear failure prior to beam reinforcement yielding) and BJ-type failure (joint shear failure with
beam reinforcement yielding) —have been commonly recognized by other researchers. The joint
shear strength of the BJ-type failure is less than that of the J-type failure due to relatively lower
beam longitudinal reinforcement ratio. To predict the reduced shear strength for the BJ failure
type, ductility factors are utilized in the existing models. However, ductility can be defined in
different ways to include the deformation of other members in addition to the joint distortion.

The proposed analytical model has been developed to fulfill the following objectives:

1. The new approach uses a consistent procedure to predict two different types of joint
shear failure, i.e., without beam reinforcement yielding (denoted as J type) or with
beam reinforcement yielding (denoted as BJ type), without the need for including
ductility factors.;

2. The solution algorithm is suitable for practical applications;

3. The new approach does not require the estimation of the diagonal strut area, 4.

2.3.1 Assumption

The proposed model first assumes that two inclined struts resist the horizontal joint shear (Figure
2.6) in parallel, where the horizontal joint shear force is carried by the sum of the two horizontal
components of the two struts, but the shear distortion is uniformly distributed over the two struts.
The strut named as “ST1” is developed by the 90° hook of the beam reinforcement, while the
other inclined strut (ST2) is developed by the bond resistance of the concrete surrounding the
beam reinforcement. In this analytical model, the only anchorage detail of beam longitudinal
bars considered is the 90° hook on top and bottom bars bent into the joint region. Presumably,
the fraction of each strut in this detail can be determined by the level of beam reinforcement
tensile stress, which is related to the bond resistance as discussed later in this section.

The second assumption is that the joint shear failure is initiated adjacent to the top node
of ST1 under the loading condition of top beam longitudinal reinforcement in tension, as
mentioned in the semi-empirical model.

The third assumption is that the proposed model uses the softening concrete model
suggested by Vollum [1998]—Equation (2.3) —and the principal tensile strain equation
proposed in the semi-empirical model—Equation (2.5) —for developing this analytical model
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2.3.2 Equilibrium

The joint shear force is estimated from the global equilibrium of a joint panel as derived in
Equation (2.10). By approximation, the equation is simplified as follows,

Vy=Af ~V.~Af. (1 - 0.85%") (2.15)

Total horizontal joint shear force is assumed to be the sum of shear resistances by the two struts
ST1 and ST2 shown in Figure 2.6. The equilibrium of each strut in horizontal direction is derived
using the bond stress between the beam longitudinal reinforcement and the surrounding concrete
in the joint region.

th = th,STl + th,STZ (2.16a)
lh
Vinst1 = A, f, —nng, J.o /“(fs )dx (2.16b)
1/1
Vinsra = N7, .[o /‘(fs)dx =V, (2.16¢)

where 7 is the number of beam longitudinal bars in tension with diameter ¢,, and V. is the shear

force in the column. Note that x(f,) is the bond stress distribution along the beam longitudinal

bar (Figure 2.6) as a function of the tensile stress of the bar, f;, which varies with the distance x,
ie, f, =f,(x). The x-axis and /, are depicted in Figure 2.6. In this model, the horizontal

projection /; is recommended to be 0.654..

The column shear force is excluded in the equilibrium of the diagonal strut ST1, Equation
(2.16b), and included in the equilibrium of the inclined strut ST2, Equation (2.16c), because
most of the column shear force is resisted by the middle portion of the column cross section due
to flexural cracks forming at both sides of the rectangular column cross-section under reversed
cyclic loading. In addition, the vertical component of ST2 is equilibrated by an inclined strut in
the column, as shown in Figure 2.6, where the horizontal components of ST2 and this inclined

strut in the column are represented by V7, 5, in Equation (2.16c¢).
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Figure 2.6  Two inclined struts in unreinforced exterior joints.

2.3.3 Fraction Factor

The contribution of struts ST1 and ST2 shown in Figure 2.6 to the total horizontal joint shear
force can be expressed using a fraction factor « as follows,

Vst =aVy, (2.17a)

Vipsra =(1=a)V,, (2.17b)

J

This fraction factor is expressed as a function of the tensile stress of the beam reinforcement
because it is related to the bond deterioration of this reinforcement. Obviously, the fraction factor
increases as the bond strength deteriorates because ST1 strut contribution dominates after bond
failure occurs [Booth 1994]. In this model, the bi-uniform bond strength model proposed by
Lehman and Moehle [2000] is extended to be tri-uniform and adopted to represent the tri-linear

behavior of the reinforcing steel. The bond strength in elastic beam tensile reinforcement, £, , is
12\/76' psi’”’ (1.0\/76’ MPa’?) and that in inelastic beam tensile reinforcement, £, is 0.5, . The

residual bond strength, ,, is selected from the CEB-FIP [1993] as 0.15z; . The considered
bond strength model is illustrated in Figure 2.7 with reference to the CEB-FIP model [1993].
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(a) bond-slip relationship in CEB-FIP (1990) (b) adopted bond-slip relationship

Figure 2.7  Adopted bond strength model.

Using Equations (2.14) through (2.16) and the above bond strength, the fraction factor a
is derived as follows:

by
CH-085h| o, f

s

where in Equation (2.18), 4, = n 7 ¢} /4 is used. It is assumed that all beam longitudinal bars are

detailed using standard development length and hook, and the bar stress and strain are extended
to the tail of the hook considering cylindrical bearing stress along the hook. As shown in Figure
2.8, the assumed breaking points of beam longitudinal bar stress (f,, f,, and f.) and intermediate
values of the fraction factor (¢, and «,) are derived below.

DERIVATION OF f,

The contribution of ST1 is negligible as long as the bond strength of ST2 is able to resist all of
the horizontal shear force. The tensile stress of beam reinforcement at this point, £, in Figure 2.8,
is given by

4
=l 2.19
/, ¢bﬂ (2.19)

DERIVATION OF ¢,

The fraction factor a, corresponds to the onset of yielding of beam reinforcement at the column
face. Therefore,
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P NN (2.20)
H-085h,\ ¢, £,

where f, is the yield strength of the beam longitudinal reinforcement.

DERIVATION OF f, AND f,

The tensile stress f, is defined when the beam reinforcement yielding propagates over the width
of ST2. Therefore, the bond strength of concrete surrounding the beam reinforcement is equal to

My, over the entire length /,. Accordingly (see Figure 2.8), one obtains the following,

fo=1 +¢iﬂylh (2.21)

Using Equation (2.18), the tensile stress f, corresponding to a =1.0 is expressed implicitly
since the bond distribution cannot be explicitly defined at a = 1.0 . Note that the tensile stress f,
can be equated to f. if @, corresponding to f, is equal to 1.0, see Figure 2.8. Therefore, the

tensile stress value of the beam reinforcement f,. corresponding to o =1.0 is expressed as
follows,

4 H i
1= o wsi o #UE= T, (222)

DERIVATION OF &,

The fraction factor a, is defined when the tensile stress of the beam longitudinal reinforcement
at the column face reaches f,. Therefore,

_ H 1_i—'uY
“H_o08sn| ¢4 , 4
b b fy+7ll’lYlh

b

1 [<1.0 (2.23)
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Figure 2.8  Tri-linear curve of fraction factor.

2.3.4 Definition of Joint Failure

The joint shear strength is defined as the horizontal joint shear force when the horizontal shear
force carried by ST1 (¥, ) reaches its capacity (V ). The capacity of ST1 can be

Jjh,ST 1,max
estimated as the minimum joint shear strength at which ST1 takes all horizontal joint shear force,
1.e., the fraction factor can be set to 1.0. Using the parametric equation of joint aspect ratio,

Equation (2.8), the horizontal shear capacity of ST1 is obtained as

b, hc\/z'cosé’ ’ eztanl(hbJ

1.31+0.085 (ZZ’J

C

V

jh,ST1,max

=C

(2.24)

c

where ¢ is a constant to be determined by test data taken from the literature. The expression in
Equation (2.24) makes use of the findings from the effect of joint aspect ratio in the semi-
empirical model. To predict the joint shear strength, the constant c is obtained for the case of the
minimum joint shear strength at which the fraction factor can be set to 1.0. From Hakuto et al.
[2000], the normalized horizontal joint shear stress y =4 psio'5 (0.33 MPa") is taken as the
minimum joint shear strength to trigger the joint shear failure for a joint aspect ratio,
h, /h,=500/460~1.1, i.e., @ =0.83rad. Applying this suggestion to define the constant c, one

obtains
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. cos(0.83)
1.31+0.085x1.1

=y =>c=2.07y (2.25)

Following the fraction factor function in Figure 2.8 and the determined value of ¢ from Equation
(2.24), the joint shear strength is calculated by an iterative procedure using the algorithm

illustrated in Figure 2.9.
Input: fc',fy,bb,hb,bc,
hcaHa¢b’As’lh

A 4

Calculate: f, (Eq. 2.19), f, (Eq. 2.21), f, (Eq. 2.22),
o, (Eq. 2.20), a, (Eq. 2.23), V), 57/ nax (EQ- 2.24)

A 4

Assume: f, ; [€

Y

Determine: a; (Fig. 2.8)

Y

Calculate: V), ; (Eq. 2.15), V), s7;; (Eq. 2.17a)

—| Define: V), =A4,f,(1-0.85h,/H)

Check: Vi 571 2V 571, max

2
)
¢
=
5
@

o~

I
~

Figure 2.9  Solution algorithm of proposed analytical joint shear strength model.

2.3.5 Principle of Analytical Model

The basic approach of the proposed model is to model a joint region with two inclined struts; the
contribution of each strut to the total joint shear is formulated using the bond resistance of the
concrete surrounding the beam longitudinal bars in tension. The failure of joint is controlled by

the diagonal strut STI whose shear capacity is, for example, 4.2bjhc\/70' for the joint aspect

ratio of %, /h, =1.0. For a certain joint aspect ratio, the minimum joint shear strength is equal to

the capacity of the diagonal strut ST1 because the joint horizontal shear force is carried by ST1
only, i.e., the fraction factor ¢ =1.0. If joint failure occurs before completely losing the bond
strength, the strut ST2 has a contribution to joint horizontal shear resistance, i.e., the fraction
factor becomes less than 1.0 in the analytical model. The contribution of ST2 increases, i.¢., the
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fraction factor decreases, if joint failure occurs under better bond conditions such as a J-type
failure. Consequently, the reduction of the fraction factor increases the joint shear strength
because the multiplication of the joint shear strength and the fraction factor, i.e., the capacity of
the diagonal strut ST1, is fixed for a given joint aspect ratio. From the evaluation of the literature
dataset, the contribution of ST1 is bounded between approximately 0.31 and 0.77 for J-type
mode failure and BJ-type mode failure, respectively. Selecting 0.35 and 0.80 as the minimum

and maximum fraction factors, respectively, for a joint aspect ratio of 4, /h, =1.0, the upper and

lower limits of the joint shear strength become y =4.2/0.35=12.0 and y =4.2/0.80=5.4[psi*’],
respectively, which show good agreement with experimental results taken from the literature, see
Figure 2.2. Note that 4.2bjhc\/7c' corresponds to the capacity of ST1 (i.e., a=1)at h,/h, =1.0.

The following equations help to understand the above,

%

Vipsrime =420, b\ f] — —5.9bj h Al f cosé (2.262)
cos(z/4)

Vi = éth’m,max = 55.%].1701/]”0’ cosd, 035<ax<0.8 (2.26b)

Coincidentally, the equation of joint shear strength—if vertical stress is included—is similar to
the equation of column shear capacity proposed by Sezen and Moehle [2004],

N
" ﬂ{ v\ o )

where £ is a modifier to account for strength degradation and @/d is shear span to depth ratio of

the column that is related to the cosine term in Equation (2.26). From this finding, the analytical
model is simplified in the subsequent section.

(2.27)

2.4 SIMPLIFIED MODEL

The evaluation of the literature test dataset found that the fraction factor is bounded between 0.35
and 0.8. These values are related to the upper and lower limit of joint shear strength, respectively,
as shown in Figure 2.2. In other words, the minimum fraction factor is obtained in the case of
joint shear failure before or at the onset of beam reinforcement yielding, i.e., J-type failure mode,
in which joint shear strength corresponds to the upper limit. The correlation between maximum
fraction factor and lower limit of joint shear strength can be understood in the same manner but
for the BJ-type failure.

In this practical model, joint shear failure is defined as when the principal tensile stress
reaches a certain coefficient (k) times the square root of the standard concrete compressive
strength, see Figure 2.10. At shear failure, shear stress (vj,) is determined by
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(2.28)

Jjh

»(-a)v, B0V, =41,V

«—
vjh — —— — — —.— —
_ ’
% F\/’lt” /e
O ——

1

Figure 2.10 Joint shear failure mechanism based on principle tensile strength of
ST1.

where o, is the axial compressive (positive) stress in the column, and the axial stress in the

beam is assumed to be negligible.

Equation (2.28) shows that joint shear stress increases as higher compressive axial load is
applied to the column, because maximum principal tensile stress limit is adopted as a failure
criterion, as shown in Figure 2.10. However, it has not been proven that the compressive column
axial load improves the joint shear strength [Park and Mosalam 2009]. It is also possible that the
maximum principal tensile stress limit may not exactly represent the shear failure of concrete.
Hence, the term including the column axial stress (o) in Equation (2.28) is ignored and joint

shear stress is expressed as x/ f. .

The effect of joint aspect ratio is formulated in Equation (2.8) based on local equilibrium
in the joint panel and geometry of the nodal zone. A simple statically determinant truss structure
is used to illustrate the effect of the joint aspect ratio in Figure 2.11. The inclined strut ST2 is not
included in the truss structure for simplicity, assuming that bond deterioration is significant and
thus does not contribute to the joint shear resistance. Clearly, joint shear strength decreases for
cases with high joint aspect ratios. Assuming that the axial capacity of the diagonal strut ST1
(Dsr;) 1s constant, the ratio of joint shear strength between low and high joint aspect ratio is close
to the ratio of the cosine values for the two inclination angles of ST1 from the horizontal.
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Selecting the maximum principal tensile stress as 4,/ f) for joint aspect ratio, %, /i, =1.0, one

obtains the following,

Vst = 4 /! b;h, for ‘9:77/4 (2.29a)
cosd

V. =4 /. '"b.h ———— fi o 2.29b

jh,ST1 i1 COS( /4) or any ( )

By the definition of joint shear failure in the analytical model, joint shear strength is
obtained from Equation (2.29b) as,

cosé
V = =— 41/ b 2.30
n a jh ST1 c COS 7[/4) ( )

Using Equation (2.30), the upper and lower limits of the joint shear strength are plotted in Figure
2.12 for the fraction factors, &; =0.33 and «, =0.80, respectively, which are close to the

minimum and maximum fraction factors (i.e., 0.31 and 0.77, respectively) observed in the
evaluation of the database using the analytical model. Note that the upper and lower limits shown
in Figure 2.12 are almost identical to those in Figure 2.2. Accordingly, it can be concluded that
the analytical model provides similar range of joint shear strength for a certain joint aspect ratio
depending on the joint shear index as that provided by the simplified Equation (2.30).

<z
—> =
leh,STl = Dg;, cos 6, Vinsri = Dgry €086,

Dy, Dygy,

G ra—

0, 0,

VAN
(a) low joint aspect ratio (b) high joint aspect ratio

Figure 2.11 lllustration of joint aspect ratio effect using truss analogy.
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Figure 2.12 Upper and lower limit of joint shear strength using the proposed
equation.

Using the minimum of the fraction factor, i.e., the upper limit of joint shear strength, a
strength factor, £, is newly introduced from the fraction factor as follows,

_1 4

a}/ext

k (2.31)

where 7, is equal to 12.0 psi’ (1.0 MPa*?), corresponding to the upper limit of joint shear

strength for joint aspect ratio, 4, /A, =1.0, in Figure 2.12. For reference, the shear strength for

Type 2 exterior joints is also equal to y=12.0 12.0 psi®® (1.0 MPa®’) in ACI 352-02.

Subsequently, the vertical axis of the simplified fraction factor relationship is replaced by the
strength factor, &, as shown in Figure 2.13.

In Figure 2.13(b), the tensile stress of beam longitudinal bars on the horizontal axis
cannot be used to predict the corresponding strength factor without an iterative procedure.
Therefore, a new parameter is needed. In general, a ductility factor is been adopted to reduce the
joint shear strength with increase of strain hardening of the beam longitudinal bars by other
researchers (Park 1997 [Figure 2.14(a)]; Hakuto et al. 2000). However, the ductility factor can be
defined in different ways such as curvature ductility and displacement ductility, and it includes
the deformation of other members in addition to the joint distortion. Because it is necessary to
monitor the ductility factor during the analysis of the frame, this means that it is impossible to
predict the joint shear strength before analyzing the whole frame. Moreover, Figure 2.14(b)
shows an unclear correlation between the joint shear strength and the displacement ductility
factor [Hassan et al. 2010].

Instead, the joint shear index is used to replace the tensile stress of the beam
reinforcement in Figure 2.13(b). The joint shear index represents the joint shear demand at the
onset of beam longitudinal bar yielding. In other words, joint shear failure occurs at a lower
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tensile stress of beam longitudinal bars if the joint shear index is larger. Accordingly, the joint
shear index is inversely proportional to the tensile stress of beam longitudinal bars at the onset of
joint shear failure. Furthermore, the joint shear index values corresponding to the elastic limit
(f,) and the fully inelastic ( f,) stage are defined as upper limit of the joint shear strength and

the shear capacity of ST1, respectively, as shown in Figure 2.15. Note that the adopted joint
shear index values are the same as those used in the semi-empirical model.

4 1 cos@ v, cosd
—n |42 =k s Vou =12
flbh « cos(z/4) Yeur Jo Db, cos(7/4)
I a : Fraction factor of ST1 I El
0ty = 0.80 oo =10

0.4

Q

a, =033

J Jo

/. : tensile stress of beam reinforcement

/. : tensile stress of beam reinforcement

(a) simplified fraction factor relationship with

upper and lower limits (b) strength factor k

Figure 2.13 Derivation of strength factor, k.
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(a) joint shear strength degradation by
curvature ductility factor [Park 1997]

Figure 2.14 Relationship between joint shear strength and ductility factor.
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Figure 2.15 Strength factor relationship.

Benefitting from and combining the two models discussed previously, the practical joint
shear strength model is proposed in a unified framework as follows:

cosd
V =k 'bh ——— 2.32
n |:7/ext »fc J CCOS(7Z'/4):| ( a)
SI. - X
k=04+0.6 "0 21| x — 400 qx, =120 (2.32b)
,— X, cos(7/4) cos(7/4)

For joint aspect ratio, %, /h, =1.0, this practical model predicts the lower limit of joint shear
strength, y =4.8, for the joint shear index, SI, = 4.0, and predicts the upper limit of joint shear
strength, y =12.0, for the joint shear index, S7, =12.0. These predictions are identical to those
used in the semi-empirical model if the maximum over-strength factor is assumed to be 1.2, i.e.,
4.8/ 4, instead of 1.25, i.e., 5/ 4, see Figure 2.5. Consequently, this practical model is derived
from the analytical model and almost identical to the semi-empirical model.

The proposed practical model predicts the joint shear strengths of the database with a
mean value of 0.97 for the ratio between the test results and model predictions and the
corresponding coefficient of variation (COV) of 0.13 as shown in Figure 2.16. This comparison

demonstrates the good accuracy of this practical version of the shear strength model for
unreinforced exterior beam-column joints.
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Figure 2.16 Validation of the practical joint shear strength model.
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3 Experimental Program

This chapter describes the details of the experimental program on unreinforced exterior joint
tests including: (1) specimen design, (2) construction, (3) material properties, (4) loading
protocol, (5) test set up and (6) instrumentation. The experimental program was performed in the
nees@berkeley laboratory located at Richmond Field Station, University of California, Berkeley.

3.1 SPECIMEN DESIGN AND DETAILS

Four full-scale unreinforced corner joint specimens were built to investigate their behavior under
cyclic loading simulating earthquake loads. Based on the previous parametric study, the
specimens were designed considering two parameters: (1) joint aspect ratio and (2) beam
longitudinal reinforcement ratio. For different joint aspect ratios, the beams were designed with
two different cross-section heights, but the column cross-section height was identical for the four
specimens so as to produce low and high joint aspect ratios of 1.0 and 1.7, respectively, as shown
in Figure 3.1. Two types of beam longitudinal bars were adopted: 4-#6 at the top and bottom as
low beam longitudinal reinforcement ratio, and 4-#8 at the top and 4-#7 at the bottom as high
beam longitudinal reinforcement ratio, as shown in Figure 3.1. Note that the selection of the
beam longitudinal reinforcement was intended to achieve two different types of joint failure for
each joint aspect ratio, i.e., a BJ-type failure for SP1 and SP3 fail and a J-type failure for SP2 and
SP4.

Specimen SP1 had a low joint aspect ratio and low beam reinforcement ratio, specimen
SP2 had a low joint aspect ratio and high beam reinforcement ratio, specimen SP3 had a high
joint aspect ratio and low beam reinforcement ratio, and specimen SP4 had a high joint aspect
ratio and high beam reinforcement ratio. The joint aspect ratio and joint shear index (SZ;) of the
four specimens are presented in Table 3.1. Note that the joint shear index was calculated
separately for negative and positive bending, and the slab reinforcement within the effective slab
width according to ASCE 41 is included in the calculation of the joint shear index for negative
bending, i.e., slab in tension.

Since the experimental program focused on the seismic performance of unreinforced
corner joints without addressing failures of the column and beams adjacent to the joint, the
beams and columns were designed as strong column/weak beam with proper details.
Accordingly, the whole spectrum of poor seismic details found in older RC buildings such as
widely spaced column hoops and lap splice was not considered. As a result, the column-to-beam
flexural strength ratios of the specimens were greater than 1.4 as specified in Table 3.1, where
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Mp is defined as the sum of the flexural capacities of the columns above and below the joint
divided by that of the beam.

According to the survey of 15 RC buildings located in California and Washington
[Mosier 2000], the column-to-beam flexural strength ratios of those buildings ranged broadly
and the average value was 2.0. However, for a conservative estimation of M, the beam flexural
strengths were calculated including the slab reinforcement within the effective slab width
according to ASCE 41, while the increase of column flexural strength due to the compressive
axial load (which was smaller than the balanced load) was ignored. Eight column longitudinal
bars were uniformly distributed on the sides of the column cross-section, i.e., three bars per side,
considering the possible role of the column intermediate bars as ties in the joint region [Hwang et
al. 2005] and avoiding excessive confinement of the joint region by the column longitudinal bars.

Table 3.1 Values of design parameters of test specimens.
* M
Specimen hb /hc ST, psi®® (MPa’?) M = Z col
Mbeam
Neg. 8.3 (0.69)
SP1 1.0 2.8
Pos. 6.8 (0.56)
Neg. 12.8 (1.06
SP2 1.0 9 (1.06) 19
Pos. 8.7 (0.72)
Neg. 7.7 (0.64)
SP3 1.7 2.0
Pos. 6.2 (0.52)
Neg. 11.1 (0.93
SP4 1.7 9 (0.93) 1.4
Pos. 7.5 (0.63)

Note: ‘beam strengths are calculated for negative bending, i.e., slab in tension.

All four specimens had the same slab section and reinforcement: 6 in. (152.4 mm)
thickness and #3@12 in. (304.8 mm) in both directions for the top and bottom layers. Slab top
reinforcement extended to the back of the orthogonal beam with 90° hooks, while the slab
bottom reinforcement stopped at 6 in. (152.4 mm) from the beam-slab interface without 90°
hooks. The configuration of the specimens and their design details are summarized in Figure 3.1,
and complete drawings are presented in Appendix A.
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Figure 3.1 Specimen details and test matrix.

3.2 SPECIMEN CONSTRUCTION

The four specimens were constructed outside the nees@berkeley laboratory. The specimen
construction sequence is illustrated in Figure 3.2. A local contractor constructed the specimens in
two phases: the first phase included SP1 and SP2 (low joint aspect ratio specimens) and the
second phase included SP3 and SP4 (high joint aspect ratio specimens). In each phase of
construction, different concrete mixes were used. The ratio of water to cement (W/C) was 0.75 in
the first phase and 0.62 in the second phase. The details of the two concrete mix designs are
presented in Appendix B.

The design details of the beams and the column longitudinal reinforcement introduced a
design conflict of placing the beam and column of exterior (Ext.) and interior (Int.) bars in the
joint region. To resolve this conflict, the beams exterior and interior bars were placed inside the
column exterior and interior bars as shown in Figure 3.3(a). Another design dilemma was that
the longitudinal bars of the two orthogonal beams were crossing each other in the joint region.
Thus, the top and bottom reinforcing bars of the east-west (EW) beam were placed under those
of the north-south (NS) beam, see Figure 3.3(b). Due to these reinforcement details, the two
orthogonal beams, assumed to be nominally identical, had different cover concrete thickness in
the beams’ cross section. The cover concrete thickness of the beam cross sections were measured
after testing; their values are listed in Table 3.2.

Couplers, embedded screw-type headed bars were in the column as shown Figure 3.4,
were utilized to install the bi-directional swivels on top and bottom of the column. Concrete was
placed and vibrated in the vertical position from the pre-mix truck. Concrete casting was
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performed in two stages: (1) the lower column, beam, and slab; and (2) the upper column.
Specimens SP1 and SP2 were cured for 60 days prior to stripping their forms, while specimens
SP3 and SP4 were cured for 20 days before stripping their forms Prior to testing of each of the
four specimens, a forklift was used to transport the specimens from outside the laboratory to the

test rig inside the laboratory. Figure 3.5 shows two photographs of SP1 during and after
transporting it to the test rig.

(c) concrete casting

Figure 3.2  Specimen SP1 construction sequence.
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EW direction

(b) conflict of EW and NS beams longitudinal bars

Figure 3.3  Placement of beam and column reinforcement at corner of the joint.

Table 3.2 Measured cover concrete thickness of beam cross sections.

Cover concrete thickness [in. (mm)]

Specimen EW NS
Top Bottom Top Bottom
SP1 3.00(76.2) | 1.50(38.1) | 2.50(63.5) | 2.00 (50.8)
SP2 2.50(63.5) | 1.50(38.1) | 1.50(38.1) | 2.00 (50.8)
SP3 3.00(76.2) | 1.50(38.1) | 2.50(63.5) | 2.00 (50.8)
SP4 3.00 (76.2) 1.25 (31.8) 2.00 (50.8) 2.25 (57.2)
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/‘f; a lf’. L ’ I‘I.
(a) couplers at the bottom of column (b) couplers at the top of column

Figure 3.4  Couplers and headed bars at top and bottom of column.

(a) curing transporting SP1 (b) placing SP1 on the test rig

Figure 3.5 Transportation of specimen SP1.
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3.3 MATERIAL PROPERTIES

A design concrete compressive strength for the tested full-scale specimens was selected based on
the values take from the literature and joint specimens and substructuring of old existing RC
buildings. The mean concrete compressive strength in a database of 56 non-ductile column
specimens was 3.7 ksi (25.5 MPa) in Ghannoum [2007] and the design concrete strength of
unreinforced joint specimens tested in Cornell University was 3.5 ksi (24.1 MPa) in Beres et al.
[1992]. Based the above values, concrete strength of all specimens targeted a 28 day compressive
strength of 3.5 ksi (24.1 MPa). Maximum aggregate size was 1 in. (25.4 mm) to be relevant for
the full-scale specimen. Two mix designs were used because the first mix showed less strength
than specified after 28 days. The concrete properties of the four specimens are summarized in
Table 3.3. More information including mix design and strength gain with time are provided in
Appendix B.

Grade 60 A706 deformed reinforcing steel bars were used for all the specimens. Used bar
sizes in metric units were 10 mm (D10), 19 mm (D19), 22 mm (D22), 25mm (D25), and 32mm
(D32) compatible with #3, #6, #7, #8, and #10 in US standard bars, respectively. The summary
of reinforcing steel bar properties is given in Table 3.4. More information of properties of
reinforcing steel bars from coupon tests is presented in Appendix B.

Table 3.3 Concrete material properties.
Property SP1 SP2 SP3 SP4
Compressive strength fC, [ksi (MPa)] 3.58 (24.7) 3.53 (24.3) 3.60 (24.8) 3.96 (27.3)
Strain at peak stress &, 0.0019 0.0019 0.0024 0.0024
Initial tangent modulus £, [ksi (GPa)] 3570 (24.6) | 3850(26.5) | 3130(21.5) | 3300 (22.7)
Splitting tensile strength fC, [ksi (MPa)] 0.34 (2.34) 0.34 (2.34) 0.32 (2.21) 0.44 (3.03)
Age of testing [days] 295 358 378 421
Table 3.4 Reinforcing steel material properties.
Property #3 (D10) #6 (D19) #7 (D22) #8 (D25) #10 (D32)
Yield stress f, [ksi (MPa)] 73.5 (507) 78.6 (542) 73.3 (505) 72.2 (498) 68.3 (471)
Ultimate stress f,, [ksi (MPa)] 115.0 (794) | 104.5(721) | 103.1(711) | 102.6 (708) | 100.5 (693)
Yield strain €, 0.0035 0.0028 0.0027 0.0025 0.0023
Ultimate strain &, 0.105 0.120 0.120 0.120 0.120
Elastic Modulus ES [ksi (GPa)] 28200 (195) | 27900 (193) | 26700 (184) | 28900 (213) | 29600 (204)

*yield stress and strain are estimated using 0.1% offset method
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3.4 LOADING PROTOCOLS

This section discusses the beams lateral and column axial loading protocols. The lateral loads
were specified at the tested beam ends using displacement controls, while the column axial load
was specified using force control.

3.4.1 Beam Lateral Loading

Cyclic lateral loading was quasi-statically [0.02 in./sec (0.51 mm/sec)] applied to the end of each
beam, which was assumed to be inflection point of the beams in a building frame according to
the displacement-controlled pattern shown in Figure 3.6. The applied displacement alternated
between the two beams, i.e., one beam was remained at a stationary point during the loading of
the other orthogonal beam. The applied displacement history was defined in terms of yield
displacement (5, ) so that each specimen was subjected to similar number cyclic loading until the

beams yielded and thereafter. Using OpenSees [2010], the yield displacements were estimated to
be 1.24 in. (31.5 mm) for SP1 and SP2, and 0.92 in. (23.4 mm) for SP3 and SP4. Note that the
nonlinearBeamColumn element in OpenSees was used to model the beams and columns, and the
confined concrete and reinforcement of their cross sections were modeled using Concrete(4 and
ReinforcingSteel materials, respectively. The corresponding drift was about 1.2% and 0.9%,
respectively.

Both beams were pulled down to one-quarter of the estimated yield displacement (5,),
which was defined as a stationary point, &, = -5, /4. This initial pull-down loading was intended

to simulate gravity loads prior to lateral loading and to make the beam yield first in response to
downward loading so that the contribution of slab reinforcement could be estimated. To avoid
unnecessary low-cycle fatigue on the join, three loading groups were applied incrementally up to
the yield displacement. In inelastic loading groups, the peak displacement of the current loading
group was defined as 1.5 times that of the previous loading group. In each group of loading, two
reversed cycles were applied to each direction of the beam. After each group of cycles in the
inelastic loading groups, a single low-level cycle one-third the previous displacement level was
applied to quantify the stiffness degradation. The sequence and protocol of the displacement-
controlled loading are depicted in Figure 3.6, and the applied beam displacement history is
presented in Table 3.5.
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(b) applied beam displacement history
Figure 3.6 Loading sequence and applied beam displacement history.
Table 3.5 Applied beam displacement values for loading groups.
Pull-down | Group 1 Group 2 Group 3 Group 4 Group 5 Group 6 Group 7
Up 0 0.25A 0.50A 1.00A L.75A 2.88A, 4.56A ,
-0.25A,
Down -0.50A, | -0.75A | —1.00A, | —=1.50A | -2.25A | -3.38A | =5.06A,

Note: Ay =1.24in. (31.5 mm) for SP1 and SP2; Ay =0.92in. (23.4 mm) for SP3 and SP4
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3.4.2 Column Axial Loading

Column axial load varied during earthquake shaking due to the overturning moment effect on
columns, especially corner columns. To simulate this variation of column axial load, a
relationship between the axial load of corner column and the beam shear force was derived from
pushover analysis of a non-ductile RC prototype building, the 7-story Van Nuys Holiday Inn
located in the San Fernando Valley of Los Angeles, California. Damaged during 1994
Northridge earthquake, the structural details of this building can be found in Krawinkler [2005].
Note that this building was used for structural simulations in Chapter 6 where the details of
beams and columns are presented.

3.4.2.1 Estimate of Column Axial Load

The transverse (NS direction) perimeter frame of the prototype building was selected, and its
beams and columns were modified to have similar dimensions of the test specimens as follows:

1. Column layout was changed from rectangular to square plan with three bays in each
direction corresponding to the transverse perimeter frame of the prototype building,
as shown in Figure 3.7;

2. Column cross-section (b, xh, ) was changed from 14 x 20 in. (356x508 mm) to
18 x 18 in. (457 x 457 mm) considering the change of column layout;

3. Beam width was increased from 14 in. (356 mm) to 16 in. (406 mm) considering the
increase of column width;

4. Gravity load on the first story corner column was adjusted to be 0.15 1,4, identical to

the original prototype building; and

5. Slab contribution to beam flexural strength was not considered.

20ft.-lin.  20ft.-10in.  20ft.-lin.

Roof
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: : 7F
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Ll 1 1 1 . 6F
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i ; ; 20ft.-1in. 2F
' ' ' I D Iw 13ft.-6in.
..... [ _———— -} cO.
18" I 16"
(a) column layout (b) elevation

Figure 3.7  Modified prototype building.

Using OpenSees [2010] to estimate the range of axial load variation in corner columns, a
nonlinear static (pushover) analysis was performed for the above modified prototype building
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frame. In order to check the accuracy of this analysis, analytical materials and element models in
OpenSees [2010] were selected to be similar to those adopted by Paspuleti [2002].

1. Concrete material: Concrete(1 for all beam and column cross-section;
2. Reinforcing bars: Steel()2 with hardening ratio of 2%;

3. Beam and column elements: beamWithHinges with plastic hinge length being equal
to beam depth; and

4. Effective moment of inertia (/) for elastic region: 0.5/, for the beams and columns.

The pushover analysis was stopped when the second-floor exterior beam reached the negative
ultimate moment capacity calculated from section analysis. From the pushover analysis results,
additional compressive axial load on the first story corner column due to overturning moment
was approximately 60% of the gravity load (0.15 f,'4, ) for each direction in the 7-story building.

Total axial load on the first story corner column was estimated for uni-directional and
simultaneous bi-directional loading as follows:

For uni-directional loading

0.15£/4,(1-0.6)=0.06 /'A, < P <0.15f'4,(1+0.6)=0.24 f4, (3.1a)

For simultaneous bi-directional loading

0.15£/4,(1-0.6x2)=-0.003 f/4, < P<0.15f/4,(1+0.6x2)=0.33 f/4, (3.1b)

Note that column axial load P is positive for compression. As shown in Figure 3.8, the range of
column axial load is plotted on the P-M interaction diagram of the first story corner column of
the prototype building. Based on Equations (3.1a) and (3.1b), the axial load on the first-story
corner column ranged within compression (positive) from 0.06 /4, to 0.24 1’4, for uni-

directional loading (under which most unreinforced joint tests from literature were conducted),
and for simultaneous bi-directional loading, it varied from small tension (negative) to 0.33 f,'4, .

1800,

= . a

Axial load (kip)
8 B 5888888

0 1000 2000 3000 4000 5000 6000
Moment (kip-in.)

Figure 3.8  Range of column axial load variation in the P-M interaction diagram.
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3.4.2.2 Column Axial Loading Equation

The relation between the beam shear and column axial load was obtained from the pushover
analysis. The beam shear was calculated by dividing the beam-end moment by the distance from
the beam inflection point to column face which was assumed to be 8 ft. (2.44 m) considering the
specimen dimension. Due to the assumed square plan, the beam shears were assumed to be
identical for the two orthogonal directions. The derived equation was applicable to specimens
SP3 and SP4 that have the same dimensions of the first story beams and columns: beam and

column dimensions were 16x30 in. ( 406x762 mm) and 18x18 in. (457><457mm),

respectively, as shown in Figure 3.7. The coefficient was adjusted for SP1 and SP2 such that
similar column axial loads were applied at the onset of beam yielding for each pair of specimens,
1.e., SP1 and SP3, and SP2 and SP4. The beam shear forces for the EW and NS directions, Vjgw
and Vjns, respectively, at each step were recorded in real time and these forces directly
determined the applied column axial load using the following linear equations:

P

applied

=954V

b,EW

-4V,  for specimens SP1 and SP2 (3.2a)

P =952V,

applied b,EW

-2V

,s Tor specimens SP3 and SP4 (3.2b)
As noted in Figure 3.9, the applied column axial load, Papplicd, Was positive for compression, and
the beam shear forces, V,rw and Vi ns, were positive for the upward loading, i.e., additional
compressive loads were applied during the downward loading of the beams. The determined
column axial load was applied by two hydraulic actuators located on each side of column, and
these two actuators were constrained to move equally in the vertical direction.
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P .. =95-4V,
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P

react

Figure 3.9  Applied column axial load for the four specimens.

3.5 TESTSETUP

As shown in Figure 3.10, a special test set up and devices were designed to achieve hinge
boundary condition at top and bottom of the column in order to apply variable column axial load
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with restraining lateral movement of the specimen. For the hinge boundary conditions, two bi-
directional swivels were designed to carry 500 kips of compression and 200 kips of tension.
These swivels were connected to the column using embedded couplers and to the vertical loading
test frame by bolt connections.

Two W 16x1/2x36 steel beams and built-up boxes were used to apply column axial
load using two hydraulic actuators (360 kip capacity for retraction). The two hydraulic actuators
for column loading were supported on the top flange of the bottom W 16x1/2x36 beam and

connected to the top W 16x1/2x36 beam using the built-up boxes.

The lateral restraining frame was designed to allow vertical movement of the two column
actuators without lateral movement of the specimen at the top end of the column. Two HSS 12 x
12x1/2 members were bolted to the reaction wall at one end and were connected each other by
welding tubes of the same size between them. Additional fabrication was performed to provide a
space for the built-up box to slide vertically between the two tube members. Another HSS 8 x 8 x
1/2 diagonal member was used to provide lateral restraint of the frame. As a result, no P-A
effects were taken into account in this test set up.

In total, four hydraulic actuators were used: two 360-kip-capacity actuators for column
loading and two 120-kip-capacity actuators for beam loading. All actuators were connected to
adaptor plates. The top and bottom ends of the column were artificially confined by filling
hydro-stone between the column and surrounding cylindrical steel ring to prevent local failure
during testing, see Figure 3.11. The sequence of test set up assemblage is presented in Figure
3.12. Drawings of the complete test set up are presented in Appendix A.

; ‘ - Bi-directional swivel at top
HSS512x12x1/2 [0
HSS8x8x1/2

(a) vertical frame and bidirectional swivels (b) lateral restraining frame

Figure 3.10 Design of test frame.
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Hydro-stone
Cylindrical steel nng Fom

Figure 3.11 Confinement of the column at the boundary.

specimen ready for testing top loading beam lateral restraining frame

Figure 3.12 Assembling test set up.

3.6 INSTRUMENTATION

During the tests, external and internal instrumentations monitored the following: (1) beam shear
and column axial forces; (2) beams and column deformations; (3) joint shear strains; (4) strain of
reinforcing bars; and (5) global translations. Four load cells measured forces in actuators, and
seventy eight displacement transducers and seventy seven strain gages were used.
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3.6.1 Beam Shear and Column Axial Forces

The two 360-kip-capacity and two 120-kip-capacity hydraulic actuators were used to apply
column axial load and beam shear forces, respectively. As described in Section 3.4, two beam
actuators were operated under displacement control, and two column actuators were driven by
force control to apply the total forces calculated from beams shear forces. Applied forces were
monitored by built-in load cells in the actuators. The load cells were calibrated before testing, as
shown in Figure 3.13. On each actuator, a displacement transducer was installed for beam
actuators to apply beam shear by displacement control and for column actuators to have equal
vertical displacement during loading of both actuators.

predefined weight
using lead blocks

Figure 3.13 Calibration of load cell of the column axial loading actuator.

3.6.2 Beam Shear and Column Deformations

Forty six of displacement transducers were installed on the column and beam to measure flexural
curvature of the beams and column, column axial deformation, relative deformation at beam-
joint interface, and twisting of the beams. Threaded rods, 7/16 in. (11.1 mm) in diameter, were
placed on pre-defined locations. Most of the length of each rod except the middle 3 in. (76.2
mm) were wrapped by Teflon tubes in advance to avoid bond between the rod and surrounding
concrete, as shown in Figure 3.14.
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Figure 3.14 Threaded rods for instrumentation.

As shown in Figure 3.15, the beam and column were divided into several segments to
evaluate the variation of curvature. The average curvature of each segment in the column and
beams was calculated by the relative deformations between tension and compression zones. For
example, the curvature of the beam i segment, ¢, ., was obtained from

¢B,l_ _ AB,b,i — AB,t,i (3.3)

bb,ihb,i

where A, andA , were deformation of bottom and top displacement measuring gages in the

beam i segment, respectively, and by, and h,; were gage length and vertical distance between
gages of the beam im segment, respectively. The column curvature was calculated by a similar
equation below with averaging relative deformations in each two opposite two sides, see Figure
3.15.

Ay —Ac,
Cei (3.4)

¢ _ Bcii
Ci —

b..h

c,i' e,

where A, and A, are respectively average deformation of left and right displacement

measuring gages of the column i" segment, respectively, in one direction of bending, and b.; and
h.; are gage length and horizontal distance between gages of the column ™ segment,
respectively, as shown in Figure 3.15.
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Figure 3.15 Instrumentation for beam and column flexural deformations.
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Figure 3.16 Instrumentation for column axial deformation.

47



Compressive spring

[ ]
Alumirium tube !I<— Agyry
18" 1" B,
A
Wooden block i i"{'

Figure 3.17 Instrumentation for rotation at the beam-joint interface.

During testing, the column axial deformation was measured by two wire potentiometers
installed between the top and bottom W 16x1/2x36 steel beams on both sides of the column,

see Figure 3.16. The column axial deformation was determined as the average of these two
measurements.

The relative deformation at the beam-joint interfaces was measured and transformed into
the rotation. Two displacement transducers were mounted on angles attached to aluminum tubes,
which were rigidly attached to the column face by the spring tension. Frictionless plates were
firmly bolted to threaded rods embedded in the beam 1 in. (25.4 mm) from the beam-joint
interface, as shown in Figure 3.17. The relative deformations, A, , (bottom) and A,  (top),

were assumed to be the relative translation between displacement transducer and frictionless
plate. Dividing the relative deformations by the distance between top and bottom transducer, #,,,

BJ b

the rotation at the beam-joint interface, €., is obtained:

0 = BJb

A (3.5)

Due to the presence of the RC slab, a beam in the longitudinal direction is subjected to
torsion during transverse beam loading. Twisting of the longitudinal beam was measured at three
locations along its span, as shown in Figure 3.18. The twisting angle at the i location, 0,.,1s

calculated by

0, = LRI (3.6)

where A, and A,, are the vertical displacement of left and right side at " location,

respectively, and b, is the distance between the left and right transducers.
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Figure 3.18 Instrumentation for beam twisting.

3.6.3 Joint Shear Strains

Based on the literature review of tests measuring joint shear strain as depicted in Figure 3.19. the
instrumentation of four sides and two diagonals was adopted. Fixtures were installed in the
outside of joint panel to allow expansion due to crack opening and sliding as shown in Figure
3.20. The rational for placement of the joint shear strain instrumentation was as follows: (1) test
data from the literature show that joint shear cracks propagated to the column above and below
the joint, requiring that instrumentation fixtures be installed outside the joint panel; and (2) shear
strain measurements within the joint panel was highly affected by the crack location, particularly
in the case of unreinforced joints. In this case, the concrete split into several pieces and moved
freely due to absence of transverse reinforcement, which also required measurements outside the
joint panel to avoid constraining or missing recording of such movement.
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(b) two relationship beam-column deformations
1977] [Pampanin et al. 2003]

Patentiometer

(c) six measurements using rods within the joint (d) six measurements using rods outside the joint
region [Walker 2001] [Pantelides et al. 2002]

Figure 3.19 Joint shear strain instrumentations in literature.

Wooden block

Piano wire Column

Figure 3.20 Instrumentation for joint shear strain in this study.
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From this instrumentation, joint shear strain, y _, can be calculated using trigonometric

law as

v, —{ Sloi-of)- 3 (0)-0f)] G7)

where @’ and @/ are the initial angle and deformed angle of the i™ corner in the joint panel,
respectively. These angles in undeformed and deformed shapes are illustrated in Figure 3.21.
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(a) original joint geometry (b) deformed joint geometry

Figure 3.21 Joint shear strain calculation.

3.6.4 Strain Gages

A total of seventy five strain gages were installed on the longitudinal and transverse beam
reinforcement, column reinforcement, and slab reinforcement. The used strain gages had a post-
yield deformation capacity of 10-15% strain with gage size of 0.20 in.x0.08 in. (5 mmx2 mm).
Each strain gage glued to the surface of a reinforcing bar was coated by wax, butyl rubber, and
epoxy.

Among the beam reinforcements, four beam longitudinal bars located on interior and
exterior bars at top and bottom were selected for measuring strains. Each bar had 5 strain gages
located here: (1) on the hook tail; (2) at the hook bending point; (3) at the middle of joint; (4) on
the beam-column interface; and (5) d3/2 from the interface, where d, was the effective beam
depth. Figure 3.22 shows the layout of strain gages on beam reinforcement. The instrumentation
of beam reinforcement strains was intended to determine the onset and propagation of the beam
longitudinal bars yielding, to evaluate the bond deterioration within the joint region, and to
calculate the joint shear stresses. Because shear failure was not expected in any of the beams,
only one stirrup was instrumented with one strain gage, see Figure 3.22.

In the column, strain gages were mounted on four longitudinal bars at each corner and
two intermediate bars only on the open sides where the beams were not framed in. The layout of
strain gages on column reinforcement is shown in Figure 3.23. Strain gage data at corners were
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used to confirm that the column longitudinal bars were elastic during testing, and strain gages of
the intermediate bars were used to investigate whether these bars acted as tension ties as
postulated in Hwang et al. [2005]. Because shear failure was not expected in any of the columns,
only two transverse ties were instrumented with two strain gages each, as shown in Figure 3.23.

In the slab, four top and two bottom reinforcing bars were gaged with strain gages in each
direction. Figure 3.24 shows the layout of strain gages on the slab reinforcement. The slab
reinforcement strain data were used to estimate the effective slab width and to observe the
behavior of possible insufficient anchorage detail of the bottom bars.
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Figure 3.22 Strain gages on beam reinforcement.
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Figure 3.23 Strain gages on column reinforcement.

52



Top bar
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Figure 3.24 Strain gages on slab reinforcement.

3.6.5 Global Translations

The global translations of the test frame and the specimen were measured by displacement
transducers and strain gages, as shown in Figure 3.25. Translations of top beam of the vertical
test frame and the column were monitored to check if the lateral restraining frame functioned as
expected. At bottom of column, rotation of the bi-directional swivel was measured to determine
if the bi-directional swivel functioned as a true hinge. In addition, relative translations between
the top and the bottom of the joint panel were measured during longitudinal beam loading. Two
strain gages were installed on the diagonal tube bracing member to monitor the stability of the
lateral restraining frame.
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Figure 3.25 Instrumentation for global translation.
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4 Experimental Results and Observations

Test results including the measured data and observed damage progression of each specimen are
presented next. First, the hysteretic load-drift responses are presented based on the data measured
at the tip of the beams. The applied load was recorded by the load cell embedded in the beams
actuators. The drift (A) is defined as the beam tip displacement (o) divided by the length of
L+0.5h., where L=8 ft. (2.44 m) is the tested beam length from the column face to the beam
loading point, and /#.=18 in. (457 mm) is the column cross-sectional depth, as illustrated in
Figure 3.1. The beam tip displacement was determined by averaging two displacements
measured at both sides of the loading point. In addition, the variation of the axial load and
vertical displacement of the column is presented.

Second, the observed damage in each specimen is described in terms of the formation and
propagation of cracks and failure of the joint region, beams, and slab, aided by high-resolution
photographs. For clarifying the damage progression, the description of EW direction is followed
by NS direction in the sequence of important events, such as first cracking, yielding, and peak
loading. The damage description is split into two parts: (1) joint region, and (2) beam and slab in
each direction. Subsequently, the common observations of the joint region, beams, and slab in
both directions are summarized.

Third, the joint shear stress-rotation responses are presented. Joint shear stresses (v, ) are

evaluated using a constant moment arm between the tension and compression resultants in the
beam L-shaped cross section, including the effective slab width estimated by ASCE 41. The

constant moment arm is defined as a fraction of the effective depth (d,) of the beam cross
section. This fraction is selected as 0.875d, until beam reinforcement yields based on
jd,=d,—pd, /3 ; Bd, is the neutral axis depth in compression, and f is estimated as 0.4
[Hakuto et al. 1999]. After yielding, the internal moment arm is assumed to be 0.9d, as

commonly adopted in estimating the horizontal joint shear forces [Wong 2005]. For comparison
with the joint shear strength of ASCE 41, joint shear stresses were normalized by the square root

of the concrete compressive strength, /1., i.e., y =v, / \Jf!. For joint rotation responses, joint
shear strain y ~and rotation at beam-joint interface ¢ due to slip or crack opening were

measured separately. To aid in developing an implicit joint macro-model in this study, the total
Joint rotation, 6, , is defined as the sum of joint shear strain and rotation at the beam-joint

interface. The joint rotations were directly evaluated from the recorded data. Detailed
information about instrumentation and data reduction are provided in Chapter 3.
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Lastly, the strains on beam, slab, and column longitudinal reinforcement are presented.
The locations corresponding to the strain gage data are specified in Figures 3.22 and 3.23. Some
of the strain gages were damaged during specimen construction or during testing. The
unrecorded data of these damaged strain gages are presented as blank bars marked as not
applicable (N/A) in the different plots.

41 SPECIMEN SP1

4.1.1 Load versus Drift Response

Hysteresis curves of the lateral load versus drift are shown in Figure 4.1, and the values at the
first peak of each cyclic loading group are given in Table 4.1. Theoretical beam shear force V,
corresponding to the beam yield strength (ignoring the slab contribution) is shown as horizontal
dashed lines in Figure 4.1. Note that the negative (—) and positive (+) signs correspond to beam
downward loading and upward loading, respectively.

The first yielding of top reinforcement in both the EW and NS beams was captured from
strain gage data between the third loading group (A =-1.16%  the average of EW directional

displacement( A,, ) and NS directional displacement( A, )) and fourth loading group (

A =-1.72% on average) for the downward loading. Meanwhile, the bottom reinforcement
yielding in the EW and NS beams was observed during the fifth loading group (A =2.07% on
average). Note that the drift at beam yielding was analytically estimated to be 1.18% which
corresponded to the drift at the third group for the downward loading and the fourth group for the
upward loading, see Table 3.5. The discrepancy between the measured and analytical yield
displacement could be attributed to the joint rotations because the analytical yield displacement
was estimated without consideration of joint rotation, as mentioned in Chapter 3.

The peak loads of EW beam were reached at the sixth loading group where the respective
drift and applied load were -3.86% and -24.1 kips (-107.2 kN) for the downward loading, and
3.21% and 26.4 kips (117.5kN) for the upward loading. The NS beam reached its peak load at
the fifth loading group, which is one group prior to the EW beam peak loading. Because the joint
was already damaged during the previous EW beam loading, the NS beam loading could not
increase after the peak of the EW beam. Note that the peak loads are greater than the value
calculated from beam flexural strength without considering slab contribution, implying that slab
reinforcing bars contributed to resisting the applied lateral load. After reaching the peak load, the
applied beam load sharply reduced. This reduction was more severe for the downward loading,
i.e., slab in tension, than for the upward loading, i.e., slab in compression. The hysteretic curves
in Figure 4.1 clearly show pinching behavior that was induced by the slip of the beam
longitudinal bars, especially the bottom ones, through the joint core due to bond deterioration.

The column axial load was controlled to follow the pre-defined axial loading equation in
terms of applied beam shear forces, as presented in Equation (3.2a). The column axial load
started incorrectly from 83 kips (369 kN) in compression, which was less than the intended value
of 144 kips (641 kN) as shown in Figure 4.2(a). Note that column axial load in the vertical axis
of Figure 4.2(a) is positive for compression, therefore, the true equation of column axial loading
used for SP1 is as follows,

— 4y

b,NS

P e =344V

b,EW

true column axial loading for specimen SP1 (4.1)
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During the test, the peak column axial load in compression was equal to 123 kips (547
kN), corresponding to 0.11f,4, ; the peak tensile column axial load was equal to 77 kips (343

kN), corresponding to 0.07 f,'4, , as shown in Figure 4.2(a). Assuming that the column axial load
started correctly, the column axial load might be in the range from 0.16 f,4, in compression to
0.01f,/4, in tension. Note that 4, = h, xb, . Accordingly, the column was subjected to less

compression and greater tension than the force originally planned for SP1. However, this change
of column axial loads applied was expected to have little effect on the joint shear strengths for
the following reasons: (1) joint shear strengths were not affected by column axial load ratio
within the range of less than 0.25 4, [Park and Mosalam 2009]; and (2) the subsequently

evaluated joint shear strengths were shown to be similar for both the column in compression and
in tension.

The vertical displacements were recorded by position transducers installed on both sides
of the column between the top and bottom of the test frame. The peak vertical average
displacements from the measurements were 0.147 in. (3.73 mm) in elongation and 0.043 in.
(1.09 mm) in contraction, see Figure 4.2(b). Note that vertical displacement in the vertical axis of
Figure 4.2(b) is positive for contraction.

Table 4.1 Load versus drift response of SP1.
SP1
Group EW direction NS direction
No. Downward (-) Upward (+) Downward (-) Upward (+)

A(%) Vo kip) | A%) Vo kip) | A%) Vo kip) | A%) V, (kip)
1 -0.57 -12.4 -0.02 7.1 -0.56 -12.0 -0.01 7.6
2 -0.87 -15.8 0.27 10.3 -0.85 173 0.28 9.9
3 -1.17 -185'" 0.55 14.2 -1.14 -19.2 0.61 13.8
4 .77 -22.4 1.15 20.6 -1.67 227" 1.25 20.6
5 -2.66 -24.0 2.03 254" -2.57 2292 2.11 242"
6 -3.86 2412 3.21 26.4% -3.77 211 3.29 23.8
7 -5.36 -19.0 4.99 24.0 -5.31 -12.6 5.05 18.6
8 7.71 9.3 7.27 17.4 - - - -

ffirst yielding of beam reinforcement
2 peak loading
Note: 1 kip = 4.45 kN
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Figure 4.1 Load versus drift response of SP1.
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Figure 4.2 Column response of SP1.

4.1.2 Observed Damage Progression

The damage progression of the joint in both directions is qualitatively summarized in
Table 4.2. For the purpose of presentation, nearly invisible hairline cracks have been enhanced
by added lines to the photographs. Residual cracks in the beams and slab were marked when the
specimen was removed from test frame.
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4.1.2.1 EW Direction

JOINT REGION

The joint showed a typical “X” shape diagonal crack pattern during the EW beam cyclic loading,
i.e., longitudinal beam loading. A first hairline diagonal crack () caused by the downward
loading, which is referred to as downward diagonal crack hereafter, occurred at the second group

(A =—0.87%), while another diagonal crack () caused by the upward loading, which is

referred to as upward diagonal crack hereafter, appeared at the fourth group of loading
(AEW :1.15%) , see Figure 4.3(a). For the fifth group, the first downward diagonal crack

propagated without new cracks initiating, while a new upward diagonal crack initiated at the
location of the 90° hook of the beam reinforcement, as shown in Figure 4.3(b). At the sixth
group when the peak load was achieved, two major diagonal cracks significantly propagated and
extended from the joint region to the column, as shown in Figure 4.3(c). From the seventh group
of loading, the concrete of the joint panel began bulging and dilating away from the column,
particularly at the top edge of the joint on the side where there was no beam. At the end of the
test, the joint cover concrete was completely detached, and joint core concrete was split into
several parts bounded by the diagonal cracks, as shown in Figure 4.3(d).

During the upward loading of NS beam, a horizontal crack was observed at the top of the
EW joint panel, but no cracks appeared during the downward loading. At the third group of the
NS beam upward loading, a hairline horizontal crack initiated from the top of the interface
between the column and the EW beam, propagating across the whole width of the joint panel at
the subsequent groups of upward loading, as shown in Figure 4.4(a); the location of this
horizontal crack was close to the top reinforcement in the EW beam.

BEAM AND SLAB

A first flexural hairline crack at the top of the EW beam appeared during pull-down loading prior
to testing. At the first group of EW beam downward loading, a splitting crack developed at the
top of the beam-joint interface. Simultaneously, splitting cracks developed along the line of
beam-slab interface in the L-shape beam cross section. Up to the peak load, the splitting crack at
the beam-joint interface opened wider, and the number and width of flexural cracks in the beam
and slab increased. In particular, the splitting crack at the NS beam-slab interface significantly
opened after the EW beam yielding. Cracks on the slab originated from beam flexural cracks;
thus they were connected to each other. Joint cracks continued to significantly widen until the
end of testing. Flexural cracks did not propagate any further, and their width actually decreased
after peak loading because joint deformation prevailed in the global behavior of the specimen;
therefore, plastic hinge mechanism did not form in the beam. The existing cracks in the EW
beam and slab after testing are shown in Figure 4.5.

During the NS beam loading, inclined cracks occurred at the top of the EW beam due to
torsion, and these cracks crossed over the whole depth of the EW beam as testing continued.
Moreover, the existing splitting cracks at the beam-joint interface widened by the induced torsion
during the NS beam loading.
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Table 4.2 Qualitative damage description of SP1.
Drift (%) EW direction NS direction
A,=0.3 - First flexural crack from top of beam -
A, =-0.02 B . _
A 057 - Additional flexural cracks in beam and slab | - First flexural crack at top of beam
down Y-
A“P =0.28 - First downward diagonal crack in joint - Additional flexural cracks in beam
Ay, = 0.86 - Splitting crack at beam-joint interface and slab
Aup =0.58 . . s
- First yielding of one of beam top bars -
Ay =-1.16
A - First downward diagonal crack in
w120 - First upward diagonal crack in joint joint
A gy =-1.72 P 9 J - First upward diagonal crack in joint
o - Yielding of beam top bars
- Second upward diagonal crack in joint - .
A =207 - Propagation of splitting crack at beam-joint i—nﬁigicil:lonal upward diagonal cracks
. interface : o
A jon = -2.62 - First yielding of beam bottom bars - First yielding of beam bottom bars
A, =325 - Large opening of joint diagonal cracks ) . S
’ - Large opening of splitting crack at beam- C;?;?: opening of joint diagonal
Adown =.3.72 joint interface
- Bulging of joint cover concrete - Spalling of joint cover concrete
. - Separation of concrete wedge from
Aup = 5.02 - Separation of concrete wedge from corner corner of ioint on the free side where
of joint on the free side where there is no rot
Adown - 534 beam there is no beam_
- Reduction of width of beam flexural cracks - Reduction of width of beam
flexural cracks
Ayp=7.27 - Spalling of joint cover concrete )
Ao = 771 - Crushing of joint core concrete

4.1.2.2 NS Direction

JOINT REGION

The diagonal joint cracking in the NS joint panel showed a different pattern compared with the
EW joint crack pattern. The first downward diagonal crack (¢) occurred at the fourth loading
group, A, =—1.67% . During the upward loading at the same loading group, a short hairline

diagonal crack (\) and short hairline horizontal cracks developed appeared in the joint panel.

For the subsequent NS beam downward loading, the existing downward diagonal crack
was growing longer and wider without formation of new diagonal cracks, while multiple upward
diagonal cracks newly developed under the upward loading. A significant increase of crack
width was observed at the sixth group of NS beam loading, which was subsequent to the peak of
the EW beam loading. The NS joint concrete split into several pieces and bulged out at the
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seventh group, which was similar to the observation made in the EW joint panel. The NS joint
damage progression is shown in Figure 4.6.

Two horizontal cracks were observed at the top of the NS joint panel during the EW
beam upward loading in the fourth group of loading. Between these two horizontal cracks, the
upper crack closed but the lower crack widened went subjected to the fifth group of loading, as
shown in Figure 4.4(b). Unlike the EW joint panel, a horizontal crack also formed at the bottom
of the NS joint panel during the EW beam downward loading in the fifth group of loading, but its
width was much smaller than the top horizontal crack width. The upper horizontal crack was on
the line of the slab top surface, and the lower horizontal crack at the top of joint and another
horizontal crack at the bottom of the joint were close to the top and bottom reinforcement of the
NS beam, respectively.

BEAM AND SLAB

Multiple flexural cracks, which propagated slowly, took place in the beam and slab. A splitting
crack developed along the EW beam-slab interface line during the NS beam loading, as was
observed in the NS beam-slab interface for the EW beam loading. In general, the crack pattern of
the beam and slab appeared similar for the EW and NS loadings, but crack propagation was more
severe in the EW side. The splitting crack propagation at the beam-joint interface was observed
during the sixth group of loading, as indicated by the arrow in Figure 4.6(c). During the EW
beam loading, torsionally inclined cracks also occurred in the NS beam. The existing cracks in
the NS beam and slab after testing are shown in Figure 4.5.

4.1.2.3 Summary

During the longitudinal beam loading, flexural cracks initiated in the beam and slab at the early
stage of loading, followed by diagonal cracks in the joint region and splitting crack at the beam-
joint interface. With an increase of loading, existing diagonal cracks in the joint region as well as
flexural cracks in the beam and slab propagated and widened. In particular, slab cracks formed a
grid pattern on the top of the slab in both directions of loading [Figure 4.5(c)]. Finally, joint
cracks dominated the failure of the specimen at the peak loading.

Joint diagonal cracks occurred between the drift levels of 1.20% and 1.72%, except for
first downward joint crack in the EW direction, which appeared at the loading to 0.87% drift.
The early occurrence of joint crack for the EW beam downward loading is attributed to the larger
cover concrete thickness of the EW beam cross section. Significant propagation of joint diagonal
cracks was observed from the fifth group of loading to the subsequent peak loading
(Ayw =—3.72% and A =3.25% ). Thereafter, the cover concrete of the joint panel began to

bulge and finally spalled off. The joint core concrete was also crushed based on observation of
joint damage after removing the loose cover concrete.

down

Splitting cracks at beam-joint interface and beam-slab interface also showed significant
propagation, but flexural cracks were not severe. No plastic hinge mechanisms formed in any of
the beams. Figure 4.7 confirms that most damage of the specimen was concentrated on the joint
region.

Two different types of cracks were observed in the transverse direction. Inclined cracks
took place on the side of the transverse beam when the longitudinal beam was loaded downward,
while horizontal cracks developed at the top of the joint panel in the transverse direction during
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the longitudinal beam upward loading. These two types of cracks remained minor and, in fact,
closed when the beam loading was switched to the orthogonal beam. For example, the horizontal
and inclined cracks formed in the joint and beam in the EW direction during the NS beam
loading, but these cracks closed during the subsequent EW beam loading. Therefore, it was
expected that the joint responses in the longitudinal direction were not significantly affected by
these cracks, which occurred during previous loading of the orthogonal beam.
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(d) joint damage at end of test

Figure 4.3 Damage progression of joint in EW direction, SP1.
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Ans= 0.61% Ans=2.11%
(a) horizontal crack in EW joint by NS beam loading

TNEA W -
Aew= 1.15% Aew = 2.03%
(b) horizontal cracks in NS joint by EW beam loading

Figure 4.4  Propagation of horizontal crack in joint panel, SP1.

(a) cracks in EW beam

(c) cracks on slab

Figure 4.5 Existing cracks after testing, SP1.
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(d) joint damage at end of test

Figure 4.6 Damage progression of joint in NS direction, SP1.
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(c) NS beam (d) EW bearh

Figure 4.7  Failure of SP1 after removing concrete fragments.

4.1.3 Joint Shear Stress versus Rotation Response

The hysteretic responses of joint shear stress versus strain are presented in Table 4.3 and Figure
4.8. The joint shear stress was estimated using a constant moment arm that was assumed to be
0.9 times the effective beam depth because beam longitudinal reinforcement yielded before joint
shear failure. According to the effective slab width in ASCE 41, slab top four reinforcing bars
were considered in estimating the effective beam depth for negative bending, i.e., beam
downward loading. The calculated joint shear stresses in the EW direction at the peak load were
509 psi (3.51 MPa) for the downward loading and 508 psi (3.51 MPa) for the upward loading;

the corresponding values of y =v, / \/70’ were 8.5 psi’®’ (0.71 MPa’”) for both downward and

upward loading. The peak joint shear stresses in the NS direction were 474 psi (3.27 MPa) for
the downward loading and 482 psi (3.33 MPa) for the upward loading; the corresponding values

of y=v, / \/76' were 7.9 psi’” (0.66 MPa"’) and 8.1 psi’’ (0.67 MPa’”), respectively. Note that

the peak loads in both directions were greater for the upward loading, but the joint shear stresses
were calculated to be similar for the downward loading than that for the upward loading. This is
because the effective beam depth was smaller for the downward than that for the upward loading.
In other words, contribution of the slab reinforcement and larger cover concrete thickness
reduced the effective beam depth for negative bending. Note that the joint shear strengths, which
were defined as the maximum normalized joint shear stress, were greater than the shear strength
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suggested by the ASCE41, i.e., =6.0 psi” (0.50 MPa®), as indicated by the dashed lines in
Figure 4.8.

The joint shear strains measured in the EW and NS joint panels at the peak load were
0.0024 rads and 0.0002 rads, respectively, for the downward loading, and 0.0079 rads and
0.0042 rads, respectively, for the upward loading, see Figure 4.8. The smaller joint shear strains
were generally measured during the downward loading than during the upward loading.
Conversely, the rotations at the beam-joint interface measured were greater for the downward
loading, see Figure 4.9. Consequently, the total joint rotation, which was defined in this study as
the sum of joint shear strain and the rotation at the beam-joint interface, was almost symmetric
for both downward and upward loadings, as shown in Figure 4.10. For instance, the total
rotations at the peak load were 0.017 rads for the downward loading and 0.019 rads for the
upward loading in the EW direction; 0.014 rads for the downward loading and 0.012 rads for the
upward loading in the NS direction. In general, the total rotation in the NS joint panel was
greater than that in the EW joint panel at the same drift level, resulting from the sequence of
beam loading that the EW beam loading preceded the NS beam loading.

Table 4.3 shows that the contribution of joint rotation to total drift started to increase after
beam reinforcement yielding. Subsequently, total drift after the peak loading was mostly due to
this joint rotation.
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Table 4.3

Joint response of SP1.

Dir. EW
Downward Upward

Group . - ) - » N , )

" (:gi) (psyi""”) (raAd) (Zad) rat) |7 /A esi) |@s)| (ad) o) | ey | 972
1 262 | 4.4 |0.0057 - - - 137 | 2.3 | 0.00 - - -
2 334 | 5.6 |0.0087 | 0.0003 | 0.0029 | 0.33 | 198 | 3.3 |0.0027 | 0.00 |0.0001| 0.04
3 | 391" | 65 |0.0117 | 0.0006 | 0.0026 | 0.22 | 274 | 4.6 |0.0055|0.0004 |0.0023 | 0.42
4 473 | 7.9 |0.0177 | 0.0007 | 0.0039 | 022 | 397 | 6.6 |[0.0115(0.0017 | 0.0054 | 0.47
5 507 | 85 | 0.0266 | 0.0009 | 0.0066 | 0.25 | 489" | 8.2 |0.0203|0.0048| 0.012 | 0.59
6 | 5092 | 85 |0.0386 |0.0024 | 0017 | 0.44 | 5082 | 85 |0.0321|0.0088| 0.019 | 0.59
7 401 6.7 |0.0536 | 0.014 | 0.037 | 069 | 462 | 7.7 |0.0499 | 0.013 | 0.028 | 0.56
8 197 | 3.3 | 0.0771 - - - 33 | 56 [00727| - - -
Dir. NS

Downward Upward

Group , 0. Vi 1% A y 0.

" | o 659 | w0 | gy | |27 ] 690 (05| 0) | oy | iy | %
1 248 | 4.2 | 0.0056 - - - 151 25 | 0.00 - - -
2 358 | 6.0 |0.0085| 0.00 |0.0029 | 0.34 | 197 | 3.3 |0.0028| 0.00 |0.0004 | 0.14
3 397 | 6.6 |0.0114 | 0.00 |0.0031 | 027 | 275 | 4.6 |0.0061|0.0004 |0.0013 | 0.21
4 | 469" | 7.8 |0.0167 | 0.00 |0.0063 | 038 | 410 | 6.9 |0.0125|0.0017 [ 0.0046 | 0.37
5 | 474% | 7.9 |0.0257 | 0.0002 | 0.014 | 0.54 [482"%| 8.1 |0.0211|0.0047 | 0.012 | 0.57
6 436 | 7.3 |0.0377 | 0.0036 | 0.024 | 064 | 474 | 7.9 |0.0329| 0.012 | 0.022 | 0.67
7 261 44 |0.0531|0.0091 | 0.037 | 070 | 371 6.2 |0.0505| 0.027 | 0.046 | 0.91
8 - - - - - - - - - - - -

*1 first yielding of beam reinforcement
*2 peak loading

Note: 1 psi = 0.0069 MPa; 1.0/ £ psi®® =0.083,/ /' MPa"®
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Figure 4.10 Joint shear stress versus rotation of SP1.

4.1.4 Strain Measurement
4.1.4.1 Beam Reinforcement

The strains (vertical axis) of the beam longitudinal bars in the EW and NS directions are plotted
against the location of the strain gages (horizontal axis) with increasing drift levels in Figures
4.11 and 4.12. The labeled drift levels correspond to the loading from the third loading group
through the sixth loading group. The strain values in the vertical axis are normalized by the yield
strain (¢, ) measured from the coupon tests of reinforcing bars. The notation and numbering of

strain gages are illustrated at the top of Figures 4.11 and 4.12.

Based on the measured strain data, the first yielding of the beam top longitudinal bars in
both directions occurred at the beam-joint interface between the drift level of A =-1.16% and
A=-1.72%, i.e., the third and fourth loading group. The bottom longitudinal bars yielded
between the drift level of A =1.20% and A =2.07%, i.e., the fourth and fifth loading group.
With the increase of drift level after the first yielding, the strains at all gages increased and
particularly the strains at the middle of the joint (gage number 2) showed a big jump at the sixth
loading group as symbolized by open circles with solid line in Figures 4.11 and 4.12. This
implies that the beam reinforcement yielding propagated into the joint as the applied drift levels
increased. The strains of the EW beam reinforcing bars were generally observed to be greater
than those of the NS beam reinforcing bars due to the previously mentioned loading sequence.

4.1.4.2 Slab Reinforcement

The strains of the slab reinforcing bars were measured at the beam-slab interfaces in the EW and
NS directions, as shown in Figure 4.13. Note that the EW and NS slab reinforcing bars were
placed in parallel to the EW and NS beams, respectively. For example, the EW slab reinforcing
bars crossed the NS beam-slab interfaces and vice versa. The strain values of the EW slab
reinforcing bars were greater than those of the NS slab reinforcing bars, confirming the
observation that the splitting crack at the NS beam-slab interface was wider than the EW beam-
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slab interface crack. Therefore, different amounts of slab reinforcing bars were taken into
account for estimating the effective beam depth in each direction.

The first yielding of slab top reinforcing bar located next to the beam internal side
occurred during the loading when the beam top internal bar yielded first, between the drift level
of A=-1.16% and A =-1.72% . At the peak loading, all measured top four reinforcing bars
yielded in the EW slab, while the top two reinforcing bars yielded in the NS slab. On the other
hand, the first bottom reinforcing bar yielded in the EW direction at the fifth group of loading,
but this bar slipped from the beam side in the subsequent loading, as shown in Figure 4.13. The
insufficient anchorage of the bottom reinforcement induced relatively low strain and slippage
from the beam section in both directions. Moreover, considering the distance between slab
bottom reinforcement and the neutral axis in the L-shape cross section, the slab bottom bars were
ignored for calculation of joint shear stress and effective beam depth. As indicated in Section
4.1.3, calculating the effective beam depth included four top reinforcing bars for the EW
direction and two top reinforcing bars for the NS direction.

4.1.4.3 Column Reinforcement

The strain gage measurements of column longitudinal bars within the joint region are presented
in Figures 4.14 and 4.15. The measured strain data were assorted according to each of the EW
and NS beam loading. The strains of all the column longitudinal bars were less than the yield
strain (0.0025) until the peak loading, except for the top gage of the bar number 3 in the EW
direction (which yielded when the column was in tension). The strain gage measurements show
that the column longitudinal bars elongated due to the tension in the column during the EW and
NS beams upward loadings. However, the tension in the column and consequent yielding of the
one column bar did not significantly affect the joint shear strengths because the maximum joint
shear strengths for the beams upward loading (column in tension) were close to those measured
for the beams downward loading (column in compression).

To investigate the role of the column intermediate reinforcement, the strains were
recorded over the height of the joint during the longitudinal loading in each direction. The tensile
strain of the column intermediate bar at the joint mid-height was not greater than the strains
measured at both top and bottom of the joint, which is discussed in Section 5.7.
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4.2 SPECIMEN SP2

4.2.1 Load versus Drift Response

The hysteretic applied load versus drift responses of SP2 in the EW and NS directions are shown
in Figure 4.16 and their values at the peak of each cyclic loading group are given in Table 4.4.
Theoretical beam shear force V), corresponding to the beam yield strength (ignoring the slab
contribution) is shown as horizontal dashed lines in Figure 4.16. The first yielding of top
reinforcement in both the EW and NS beam occurred during the fourth group of loading

(Apy =—1.75%; A, =—1.76%); when the applied loads were -36.0 kips (-160.1 kN) and -38.3

kips (-170.4 kN), respectively. The bottom reinforcement in both the EW and NS beams yielded
during the fifth loading group (A, =2.04%;A,, =2.06%) when the applied loads were 29.6

kips (131.7 kN) and 29.0 kips (129.0 kN), respectively. Note that the top and bottom
reinforcement in the beam yielded before reaching the peak of fourth and fifth loading group
based on the strain measurement of these bars. A comparison with the drift when the beam
reinforcement yielded in SP1 found that the beam reinforcement yielding took place at a similar
drift level, i.e., 1.7%. This coincidence can be explained by the fact that the yield curvature is
minimally dependent on the flexural strength if the same dimensions of the cross-section and
properties of materials are provided.

The EW beam load reached its peak at the fifth loading group, which was right after the
loading group when the beam reinforcement yielded. The EW beam downward loading reached

its peak at the fifth loading group (A,, =-2.66% ), while the peak load for the EW beam

upward loading was achieved at the sixth loading group (A, =3.22%). The peak loads of EW

beam were -36.8 kips (-163.7 kN) for the downward loading and 31.0 kips (137.9 kN) for the
upward loading. The peak loading in the NS beam was followed by the EW beam peak loading,
which was the same pattern as observed in SP1 due to the loading sequence as mentioned in
Section 4.1.1. After the peak loading in both the EW and NS beams, the applied beam loads
slightly reduced during the subsequent group of loading, e.g., from -36.8 to -36.6 for the EW
downward loading, and thereafter the applied loads sharply reduced. The strength degradation
after peak loading was more severe for the downward loading—the slab in tension—than for the
upward loading—the slab in compression. Pinching behavior caused by the slip of the beam
longitudinal bars was observed after the sixth group of loading, refer to Figure 4.16. Based on
the load-drift responses, the important events in both SP1 and SP2 were observed at similar drift
levels although the applied loads of SP2 at the same drift levels were greater than that of SP1 due
to the higher beam longitudinal reinforcement ratio in SP2.

The column response of SP2 is shown in Figure 4.17. During testing, the column axial
loads determined from Equation (3.2a) were applied. In SP2, the column axial load varied from
22 kips (98 kN) in tension to 260 kips (1157 kN) in compression. The column axial load ratio,
P/ ( flA, ), ranged from 2.0% (tension) to 22.7% (compression). The peak vertical displacements

were 0.118 in. (3.00 mm) in elongation and 0.107 in. (2.72 mm) in contraction.
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Table 4.4

Load versus drift response of SP2.

SP2
Group EW direction NS direction
No. Downward (-) Upward (+) Downward (-) Upward (+)

A(%) Votio) | A | Vikip) | A%) Votip) | A |V, (kip)

1 -0.57 -16.5 -0.02 4.2 -0.57 172 -0.01 6.5

2 -0.87 -22.9 0.27 12.4 -0.88 -24.1 0.28 13.9

3 -1.17 -28.4 0.56 15.4 -1.16 -31.0 0.57 17.9

4 -1.75 -36.0" 1.15 24.3 -1.76 -38.3" 1.18 23.1

5 -2.66 -36.8” 2.04 29.6" -2.66 -38.1 2.06 29.0"2

6 -3.86 -36.6 3.22 31.0% -3.88 -33.8 3.24 28.4

7 -5.68 -29.1 4.99 28.5 -5.70 -23.6 5.01 22.9

8 -8.06 -19.5 7.30 24.0 -8.05 -17.3 7.31 18.8

" first yielding of beam reinforcement

*2 peak loading

Note: 1 kip = 4.45 kN
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Figure 417 Column response of SP2.

4.2.2 Observed Damage Progression

The qualitative description of damage progression of SP2 is summarized in Table 4.5. The
photographs of the specimen taken during testing and at the end of the test are presented in
Figure 4.18 through 4.22.
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4.2.2.1 East-West Direction

JOINT REGION

Diagonal cracks formed in the joint panel during testing, but their pattern was slightly different
from that observed in SP1. Multiple cracks formed in the joint panel and “X” shape diagonal
cracks became dominant with an increase of the applied beam loads. A first downward diagonal
crack (V) occurred at the second loading group (A, =—-0.87%), while a first upward diagonal

crack (/) appeared at the fourth loading group (A, =1.15%), see Figure 4.18(a). For the EW

beam downward loading, additional diagonal cracks appeared at the fourth group
(AL =—1.75%) when the EW beam top reinforcement yielded, and the two diagonal cracks in

the joint panel exclusively widened at the sixth loading group. For the EW beam upward loading,
the first upward diagonal crack in the joint panel significantly widened accompanied by
additional small cracks, as shown in Figure 4.18(b) and (c). Comparing this response to the crack
propagation with SP1 at the same drift level, more cracks were observed in SP2 but they showed
similar propagation and crack width. After the peak load, the cover concrete in the joint panel
began to bulge and finally spalled off. The beam and column reinforcing bars were exposed at
the seventh group of loading. At the last loading group, the core concrete in the joint region was
crushed, but the exposed column reinforcing bars did not buckle, see Figure 4.18(d).

Two horizontal cracks were observed at the top of the EW joint panel during the NS
beam upward loading, while no horizontal cracks formed during the downward loading. At the
third group of the NS beam upward loading, the first horizontal crack developed from the top
corner of the joint on the side without a beam, and the second horizontal crack appeared above
the existing horizontal crack at the second cycle in the same loading group. In the subsequent
fourth group of the NS beam upward loading, the upper horizontal crack widened, but the lower
horizontal crack closed [Figure 4.19(a)]. Note that the location of the upper horizontal crack was
close to slab top surface and the lower horizontal crack was close to the top reinforcement in the
EW beam.

BEAM AND SLAB

During the first group of the EW beam downward loading (A ., =-0.57%), two flexural cracks

were observed at the top of the EW beam. These flexural cracks extended to the slab parallel to
the NS beam. During the same group of downward loading, a splitting crack developed at the top
of the beam-joint interface. Flexural cracks also developed at the bottom of the EW beam during
the upward loading, but the width of these cracks was relatively small. With increasing the
applied drift level, the splitting crack at the NS beam-slab interface extended towards the end of
the NS beam, and the existing flexural cracks and splitting crack at the beam-joint interface
widened until the peak loading. Thereafter, the width of flexural cracks reduced because the
damage was localized in the joint region. Consequently, the plastic hinge mechanisms did not
form in the beams similar to the observation of SP1.

During the NS beam loading, especially downward loading, inclined cracks occurred in
the EW beam due to torsion. These inclined cracks remained minor until the peak loading and
moreover these cracks generally closed during the EW beam loading. The residual cracks in the
EW beam and slab after testing are illustrated in Figure 4.20.
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4.2.2.2 North-South Direction

JOINT REGION

A first downward diagonal crack () occurred at the third loading group (A, =-1.16% ), while

a first upward diagonal crack (\) shortly developed during the fourth loading group
(A s = 1.18%) at the top corner of the joint panel on the side without a beam, see Figure 4.21(a).

On the continued NS beam loading, multiple inclined cracks newly formed in the joint panel and
the existing cracks further propagated, refer to Figure 4.21(b). A significant propagation of two
existing diagonal cracks in the joint panel was observed at the sixth group of the NS beam
loading, which was the subsequent loading to the peak of the EW beam, see Figure 4.21(c). At
the last loading group, cover concrete in the joint panel spalled off and joint core concrete was
crushed, refer to Figure 4.21(d).

As observed in the EW joint panel, a horizontal crack appeared in the top of the NS joint
panel during the fourth group of the EW beam upward loading, as shown in Figure 4.19(b); the
cover concrete in the joint panel spalled along this horizontal crack after peak loading. This
horizontal crack was located at the same level as the top reinforcement of the NS beam.

BEAM AND SLAB

Several hairline flexural cracks and splitting crack at the beam-joint interface developed at the
top of the NS beam for the second group of the NS beam loading. Simultaneously, a splitting
crack along the EW beam-slab interface began to propagate. Generally, the propagation of
flexural cracks was not easily observable, but the width of these cracks was expected to reduce
after peak loading. Plastic hinge mechanisms did not form in the NS beam. The marked residual
cracks in the beam and slab are shown in Figure 4.20(b). During the EW beam loading, inclined
cracks occurred in the NS beam. In particular, the inclined crack at the bottom of the beam
widened and the cover concrete in this beam detached, as indicated by the arrow in Figure
4.21(d).

4.2.2.3 Summary

In regards to joint cracking, a first joint crack appeared around the drift level of 1.2%, except for
the downward diagonal crack in the EW joint where the first crack took place at the loading to
0.87% drift. As the applied drift increased up to the fifth loading group, multiple inclined cracks
newly appeared, and finally the existing diagonal cracks propagated further. At the sixth group of
loading (A, =—3.87%;A,,.., =3.23%), one or two of the existing diagonal cracks propagated

exclusively. Beyond the sixth group of loading, the joint region was severely damaged showing
the spalling of cover concrete and crushing of core concrete in the joint region.

down down

For damage of the beam and slab, first flexural and splitting cracks developed during the
first and second groups of loading, and these cracks widened up to the sixth group of loading.
The propagation of these cracks in the beams and slab was not significant compared with the
cracks in the joint panel. After peak loading, the width of flexural cracks in the beams and slab
decreased, but splitting cracks at the beam-joint and beam-slab interfaces continuously widened.
In SP2, no plastic hinge mechanism formed in both beams.

Horizontal cracks appeared at the top of joint panel in the NS direction for the EW beam
upward loading, while inclined cracks developed in the beam in the NS direction for the EW
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beam downward loading. The same crack pattern was observed in the EW side of joint panel and
beam during the NS beam loading. During the subsequent same directional beam loading, these
cracks were not observed, thus the joint responses were not influenced by the previous
orthogonal beam loading. In other words, the EW joint responses were little affected by the
horizontal and inclined cracks developed during the previous NS beam loading. Figure 4.22
illustrates that the failure of the specimen was attributed to the severe damage in the joint region.

Table 4.5 Qualitative damage description of SP2.
Drift (%) EW direction NS direction
Ay=-03 - -
Ay =-0.02 - Multiple flexural cracks in beam and slab . .
Splitti S - First flexural crack in beam
A - Splitting crack at beam-joint interface
down = -0.57
Ay =028 | | o N
- First downward diagonal crack in joint - Additional flexural cracks
Adown = 0.88
A, =057
- - First downward diagonal crack in joint
Adown =-1.17
A =117 - Second downward diagonal crack in joint . . Lo
Ei . S - First upward diagonal cracks in joint
A - First upward diagonal crack in joint - First yielding of beam top bars
down = -1.76 - First yielding of beam top bars
Aup =205 - Second upward diagonal crack in joint - Additional downward and upward diagonal
A - Widening of existing joint cracks cracks in joint
down = -2.66 - First yielding of beam bottom bars - First yielding of beam bottom bars
Aup =3.23 - Large opgning of joint diagona[ c_racks . S
- Propagation of flexural and splitting crack - Large opening of joint diagonal cracks
Adown =387 at beam-joint interface
Aulo =5.00 - Spalling of joint cover concrete - Spalling of joint cover concrete
A 5.69 - Reduction of width of beam flexural cracks - Reduction of width of beam flexural cracks
down = -O.
A, =7.31 o o
- Crushing of joint core concrete - Crushing of joint core concrete
Adown =-8.0
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(d) joint damage at end of test

Figure 4.18 Damage progression of joint in EW direction, SP2.
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Ans=1.18% Apns = 2.06%
(a) horizontal crack in EW joint by NS beam loading

e L—a

Aew=1.15% Aew=2.04%
(b) horizontal cracks in NS joint by EW beam loading

Figure 4.19 Propagation of horizontal crack in joint panel, SP2.

(a) cracks in EW beam (b) cracks in NS beam

flf‘ ,l:m .} "‘ \ L
(c) cracks on slab

Figure 4.20 Existing cracks after testing, SP2.
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crack apening®

2 “‘\“ ‘

(d) joint damage at end of test

Figure 4.21 Damage progression of joint in NS direction, SP2.
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(b) inside corner joint

(c) NS beam (d) EW beam

Figure 4.22 Failure of SP2 after removing concrete fragments.

4.2.3 Joint Shear Stress versus Rotation Response

The hysteretic responses of joint shear stress versus strain are presented in Table 4.6 and Figure
4.23. The assumed constant moment arm was taken to be 0.9 times the beam effective depths
because beam reinforcing bars yielded, as shown in the subsequent section. Based on the
subsequent discussion of slab reinforcement in Section 5.5, slab top four reinforcing bars were
considered for estimating the effective depth in both EW and NS beams for negative bending.
The maximum joint shear stresses in the EW direction were 747 psi (5.15 MPa) for the
downward loading and 597 psi (4.12 MPa) for the upward loading; the corresponding values of

y=v, W were 12.6 psi™ (1.05 MPa’’) and 10.0 psi®® (0.83 MPa’”), respectively. In the NS
direction, the maximum joint shear stresses were 735 psi (5.07 MPa) for the downward loading
and 578 psi (3.99 MPa) for the upward loading; the corresponding values of y =v, / \/_' were
12.4 psi®® (1.03 MPa’’) and 9.7 psi®’ (0.81 MPa’’), respectively. Note that the NS beam peak
loads were greater than those in the EW beam. The joint shear stresses were, however, similar
for both directions because of the aforementioned different cover concrete thicknesses in the EW
and NS beam cross sections. The test results showed that the maximum joint shear stresses were

greater than the shear strength by the ASCE 41 in both directions, as shown in Figure 4.23, and
also these values were greater than the maximum joint shear stresses of SP1.
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Joint shear strains at the first cycle of peak loading were 0.0027 rads for the downward
loading and 0.0117 rads for the upward loading in the EW direction. In the NS direction, the
measured joint shear strains were 0.0012 rad. for the downward loading and 0.0059 rad. for the
upward loading, as shown in Figure 4.23. The joint shear strains were similar for both SP1 and
SP2 at the peak loads, but when compared at the same drift levels, the joint shear strains were
larger in SP2 than those of SP1. Figure 4.24 presents the hysteretic response of the rotation at the
beam-joint interface. The rotations measured in the EW and NS directions were very close each
other at the same loading groups, i.e., the similar drift levels. The results of total joint rotations
are presented in Figure 4.25. Total joint rotations at the peak load were 0.013 rads for the
downward loading and 0.021 rads for the upward loading in the EW direction; 0.008 rads for the
downward loading and 0.011 rads for the upward loading in the NS direction. Compared with
the joint deformation response in SP1 at the same loading groups, SP2 showed larger joint shear
strains but smaller rotations at the beam-joint interface; consequently, total rotations became
similar for both specimens SP1 and SP2.

According to Table 4.6, the contribution of joint rotation to total drift was about 40%
near the first yielding of beam reinforcement. Subsequently, this contribution increased to about
70%, which confirmed that the failure of specimen SP2 was caused by the joint shear failure.
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Table 4.6 Joint response of SP2.

Dir. EW

Group Downward Upward

" (:jshi) s (raAd) (r}:;) (rij) 0,/A | o s (rﬁd) (22) (rZ’d) 0,/A
1 335 | 56 |0.0057 - - - 80 1.3 | 0.00 - - -
2 465 | 7.8 | 0.0087 | 0.0005 | 0.0027 | 0.31 | 239 | 4.0 |0.0027| 0.00 |0.0004| 0.15
3 577 | 9.7 |0.0117 | 0.0008 | 0.0038 | 0.32 | 296 | 5.0 |0.0056| 0.00 |0.0009| 0.16
4 | 731" | 123 |0.0175 | 0.0015 | 0.0074 | 0.42 | 468 | 7.9 |0.0115|0.0015|0.0032 | 0.28
5 7477 | 12.6 | 0.0266 | 0.0027 | 0.013 | 049 | 570" | 9.6 |0.0204 | 0.0047 | 0.0089 | 0.44
6 743 | 12,5 | 0.0386 | 0.0073 | 0.022 | 0.57 | 5972 | 10.0 |0.0322| 0.012 | 0.021 | 0.65
7 591 9.9 |0.0568 | 0.033 | 0.049 | 0.86 | 549 | 9.2 |0.0499| 0.019 | 0.036 | 0.72
8 396 | 6.7 | 0.0806 - - - 462 | 7.8 |0.0730| - - -
Dir. NS

Group Downward Upward

No- (:;'f;) (pZiO'S) (raAd) (2‘;’, (rf{,) 0,/A | omiy (ps]/io's) (raAd) (2(‘;) (g’d) 0,/A
1 330 | 56 |0.0057 - - - 130 | 2.2 | 0.00 - - -
2 462 | 7.8 | 0.0088 | 0.0001 | 0.0020 | 0.23 | 277 | 4.7 [0.0028|0.0001 | 0.0012| 0.43
3 595 | 10.0 | 0.0116 | 0.0006 | 0.0031 | 0.27 | 360 | 6.0 |0.0057 |0.0004 |0.0022 | 0.39
4 |735"%| 124 |0.0176 | 0.0012 | 0.0076 | 0.43 | 461 7.8 |0.0118|0.0019 | 0.0048 | 0.41
5 731 | 12.3 | 0.0266 | 0.0033 | 0.013 | 049 [578"%| 9.7 |0.0206|0.0059 | 0.011 | 0.53
6 648 | 10.9 | 0.0388 | 0.016 | 0.030 | 0.77 | 566 | 9.5 |0.0324| 0.012 | 0.021 | 0.65
7 453 7.6 | 0.0570 - - - 457 | 7.7 |0.0501| 0.028 | 0.035 | 0.70
8 332 5.6 | 0.0805 - - - 375 | 6.3 |0.0731 - - -

*!first yielding of beam reinforcement
*2 peak loading

Note: 1 psi = 0.0069 MPa; 1.0/ £ psi®® =0.083,/ /' MPa"®
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Figure 4.2  Joint shear stress versus strain response of SP2.
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4.2.4 Strain Measurement
4.2.4.1 Beam Reinforcement

The strain measurements of the EW and NS beam longitudinal bars are shown in Figures 4.26
and 4.27. The labeled drift levels correspond to the loading from the third group through the
sixth group. Note that the data of the damaged strain gages are presented as blank bars marked as
not applicable (N/A) in the plots. For better understanding of the strain distribution, a straight
line passing the damaged gage was drawn between the values for the functioning gages. For
example, a straight line connected gage numbers 1 and 3 passing through the damaged gage
number 2 in Figure 4.26(b).

The first yielding of the beam top longitudinal bars occurred at the beam-joint interface
between the drift level of A=-1.17% and A =-1.76%, i.e., the third and fourth loading group,
and the bottom longitudinal bars yielded between the drift level of A=1.17% and A =2.05%,
1.e., the fourth and fifth loading group. Note that the first yielding of SP1 beam top bars occurred
at the same drift levels as the SP2 beam bars yielded. The strains of all the gages increased as the
applied drift level increased. Based on the strain variation at the gage number 2, which was
placed on the mid-width of the joint, the yielding of beam reinforcing bars propagated toward the
inside of the joint (Figure 4.26), as observed in SP1. The yield propagation of the SP2 beam
longitudinal bars, however, was not as severe as observed in SP1 because the flexural strengths
of SP2 beams were greater than those of SP1 beams.

4.2.4.2 Slab Reinforcement

The strain gage measurements of the EW and NS slab reinforcing bars are presented in Figure
4.28. The slab bar strains were measured at the beam-slab interface. The first yielding of the EW
and NS slab top reinforcement occurred at the same loading group when the beam top
reinforcement yielded, between the drift level of A=-1.17% and A=-1.76% . At the peak
loading, top two reinforcing bars yielded in the EW and NS slab. Additional top slab bar of gage
number 3 in the EW slab yielded during the sixth loading group (A, =-3.86% ), while the top

bars of gage number 3 and 4 in the NS slab remained elastic during the loading after the peak. In
contrast, the first slab bottom reinforcing bar yielded in the EW direction only; the slippage of
this bar was observed as shown in Figure 4.28. This was a consistent observation for both SP1
and SP2 because slab bottom bars were placed relatively close to the neutral axis of the L-shape
section with insufficient anchorage.

4.2.4.3 Column Reinforcement

The strain gage measurements of the column longitudinal bars are presented in Figures 4.29 and
4.30. The strains of all the column longitudinal bars were less than the yield strain (0.0025) until
peak loading, except for the top gage of the bar number 3 in the EW direction (which yielded at
the sixth group of loading when the column was in tension). Because the column was subjected
to small tension, the column longitudinal bars began to elongate from the fourth group of the EW
and NS beams upward loading, as shown in Figures 4.29 and 4.30,,.

The strain distribution of the column intermediate reinforcing bars was measured over the
height in the joint region. The tensile strain in these bars at the joint mid-height was less than
those at either or both top and bottom of the joint, which led to the conclusion that the column
intermediate reinforcing bars did not act as a tension tie in the joint panel.
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Figure 4.26 Strains of the EW beam reinforcing bars of SP2.
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4.3 SPECIMEN SP3

4.3.1 Load versus Drift Response

The hysteretic applied load versus drift responses of SP3 in the EW and NS directions are shown
in Figure 4.31, and their values at the peak of each cyclic loading group are given in Table 4.7.
Theoretical beam shear force V), corresponding to the beam yield strength (ignoring the slab
contribution) is shown as horizontal dashed lines in Figure 4.31. For the downward loading of
the EW beam, the first yielding of the top reinforcement occurred during the fourth group of
loading (A, =-1.23%). In the subsequent fifth group of loading (A, =-1.89%), the peak

load was achieved to be -40.4 kips (-179.7 kN). For the upward loading, the bottom
reinforcement in the EW beam yielded at the fifth group of loading (A,, =1.49%);, at this

loading group, the peak load was achieved to be 37.8 kips (168.1 kN).

In the NS beam, the top and bottom reinforcement yielded during the fifth group of
loading for both downward and upward loading (A,g =-1.94%;A,, =1.43%). At the same

loading group, the peak loads of the NS beam were -35.8 kips (-159.3 kN) for the downward
loading and 33.1 kips (147.2 kN) for the upward loading. Table 4.7 shows that the applied loads
in the NS beam were similar to those in the EW beam up to the third group of loading; thereafter,
less loads were applied to the NS beam for the same drift levels compared with the forces
applied to the EW beam. This reduction of applied loads in the NS beam resulted from the
damage of the joint panel during the EW beam loading.

The top and bottom reinforcement in the EW and NS beams yielded at the average drift
level of 1.5%. Note that the estimated yield drift was 0.88% which corresponded to the drift at
the third group of loading. The estimated yield drift was determined by a conventional analysis
for the beam-column subassemblies of the specimens using OpenSees [2010] without
consideration of joint flexibility. This simplification in the computational model explains the
difference between the measured and estimated yield drift levels. In addition, the relatively
earlier yielding of top reinforcement in the EW beam was caused by a larger cover concrete
thickness at the top of beam cross section, leading to the reduction of the effective beam depth.

Based on the hysteretic load-drift responses plotted in Figure 4.31, the applied loads
increased up to the peak and thereafter reduced sharply without showing plateau, which was
distinct from the previous two specimens, SP1 and SP2. The reduction of the applied beam loads
after the peak was more significant than that observed in SP1 and SP2. Another remarkable
observation was that the pinching behavior was not observed up to the peak; thereafter, this
behavior appeared due to the propagation of existing cracks in the joint panel instead of splitting
cracks at the beam-joint interface, see Figure 4.31. Finally, the applied beam loads reached their
peak at the fifth group of loading in both directions when the beam reinforcement barely yielded.

The column response of SP3 is shown in Figure 4.32. During testing, the column axial
loads determined from Equation (3.2b) were applied. In SP3, the column compressive axial load
varied from 5 kips (22 kN) to 161 kips (716 kN). The peak compressive column axial load
corresponded to 0.14 f'4, . Note that the column axial load equations, i.e., Equations (3.2a) and

(3.2b), intended that similar column axial loads were applied for SP1 and SP3 to investigate the
effect of joint aspect ratio only. In practice, the peak compressive column axial load ratio in SP3
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was greater than that in SP1, i.e., 0.14 1’4, for SP3 and 0.11f4, for SP1. This difference of

column axial load between SP1 and SP3 was expected to be negligible in comparison of the
results between them because the peak compressive column axial load ratios of both SP1 and
SP3 ranged within 0.2 1,4, . Note that joint shear strengths were not affected by column axial

load ratio within the range of less than 0.2 /4, [Park and Mosalam 2009]. Finally, the peak

vertical displacements were 0.073 in. (3.00 mm) in elongation and 0.102 in. (2.72 mm) in
contraction, Figure 4.32(b).

Table 4.7 Load versus drift response of SP3.
SP3
Group EW direction NS direction
No. Downward (-) Upward (+) Downward (-) Upward (+)

A (%) Vy, (kip) A (%) Vy, (kip) A (%) Vy, (kip) A (%) Vy, (kip)
1 -0.40 -18.4 -0.02 6.8 -0.40 -17.5 -0.02 7.8
2 -0.58 -24.7 0.19 14.8 -0.62 -24.4 0.20 15.5
3 -0.82 -29.8 0.41 20.4 -0.84 -29.2 0.41 20.6
4 -1.23 -38.2" 0.85 30.1 -1.27 -34.6 0.85 29.1
5 -1.89 -40.42 1.49 37.8"2 -1.94 358172 1.43 33.47"2
6 -2.82 -36.1 2.45 36.5 -2.91 274 2.44 314
7 -4.39 -25.7 3.90 31.7 -4.44 -18.0 3.90 24.5
8 -6.58 -15.1 6.08 18.2 -6.59 95 6.06 14.7

“first yielding of beam reinforcement
%peak loading
Note: 1 kip = 4.45 kN
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Figure 4.31 Load versus drift response of SP3.
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Figure 4.32 Column response of SP3.

4.3.2 Observed Damage Progression

The qualitative damage progression of SP3 is summarized in Table 4.8, and the photographs of
the specimen taken during testing and at the end of the test are presented in Figures 4.33 through
4.35.
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4.3.2.1 East-West Direction

JOINT REGION

Multiple diagonal joint cracks with steep angle were observed during the test. Due to
inappropriate camera installation, the onset of the first joint crack in the EW direction was not
captured. The first photographs of EW joint were taken at the fourth group of loading

(Apy =-1.23%; A, =0.85%), showing two downward (\) diagonal cracks and an upward

() diagonal crack in the joint, see Figure 4.33(a). Based on the extent of the downward diagonal
cracks propagation, it is obvious that the first downward diagonal crack developed prior to the
fourth group. The opening of existing diagonal cracks was significant at the peak loading,
Agy =-1.89% and A, =1.49%, see Figure 4.33(b). Beyond the peak loading, joint cover

concrete spalled and reinforcing bars of beam and column were exposed. Crushing of joint core
concrete was observed through the exposed reinforcing bars at the end of test [Figure 4.33(¢c)].

As observed in the EW joint panel, a horizontal crack appeared in the top of the NS joint
panel during the fourth group of the EW beam upward loading, see Figure 4.19(b), and cover
concrete in the joint panel spalled along this horizontal crack after the peak load. This horizontal
crack was located at the same level as the top reinforcement of the NS beam.

During the NS beam upward loading, a horizontal crack was observed at the top of the
EW joint panel as observed in specimens SP1 and SP2. In addition, a horizontal crack took place
at the bottom of the joint panel during the NS beam downward loading. The location of the
horizontal cracks at the top and bottom of the joint panel was close to the layer of beam top and
bottom reinforcement, respectively. These horizontal cracks stopped at the middle of joint panel
unlike those observed in SP1 and SP2. The crack pattern is shown in Figure 4.34(a).

BEAM AND SLAB

The first flexural crack initiated in the beam and slab during the first group of the EW beam
loading down to A, =-0.40% . In the subsequent loading, additional flexural cracks developed

in the beam and slab, accompanied by splitting cracks at the beam-joint and beam-slab
interfaces. When the EW beam loading continued up to the fourth group, the existing cracks
gradually grew wider. At the fifth group of loading, which was the peak of EW beam loading,
the propagation of the splitting cracks at both beam-joint top interface and NS beam-slab
interface was comparatively significant. The opening of the splitting cracks was confirmed by
the instruments for rotation at the beam-joint interface. Beyond the peak load, flexural cracks
retracted, while beam-joint interface was severely damaged by the splitting cracks. No plastic
hinge occurred in the beam.

For the NS beam loading, multiple inclined cracks and splitting cracks occurred in the
EW beam and beam-joint interface due to torsion [Figure 4.34(a)]. These cracks remained minor
compared with those observed in SP1 and SP2, and they began to propagate after the peak of the
NS beam loading. Figure 4.35 shows the existing cracks in the beam and slab after test.
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4.3.2.2 North-South Direction

JOINT REGION

The observed crack pattern in the NS joint was similar to that shown in the EW joint. A first
downward (<) joint crack was observed during the second group of downward loading

(ANS = —0.62%), while a first upward inclined crack (\) appeared during the third group of

upward loading (A,g =0.41% ). Additional downward inclined cracks formed at the fourth
group of loading. At the peak of NS beam loading, i.e., the fifth group of loading
(Ays =—1.94% A, =1.43%), there was a big opening of two downward diagonal cracks. In

the subsequent upward loading, however, the opening of the existing upward diagonal crack was
noticeable although additional minor upward inclined cracks newly formed in the joint. After the
peak load, joint cover concrete spalled and a wedge of corner concrete in the joint separated from
the joint. Beam and column bars were exposed and crushing of the joint core concrete was
observed. Figure 4.36 shows the progression of joint damages.

Under the EW beam loading, horizontal cracks developed at the top and bottom of the NS
joint panel. The top horizontal crack continuously extended, while the bottom horizontal crack
remained minor without further propagation. The top horizontal crack was close to the top
reinforcement of the NS beam, Figure 4.34(b).

BEAM AND SLAB

A splitting crack was observed at the beam-joint interface during the pre-loading. Flexural cracks
appeared in the beam and slab from the first loading group (A ,s =0.40% ), and more flexural

cracks took place in the subsequent loading group. At the third group of downward loading
(ANS =—0.84%) , a splitting crack at the beam-slab interface developed. Flexural cracks and

splitting cracks in the beam and slab slowly widened up to the peak load; thereafter, their
propagation was not observed because total drift was mostly attributed to the joint damage. By
the EW beam downward loading, inclined cracks were induced in the NS beam. These cracks
remained minor and began to propagate after peak loading. Figure 4.35 shows the cracks that
developed in the beam and slab during testing.

4.3.2.3 Summary

Based on the observation of NS joint only, the first joint cracks occurred at an average drift level
of 0.5%. Until the fourth group of loading, the first developed diagonal crack for both downward
and upward loadings propagated significantly. At the peak loading, i.e., the fifth group of loading
(A=-1.92% ;A =1.46% ), the second downward diagonal crack that developed propagated so
that it had a similar width to the first diagonal crack, while the first upward diagonal crack
propagated dominantly. Beyond the peak loading, the joint cover concrete spalled and core
concrete crushed.

The damage of the beam and slab can be described as follows: the first flexural and
splitting cracks developed during the first group of loading. Up to the fifth group of loading,
additional flexural cracks occurred in the beam and slab and existing splitting cracks grew wider.
Compared to SP1 and SP2, the flexural and splitting cracks of SP3 showed minor propagation up
to peak loading since the peak loads were achieved right after beam reinforcement yielding.
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After the peak loading, the flexural cracks retracted, while splitting cracks widened slightly
further.

During the longitudinal beam loading, horizontal cracks and inclined cracks were
observed in the transverse joint panel and beam, respectively. These two types of cracks
remained minor until the EW and NS beam reached their peak loads. Therefore, the damage of
the joint and beams induced by the orthogonal beam loading was not critical to be considered in
the longitudinal responses. Figure 4.37 shows that the specimen was subjected to the severe
damage in the joint region.

Table 4.8 Qualitative damage description of SP3.
Drift (%) EW direction NS direction
A,=-02 - - Splitting crack at beam-joint interface
A,,=-002
- First flexural crack in beam and slab - First flexural crack in beam and slab
A joun = -0.40
Aup =0.20 - Additional flexural cracks in beam and - First downward diagonal crack in joint
slab - Additional flexural cracks in beam and
A joyn = -0-60 - Splitting crack at beam-slab interface slab
Aup =041 ) - First upward diagonal crack in joint
Ay, =-0.83 - Splitting crack at beam-slab interface
- Two downward diagonal cracks in joint o . .
Aup =0.85 - Upward inclined crack in joint j—o,iblﬁdltlonal downward diagonal cracks in
A =195 - Splitting crack at beam-joint interface e . L
down _ First yielding of beam top bars First upward diagonal cracks in joint
- Additional upward inclined cracks in
_ i . joint
Aup =146 Large opening of downward and - Large opening of an upward diagonal
A upward diagonal cracks crack
=-1.92 - Fi ieldi
down First yielding of beam bottom bars - First yielding of beam top bars
- First yielding of beam bottom bars
A, =245
- Spalling of joint cover concrete - Spalling of joint cover concrete
A joun = -2.87
Aup =3.90 - Crushing of joint core concrete - Crushing of joint core concrete
Ay, = 442 - Reduction of beam flexural cracks width | - Reduction of beam flexural cracks width
Aup =6.07 - Straightening of beam bars anchorage |
A, =-659 |l
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(c) joint damage at end of test

Figure 4.33 Damage progression of joint in EW direction, SP3.
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Ans=-1.27% Ans = 1.43%
(a) crack pattern in EW joint and beam by NS beam loading

torsional cracki|

Aew = -1.89% Aew=1.49%
(b) horizontal cracks in NS joint and beam by EW beam loading

Figure 4.34 Crack pattern for the orthogonal beam loading, SP3.

(a) cracks in EW beam (b) cracks in NS beam

B

(c) cracks oh slab

Figure 4.35 Existing cracks after testing, SP3.
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(d) joint damage at end of test

Figure 4.36 Damage progression of joint in NS direction, SP3.
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(c) NS beam (d) EW beam

Figure 4.37 Failure of SP3 after removing concrete fragments.

4.3.3 Joint Shear Stress versus Rotation Response

The hysteretic responses of joint shear stress versus strain up to the sixth group of loading are
presented in Table 4.9 and Figure 4.38. For the calculation of joint shear stress, 0.9 times the
beam effective depths were assumed as constant moment arms. To estimate the effective depth
for the downward loading, slab top four reinforcing bars were considered. The maximum joint
shear stresses in the EW direction were 429 psi (2.96 MPa) for the downward loading and 379

psi (2.62 MPa) for the upward loading; the corresponding values of y =v, / \/Z’ were 7.2 psi’”
(0.60 MPa™) and 6.3 psi®’ (0.52 MPa’?), respectively. In the NS direction, the maximum joint
shear stresses were 375 psi (2.59 MPa) for the downward loading and 351 psi (2.42 MPa) for the
upward loading; the corresponding values of y =v, / \/7 were 6.3 psi’® (0.52 MPa™) and 5.9
psi®? (0.49 MPa’?), respectively. In SP3, the average value of the maximum joint shear stresses
was close to the shear strength by the ASCE 41 as indicated by dashed lines in Figure 4.38. Note
that the maximum joint shear stresses of SP3 were less than those of SP1. Recalling that both

SP1 and SP3 had the same longitudinal reinforcement at the top and bottom of the beams, the
strength reduction in SP3 can be explained by the effect of joint aspect ratio.
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The joint shear strains at the peak load were 0.0060 rad. for the downward loading and
0.0073 rads for the upward loading in the EW beam. In the NS direction, they were 0.0091 rads
for the downward and 0.0087 rads for the upward loading. The joint shear strain responses were
more symmetric in both directions compared with the responses of SP1 and SP2. Joint shear
strains gradually increased up to the peak and rapidly increased after the peak loading because
joint cracks were widely opening. The rotations at the beam-joint interface are plotted in Figure
4.39. The rotations at the beam-joint interface in SP3 were less than those measured in SP1 and
SP2. Combining the joint shear strain and rotation at the beam-joint interface, total joint rotations
at the peak loading were 0.011 rad. for both downward and upward loadings in the EW direction;
0.013 rad. for the downward loading and 0.012 rad. for the upward loading in the NS direction,
refer to Figure 4.40.

According to Table 4.9, the contribution of joint rotation to total drift was between 60%
and 75% at the peak loading. Note that the joint rotation had more contribution to the total drift
in SP3 compared with SP1 and SP2 results, because beam flexural deformation had smaller
contribution in SP3.
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Table 4.9

Joint response of SP3.

Dir. EW

Group Downward Upward

Ne- (:;f}) (pi/io‘s) (raAd) (:;é) (:;’é) 0,/ | (o (psyi"f’) (raAd) (f;ta) (rzg) 0,/A
1 195 3.2 [0.0040 - - - 68 1.1 0.00 - - -

2 262 44 ]0.0058|0.0011|0.0024| 0.41 148 2.5 |0.0019| 0.00 [0.0010| 0.53
3 317 5.3 [0.0082|0.0018 [ 0.0035| 0.43 | 205 3.4 10.0041|0.0004|0.0020| 0.49
4 406" | 6.8 |0.0123|0.0035|0.0061| 0.50 | 302 5.0 |0.0085|0.0023|0.0052| 0.61
5 |429”| 7.2 [0.0189(0.0060| 0.011 | 0.58 |379"%| 6.3 |0.0149(0.0073| 0.011 | 0.74
6 383 | 6.4 |0.0282| 0.010 | 0.016 | 0.57 | 366 | 6.1 [0.0245| 0.021 | 0.027 [ >1.0
7 273 45 |0.0439| 0.029 | 0.039 | 0.89 | 318 5.3 |0.0390| 0.032 | 0.042 | >1.0
8 160 2.7 [0.0658 - - - 183 3.0 |0.0608 - - -
Dir. NS

Group Downward Upward

i (:;hi) (5% (raAd> (23) (r(:é) 0,/A | o s (raAd) (ry;;) (z;) 0,/A
1 183 3.1 [0.0040 - - - 83 14 0.00 - - -

2 256 | 4.3 |0.0062|0.0005|0.0019| 0.31 | 164 | 2.7 |0.0020|0.0002|0.0005| 0.25
3 306 | 5.1 |0.0084|0.0014 [ 0.0031| 0.37 | 219 | 3.6 |0.0041{0.0008/0.0015| 0.37
4 363 | 6.0 |0.0127|0.0038 | 0.0064| 0.50 | 309 | 5.1 |0.0085|0.0032|0.0047| 0.55
5 [375"| 6.3 [0.0194(0.0090| 0.013 | 0.67 [3517"%| 5.9 |0.0143|0.0091| 0.012 | 0.84
6 287 | 4.8 |0.0291| 0.019 | 0.025 | 0.86 | 333 | 5.6 |0.0244| 0.022 | 0.024 | 0.98
7 189 | 3.1 |0.0444| 0.025 | 0.036 | 0.81 | 260 | 4.3 [0.0390| 0.045 | 0.046 | >1.0
8 99 1.7 |0.0659 - - - 156 | 2.6 |0.0606| - - -

*first yielding of beam reinforcement

*’peak loading

Note: 1 psi = 0.0069 MPa; 1.0,/ £ psi”® = 0.083,/7 MPa”®
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4.3.4 Strain Measurement
4.3.4.1 Beam Reinforcement

The strain gage measurements of the EW and NS beam longitudinal bars are shown in Figures
4.41 and 4.42. The labeled drift levels correspond to the loading from the third group through the
sixth group. It is noted that the drift levels applied in SP3 were different from those applied in
SP1 and SP2. For example, the drift at the third loading group in SP3 was close to 0.88% but it
was close to 1.18% in SP1 and SP2.

The first yielding of the EW beam top longitudinal bars was observed between the drift
level of A=-0.82% and A=-1.23%, i.e., the third and fourth loading group, and the EW beam
bottom longitudinal bars yielded between the drift level of A =0.85% and A =1.49%, i.e., the
fourth and fifth loading group. The strains of the EW beam longitudinal bars increased even after
the peak loads, possibly a result of the change of neutral axis in the beam cross section.

The NS beam top internal bar only yielded between the drift level of A=-1.27% and
A =-1.94%, and the NS beam bottom bars yielded between the drift level of A =0.85% and
A =1.43%, i.e., the fourth and fifth loading group. The strains of the NS beam longitudinal bars
did not increase after yielding because it occurred at the peak of both downward and upward
loading.

4.3.4.2 Slab Reinforcement

The strain gage measurements of the slab reinforcing bars in the EW and NS directions are
presented in Figure 4.43, showing that the strain values measured in SP3 are less than those
measured in specimens SP1 and SP2. The first yielding of slab top reinforcement in both
directions occurred when the beam top longitudinal bars yielded, i.e., between the drift level of
A=-0.82% and A=-1.23% in the EW direction and between the drift level of A =-1.27%
and A =-1.94% in the NS direction, see Figure 4.43. Top two and one bottom reinforcing bars
in the EW slab yielded at the peak load which corresponded to drift 1.89%, while only one top
reinforcing bar yielded in the NS slab at the peak load, corresponding to drift 1.94%.

4.3.4.3 Column Reinforcement

The strain gage measurements of the column longitudinal bars are presented in Figures 4.44 and
4.45. For SP3 and SP4, column longitudinal reinforcement was designed with bar size of #10
(D32) to maintain the strong column/weak beam approach. The measured strains of all the
column reinforcing bars were below the yield strain, i.e., 0.0023, up to the end of test, even
though some damage was observed in the column. The strain distribution of the column
intermediate reinforcing bars was measured over the height of the joint region. The tensile strains
at the mid-height were less than the strains at either top or bottom in the EW joint, although
greater than the strains at both of top and bottom in the NS joint. These results are insufficient to
support the idea that the column intermediate reinforcing bar acted as a tension tie in the joint
panel.
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4.4 SPECIMEN SP4

4.41 Load versus Drift Response

The hysteretic applied load versus drift responses of SP4 in the EW and NS directions are shown
in Figure 4.46, and their values at the peak of each cyclic loading group are given in Table 4.10.
Theoretical beam shear force V), corresponding to the beam yield strength (ignoring the slab
contribution) is shown as horizontal dashed lines in Figure 4.46. The hysteretic load-drift
responses showed that both EW and NS beams remained elastic up to the peak loading. The
elastic responses were confirmed by the strains of the EW and NS beam longitudinal bars
presented in Section 4.4.4. Therefore, the failure of SP4 was designated as joint failure without
beam reinforcement yielding (J-type failure); the shear strength of this specimen could serve as a
representative upper limit for the joint aspect ratio (/, /%, ) of 1.67.

The peak loads of EW beam loading were achieved at the fifth loading group,
(Azy =-1.94% and A, =1.52%). The applied loads corresponded to -49.4 kips (-219.8 kN) for

the downward loading and 45.6 kips (202.8 kN) for the upward loading. For the NS beam, the
peak of the downward loading occurred at the fourth group (A Ns = —1.29%). The applied load

was -43.8 kips (-194.8 kN); for the upward loading. The peak occurred at the fifth loading group,
(A s = 1.53%) , and the applied load was 39.2 kips (174.4 kN). Note that the one bottom

reinforcement slightly yielded at the peak of upward loading of both EW and NS beams, and its
strain hysteretic responses remained elastic. The applied beam loads in the EW beam reduced
sharply after the peak loads, while the peak load in the NS beam for the downward loading was
maintained with 0.2 kips (0.9 kN) reduction during the subsequent loading group, i.e., the fifth
loading group.

Based on the hysteretic responses, it was postulated that the specimen began to lose its
load-carrying capacity in both directions during the fifth group. A comparison of hysteretic
responses between SP3 and SP4 showed that the peak loads were achieved at similar drift levels
even though the peak loads were larger in SP4. The applied beam loads reduced significantly
after the peak, and the reduction was more significant than that observed in SP1 and SP2 (see
Section 4.3.1). Similar to SP3, the pinching behavior of SP4 began to appear after the peak
loading due to the propagation of existing cracks in the joint panel, see Figure 4.46.

Figure 4.47 shows the column response of SP4. The column axial loads were controlled
to follow Equation (3.2b). As a result, the column compressive axial load varied from 2 kips (9
kN) to 187 kips (832 kN). These column axial loads corresponded to the column axial load ratio
of 0.2% and 14.6%, respectively. Note that the column axial load equations, i.e., Equations
(3.2a) and (3.2b), intended that similar column axial loads were applied for SP2 and SP4.
However, the maximum column axial load ratio of SP4 was less than that of SP1, i.e., 0.15f4 .

for SP3 and 0.23 /4, for SP2, and no tension was applied to the column in SP4. Why there were

less column axial loads in SP4 was because the failure of SP4 occurred before beam
reinforcement yielding, while SP2 experienced joint failure after beam reinforcement yielding.
Nevertheless, the effect of less column axial loads on the results of SP4 was expected to be
negligible in comparison with the results SP2 because the column axial load ratios did not vary
beyond the value of 0.2f/4,, as discussed in Park and Mosalam [2009]. Finally, the peak
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vertical displacements were 0.084 in. (2.13 mm) in elongation and 0.118 in. (3.00 mm) in
contraction, Figure 4.47(b).

Table 4.10 Load versus drift response of SP4.
SP4
Group EW direction NS direction
No. Downward (-) Upward (+) Downward (-) Upward (+)

A (%) V, (kip) A (%) | 'V, kip) A (%) V, (kip) A (%) V, (kip)
1 -0.41 245 -0.01 9.5 -0.41 -25.2 -0.02 8.9
2 -0.62 -32.2 0.21 20.3 -0.63 -34.3 0.20 19.3
3 -0.85 -38.9 0.42 27.1 -0.84 -39.8 0.43 26.2
4 -1.28 -45.9 0.86 37.6 -1.29 -43.87 0.86 34.3
5 -1.94 -49.42 1.52 456" -1.96 -43.6 1.53 39.272
6 -2.96 -43.0 2.51 43.0 -2.98 -35.5 2.52 371
7 -4.46 -31.6 4.01 37.9 -4.49 -24.3 4.00 28.9
8 -6.58 -20.4 6.23 23.7 -6.79 95 6.20 17.2

first yielding of beam reinforcement

%peak loading

Note: 1 kip = 4.45 kN
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Figure 4.47 Column response of SP4.

4.4.2 Observed Damage Progression

The qualitative damage progression of SP4 is summarized in Table 4.11, and the photographs of
the specimen taken during testing and at the end of the test are presented in Figures 4.48 through
4.52.
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4.4.2.1 East-West Direction

JOINT REGION

Multiple diagonal joint cracks developed, leading to joint failure during the test. A first
downward joint diagonal crack () was observed at the first loading group (A o =—0.41%), and

additional downward cracks appeared in the subsequent loading group. A first upward diagonal
crack (/) initiated during the third loading group (A = 0.42%); thereafter additional upward

cracks developed. Noticeable opening of the first developed downward diagonal crack was
observed at the fourth loading group (A, =—1.28% ), and, subsequently, other downward

cracks widened showing similar propagation of the main diagonal crack at the peak loading (
Ag, =-1.94%).

The first upward diagonal crack exclusively widened up to the peak loading (
A, =1.52%), although additional minor upward cracks formed in the joint panel. Note that the

propagation pattern and width of the diagonal cracks were remarkably similar to those observed
in SP3, see to Figure 4.33(a) and (b) and Figure 4.48(b) and (c). After the peak loading, the joint
experienced severe damage by widening of the diagonal cracks, and the cover concrete spalled in
the joint panel. A wedge of corner concrete in the joint detached, and joint core concrete was
crushed. Figure 4.48 presents the progression of joint damage as the applied drift increased.

During the NS beam upward loading, a horizontal crack formed at the top of EW joint
panel as observed in the other three specimens, see Figure 4.49(a). The top horizontal crack was
closely located at the layer of beam top reinforcement.

BEAM AND SLAB

The first flexural crack initiated in the beam and slab during pre-loading, followed by splitting
crack at the beam-joint interface during the downward loading at the first group. The beam and
slab had more flexural cracks at top and bottom with the increase of drift level, but all these
cracks were not quite visible, see Figure 4.48. There was no noticeable crack opening at the
beam-joint interface up to the peak, which was confirmed by the rotation instrumented at the
beam-joint interface as discussed earlier. In contrast,, a splitting crack along beam-slab interface
continued to widen and dominated other flexural cracks in the slab. After the peak loading, the
width of flexural cracks reduced because of the large opening of joint cracks, but the splitting
crack at the beam-joint interface began to widen. Based on the damage of beams and slab, it was
evident that the specimen lost its load-carrying capacity by joint failure without plastic hinge
forming in the beam.

For the NS beam loading, a pair of inclined cracks occurred on the side of the EW beam,
see Figure 4.49(a). The beam-joint interface was almost intact until peak loading; thereafter,
splitting cracks damaged the beam-joint interface. Note that these observations were similar to
those observed in SP3. Figure 4.50 shows the residual cracks in the beam and slab after test.
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4.4.2.2 North-South Direction

JOINT REGION

The joint panel in the NS direction followed a similar crack pattern to that exhibited in the EW
direction. A first downward crack (¢) in the joint appeared in the second group (A s = —0.63%) ,

while a first upward diagonal crack (\) occurred during the fourth group (A N = 0.86%). The

first joint cracking in the NS direction took place at slightly larger drift level than in the EW
direction. At the peak of the NS beam downward loading, i.e., the fourth loading group
(A, =—1.29%), the first developed downward diagonal crack widened significantly, and a new

downward diagonal crack developed next to it. At the fifth loading group (A, =-1.96%), a

second downward diagonal crack developed, showing a big opening. At the peak of the EW
beam upward loading, i.e., the fifth loading group (A,g =1.53%), the upward diagonal crack

that had developed first widened. After the peak loading, the joint diagonal cracks continued to
widen further, particularly around the location of the 90° hooks of the beam top and bottom bars.
The joint cover concrete split into several pieces along the cracks, and the core concrete was also
heavily damaged such that the loose concrete pieces could be detached by hand. Figure 4.51
presents the progression of joint damage in the NS direction.

During the EW beam loading, horizontal cracks developed at the top and bottom of the
joint panel, but the top horizontal crack opening for the upward loading was more considerable
than the bottom horizontal crack, Figure 4.49(b).

BEAM AND SLAB

A first flexural crack in the beam and slab was observed at the first loading group, and a beam-
slab interface splitting crack initiated at the third loading group. No splitting crack at the beam-
joint interface was observed up to the peak load. Flexural cracks propagated slightly in the
subsequent loading groups, but the propagation was not quite observed in the series of
photographs. After the peak load, there was no further propagation of flexural and splitting
cracks because joint cracks were a dominant contributor to the total responses. Inclined cracks
occurred in the NS beam during the EW beam downward loading; these cracks remained minor
up to the peak loading, Figure 4.49(b).

4.4.2.3 Summary

A first joint crack appeared in the EW and NS joint panel around the drift level of 0.4% and
0.6%, respectively. During the fourth group of loading (A, =-1.29%; A, =0.86% ), the

first downward diagonal crack that developed showed a significant propagation, but the upward
diagonal crack showed little propagation. At the peak loading (A, =—1.95%; A =1.53%),

the second downward crack that developed was as wide as the first downward diagonal crack.
The first upward diagonal crack opening was dominant, although minor multiple inclined cracks
newly formed. Beyond the peak loading, the joint was severely damaged by spalling and
crushing. Consequently, total drift was attributed to the joint rotation. The remarkable
observation in the joint cracking was that the propagation pattern and width of the joint cracks
were very similar at the same drift level in both SP3 and SP4, compare Figure 4.48 and 4.51 with
Figure 4.33 and 4.36.

down u

down uy
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The damage of the beam and slab can be described as follows: the first flexural and
splitting cracks that developed during the pre-loading or the first loading group continued to
increase in width up to the peak loading; however, these cracks were relatively minor. In other
words, the beam was intact at the end of test, except for a little damaged due to torsion, see
Figure 4.52.

The crack pattern of the transverse joint panel and beam during the longitudinal beam
loading was similar to that observed in the first three specimens, consisting of horizontal cracks
in the joint panel and inclined cracks in the side of transverse beam. The propagation of these
cracks was not significant, so that the joint responses in the longitudinal direction were little
affected by previously developed these cracks.

Table 4.11 Qualitative damage description of SP4.

Drift (%) EW direction NS direction
AO =-0.2 - First flexural crack in beam -
Aup =-0,02 - First downward diagonal crack in joint
- Splitting cracks at beam-joint and beam-slab | - First flexural crack in beam and slab
Ay =041 interfaces
A =021 - First downward diagonal crack in joint
uwp ~ . . - Additional flexural cracks in beam and slab
- Additional flexural cracks in beam and slab ltti i
A =.0.63 - Splitting cracks at beam-joint and beam-slab
down interfaces
Aur) =043 - Second downward diagonal crack in joint - First uoward diagonal crack in ioint
A =.0.85 - First upward diagonal crack in joint P 9 J
down T+
A =086 - Large opening of the first downward - Large opening of the first downward
up ~ diagonal crack in joint diagonal crack in joint
A =129 - Additional downward and upward diagonal - Additional downward and upward diagonal
down ’ cracks in joint cracks in joint
A =153 - Large opening of the later developed - Large opening of the later developed
up ~ downward diagonal cracks in joint downward diagonal cracks in joint
A =-1.05 - Large opening of the first upward diagonal - Large opening of the first upward diagonal
down — - crack in joint crack in joint
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(d) joint damage at end of test

Figure 4.48 Damage progression of joint in EW direction, SP4.
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Ans =-1.29% Ans = 0.86%
(a) crack pattern in the EW joint and beam by NS beam loading

I L7 oy

|2 5 - L N el

Ans = -1.94% Ans = 1.52%
(b) crack pattern in the NS joint and beam by EW beam loading

Figure 4.49 Crack pattern for the orthogonal beam loading, SP4.

(a) cracks in EW beam (b) cracks in NS beam

% ’ b G X g 2

(c) cracks on slab

Figure 4.50 Existing cracks after testing, SP4.
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(d) joint damage at end of test

Figure 4.51 Damage progression of joint in NS direction, SP4.
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(a) global view of specimen (b) inside corner joint
““ s ,Mk_ &

[

(d) EW beam

(c) NS beam

Figure 4.52 Failure of SP4 after removing concrete fragments.

4.4.3 Joint Shear Stress versus Rotation Response

The joint shear stress versus strain responses up to the sixth group of loading are shown in Table
4.12 and Figure 4.53. Since the yielding of beam top bars was not clearly evident from the strain
data at the beam-joint interface, 0.875 times the beam effective depth was assumed to be a
constant moment arm. Slab top four reinforcing bars were considered to calculate the effective
depth of L-shape beam cross section. The maximum joint shear stresses in the EW direction were
548 psi (3.78 MPa) for the downward loading and 471 psi (3.25 MPa) for upward loading; the

corresponding values of y =v, / \/7 were 8.7 psi’® (0.72 MPa’’) and 7.5 psi™ (0.62 MPa’”),
respectively. In the NS direction, they were 467 psi (3.22 MPa) for downward loading and 423
psi (2.92 MPa) for upward loading; the corresponding values of y=v, / \/7 were 7.4 psi™®

(0.61 MPa’’) and 6.7 psi® (0.56 MPa’), respectively. These maximum normalized joint shear
stresses were greater than the ASCE 41 recommendation, as indicated by dashed lines in Figure
4.53. To sum up the strength comparison between ASCE 41 and the tested four specimens, the
ASCE41 provisions are expected to underestimate the shear strength of unreinforced exterior
joints in cases with lower joint aspect ratios and higher beam longitudinal reinforcement ratios.
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Table 4.12 Joint response of SP4.

Dir. EW

Group Downward Upward

No. | Yn | T | A L7 | Oy Ial o Tl A T % oA

(psi) | ®@si) | (rad) | (rad) | (rad) | ’ (psi) |(psi™)| (rad) | (rad) | (rad) | ’

1 272 | 43 |0.0041 - - - 98 16 | 0.00 - - -
2 357 | 5.7 |0.0062 | 0.0013 | 0.0027 | 044 | 210 | 3.3 |0.0021| 0.00 |0.0003| 0.14
3 431 6.9 | 0.0085 | 0.0019 | 0.0040 | 047 | 280 | 4.4 |0.0042|0.0007 |0.0013| 0.31
4 509 | 81 |0.0128 | 0.0029 | 0.0059 | 0.46 | 388 | 6.2 |0.0086|0.0034 |0.0055| 0.64
5 5482 | 8.7 |0.0194 | 0.0063 | 0.011 | 0.57 |471"2| 7.5 [0.0152|0.0089 | 0.012 | 0.79
6 477 | 76 |0.0296 | 0.012 | 0.019 | 064 | 444 | 7.1 [0.0251| 0.023 | 0.028 | >1.0
7 350 | 5.6 |0.0446 | 0.024 | 0.035 | 0.78 | 391 6.2 |0.0401| 0.036 | 0.043 | >1.0
8 226 | 3.6 | 0.0658 - - - 245 | 39 |00623| - - -
Dir. NS

Group Downward Upward

No. | Yn | Tl Al Ta | O g a e Tl A e O,

(psi) | @s1)| (rad) | (rad) | (rad) | ’ (psi) [(psi™)| (rad) | (rad) | (rad) | ’

1 269 | 4.3 | 0.0041 - - - 96 15 | 0.00 - - -
2 366 | 5.8 | 0.0063 | 0.0008 | 0.0025 | 0.40 | 208 | 3.3 |0.0020 |0.0005 |0.0006 | 0.30
3 424 | 6.7 |0.0084 | 0.0015 | 0.0043 | 0.51 | 283 | 4.5 [0.0043|0.0013|0.0017 | 0.40
4 | 4672 | 7.4 |0.0129 | 0.0045 | 0.0081 | 0.63 | 370 | 5.9 |0.0086 |0.0038|0.0051 | 0.59
5 465 7.4 |0.0196 | 0.0010 | 0.015 | 0.77 |423"2| 6.7 |0.0153(0.0098 | 0.012 | 0.78
6 378 | 6.0 |0.0298 | 0.022 | 0.029 | 0.97 | 400 | 6.4 |0.0252| 0.018 | 0.022 | 0.87
7 259 | 4.1 |0.0449 | 0.043 | 0.054 | >1.0 | 312 | 50 [0.0400| 0.028 | 0.031 | 0.78
8 101 16 | 0.0679 - - - 186 | 2.9 [0.0620| - - -

*1 first yielding of beam reinforcement
*2 peak loading

Note: 1psi = 0.0069 MPa; 1.0y/ £ psi”® = 0.083y/ f MPa"®

The joint shear strains at the peak load were 0.0063 rad. for the downward loading and
0.0089 rads for the upward loading in the EW direction; 0.0045 rads for the downward loading
and 0.0098 rad. for the upward loading in the NS direction. The rotations at the beam-joint
interface and total joint rotations are presented in Figures 4.54 and 4.55, respectively. The total
joint rotations at the peak load were 0.011 rads for the downward loading and 0.012 rads for the
upward loading in the EW direction; 0.0081 rads for the downward loading and 0.012 rads for
the upward loading in the NS direction.

Comparison of the joint deformation between SP3 and SP4 shows that the two specimens
had very similar joint shear strain and beam-joint interface rotation at the same loading groups,
although they have different joint shear stresses at the same loading group. Note that joint shear
strains had a greater portion of the joint total rotation in SP3 and SP4, while the joint total
rotations were mostly due to the rotation at the beam-joint interface in the low aspect ratio
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specimens, SP1 and SP2. Table 4.12 indicates that joint total rotation contributed significantly to

the total drift in SP4, increasing by more than about 50% from the fourth group of loading.
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Figure 4.53 Joint shear stress versus strain response of SP4.
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Figure 4.54 Joint shear stress versus rotation at beam-joint interface of SP4.
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Figure 4.55 Joint shear stress versus total rotation of SP4.

4.4.4 Strain Measurement
4.4.4.1 Beam Reinforcement

The strain gage measurements of the beam longitudinal bars in the EW and NS directions are
shown in Figures 4.56 and 4.57. The strains of both EW and NS beam longitudinal bars
measured at the beam-joint interface, i.e., gage number 3, were slightly less than the yield strain
or barely reached the yield strain until the peak loading, i.e., fifth group of loading. Strain values
of the beam longitudinal bars in SP4 were less than those measured in SP3. Considering the
load-drift response and strain gage measurements, the SP4 beams were expected to remain
elastic. In some cases, the beam longitudinal bars yielded at the inner side of the joint, i.e., at
gage number 2. However, this yielding did not represent the beams flexural yielding because it
occurred at the sixth loading group, which was after peak loading. Instead, the damage of joint
panel and the consequent bond deterioration might have caused this yielding.

4.4.4.2 Slab Reinforcement

The strain gage measurements of the slab reinforcing bars in the EW and NS directions are
presented in Figure 4.58. The measured strains of slab reinforcement showed that these bars did
not yield during testing of SP4. The first gage on the EW slab top reinforcement did not function
properly, and the second gage was also damaged at the fifth loading group which was the peak of
the EW beam loading; thus no strain data of these two bars were available around the peak load.
However, their strains were expected to be less or conservatively close to the yield strain
considering the strain value of the internal layer of the beam top longitudinal bar, Figure 4.56(b),
which was very next to the gage number 1 of slab top reinforcement.

4.4.4.3 Column Reinforcement

The strain gage measurements of the column longitudinal bars are presented from Figures 4.59
and 4.60. As the column was designed to remain elastic, the strains of all the column reinforcing
bars were less than the yield strain until the peak loading. The strain distribution of longitudinal
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column intermediate bars was measured over the height in the joint region. The tensile strain at
the mid-height was greater than the strains at the top and bottom gages in the joint panel, but this
strain remained at small value, i.e., less than half the yield strain. Therefore, it was expected that
the column intermediate reinforcing bars did not act as a tension tie in the joint.
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Figure 4.56 Strains of the EW beam reinforcing bars of SP4.
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Figure 4.57 Strains of the NS beam reinforcing bars of SP4.
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Figure 4.59 Strains of the column reinforcing bars for the EW beam loading, SP4.
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136



5 Discussion of Experimental Results

5.1 EVALUATION OF JOINT SHEAR STRENGTH

For comparison of the test results among the four specimens, joint shear stresses were evaluated
at three following critical events among their overall responses. The joint shear stress at the peak
load represented the joint shear strength of each specimen. It was also used to assess the joint
shear stress at the onset of first cracking in the joint and at yielding of the beam longitudinal
bars, if these bars yielded, for developing backbone relationships of joint macro-model. The
normalized joint shear stresses for those three events are presented in Table 5.1. In each
specimen, the normalized joint shear stresses were evaluated for the EW and NS beams
downward and upward loading separately. Note that the normalized joint shear stresses at first
cracking and at the peak were evaluated using the peak load of the first cycle in the loading
group when these events were observed, while the normalized joint shear stresses at first beam
reinforcement yielding were determined from the beam loads when the strain of beam

longitudinal bars reached their yield strain by tracking the strain gage measurements.

Table 5.1 Evaluation of normalized joint shear stress, y (psi™®).
SP1 SP2
Observation EwW NS EW NS
Down™ Up*2 Down™ Up*2 Down Up*2 Down” Up*2
First crack 5.6 6.6 6.9 8.0 7.9 10.4 7.8
First yield 6.7 7.5 "2 75 12.2 9.1 9.4
Peak 8.5 8.5 7.9 8.1 12.6 10.0 124 9.7
SP3 SP4
Observation EwW NS EwW NS
Down'" Up*2 Down'" Up*2 Down’’' Up*2 Down’’' Up*2
First crack -2 -2 4.3 3.5 4.3 4.4 5.8 4.5
First yield 6.7 6.2 6.0 No yield No yield
5.9 7.5 6.7
Peak 7.2 6.3 6.3 8.7 7.4

"'beam loaded downward
“beam loaded upward
®onset of cracking was not accurately detected for specimen SP3
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5.2 COMPARISON OF TEST RESULTS WITH MODEL PREDICTIONS

The shear strengths of the four specimens were compared with predictions using the three
models introduced in Chapter 2: namely, the semi-empirical model, the analytical model and the
simplified model. As summarized in Table 5.2, the proposed semi-empirical model, analytical
model, and simplified model accurately predicted the shear strengths with 4%, 6%, and 1%
errors, respectively. If only the EW joint shear strengths are considered for this comparison—
because lower strengths are generally obtained in the NS direction due to the loading sequence,
—the accuracy of the semi-empirical model improved. The analytical model, however,
underestimated the joint shear strength by 10%. This underestimation comes from the predictions
for SP2 and SP4, where relatively a larger diameter of beam longitudinal bars were used because
the fraction factor is dependent on a diameter of beam longitudinal bar such that a large diameter

of bar increases the values of fraction factor ¢, and «, (Figure 2.8) without limitation. The

fraction factor is bounded in the simplified model, which shows better accuracy of strength
predictions compared to the analytical model.

Table 5.2 Comparison of test results with predictions by the proposed models.
Specimen ‘Ij:zi:; ‘;_i(:: gt':fr’l Test resmljt::s Semi-empir.:)c;al Analytice'aol5 Simplified n:);iel
Viest PSU7T | Vinodel [PSi] Y model [PSI™] Y modet [PSI™]
W Down 8.5 9.2(0.92) 8.5(1.00) 8.7(0.98)
1 Up 8.5 7.8(1.08) 7.3(1.17) 7.3(1.17)
Down 7.9 9.2(0.86) 8.5(0.93) 8.7(0.91)
NS Up 8.1 7.8(1.03) 7.3(1.11) 7.3(1.11)
W Down 12.6 11.7(1.08) 10.5(1.20) 12.0(1.05)
o Up 10.0 9.5(1.06) 8.4(1.20) 8.9(1.12)
Down 12.4 11.7(1.06) 10.5(1.18) 12.0(1.03)
NS Up 9.7 9.5(1.02) 8.4(1.16) 8.9(1.09)
EW Down 7.2 7.8(0.91) 7.1(1.01) 7.7(0.93)
s Up 6.3 6.8(0.93) 6.0(1.05) 6.4(0.98)
NS Down 6.3 7.8(0.80) 7.1(0.88) 7.7(0.81)
Up 5.9 6.8(0.86) 6.0(0.97) 6.4(0.91)
EW Down 8.7 8.2(1.07) 8.2(1.06) 8.7(1.00)
Spa Up 75 7.7(0.97) 6.8(1.10) 7.6(0.99)
NS Down 7.4 8.2(0.91) 8.2(0.90) 8.7(0.85)
Up 6.7 7.7(0.87) 6.8(0.99) 7.6(0.98)
Both EW and NS directions, y,_ /7, .. Mean 0.96 1.06 0.99
Cov 0.09 0.12 0.10
Only for EW direction, y, [y Mean 1.00 110 103
Ccov 0.08 0.13 0.09
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5.3 EFFECT OF JOINT ASPECT RATIO

The joint shear strengths of the tested specimens were plotted against the corresponding joint
aspect ratio together with the literature test data points to further investigate the consistency of
the joint aspect ratio effect, as shown in Figure 5.1. Note that amongst the shear stress
calculations for each specimen during the downward and upward loadings in the two directions,
only the largest and smallest shear strengths calculated are presented. The joint aspect ratio,

Iy, /h. , is equal to 1.0 for specimens SP1 and SP2, and 1.7 for specimens SP3 and SP4. Using the
simplified model in Equation (2.30), the upper and lower bounds of shear strength are defined as

cost cosd
_1p 8080, _4g 05 ,
Y ma cos(7r/4)’  min cos(7z/4) (-1

In the joint aspect ratio of /, /h, =1.0, the joint shear strengths of SP1 are distributed between
v, =19 psiO'5 (0.66 MPa") and 8.5 psio'5 (0.71 MPa"?), as indicated with solid circle, while the
minimum and maximum joint shear strengths of SP2 are y, =9.7 psi® (0.87 MPa"?) and 12.6

psi’®® (1.05 MPa”), respectively, as indicated with open circle. In the joint aspect ratio of
h, /h, =1.7, the joint shear strengths of SP3 ranged from y, =5.9 psi” (0.49 MPa"™) to 7.2

psi® (0.60 MPa’?), as indicated with solid triangle, and those of SP4 ranged from v, =8.7 psi®?
(0.72 MPa™) to 6.7 psi® (0.56 MPa’"), as indicated with open triangle.

Recalling the beam reinforcement details illustrated in Chapter 3, the same beam
longitudinal bars were used for SP1 and SP3, and for SP2 and SP4, and slab reinforcement was
identical in all the tested four specimens. Considering the beam and slab reinforcement details
for the two pairs of specimens, i.e., SP1 and SP3 and SP2 and SP4, it is obvious that the
reduction of the joint shear strength from SP1 to SP3 and from SP2 to SP4 is attributed to the
increase of the joint aspect ratio. The effect of joint aspect ratio observed in the tested four
specimens is consistent with the trend observed in the literature test data. In addition, the
maximum values of test results exceeded slightly the proposed upper limit which is also drawn
by a solid line in Figure 5.1. The upper limits are adopted from the simplified model presented in
Chapter 2, ie., 12.0 psi®® (1.0 MPa"®) for h,/h.=1.0 and 8.7 psi’” (0.73 MPa’’) for

h, /h, =1.7. The ASCE 41 provisions, however, suggest a constant shear strength of 6.0 psi®?

(0.5 MPa"), regardless of joint aspect ratio, resulting in conservative estimates of strengths
particularly for the case of lower joint aspect ratio and higher beam longitudinal reinforcement
ratio.

The effect of the joint aspect ratio can be explained by the SAT idealization where a
steeper diagonal strut develops in the unreinforced joint with a high aspect ratio. Consequently,
this steeper diagonal strut results in less effective shear resistance to equilibrate the horizontal
joint shear force. Hence, the shear strength of unreinforced exterior and corner joints decreases
with an increase of the joint aspect ratio, as discussed in Chapter 2. Note that the variation of the
joint shear strength between the two curves for a specific joint aspect ratio is explained by the
effect of the beam reinforcement ratio, discussed next. Note that unlike the unreinforced exterior
and corner joints, the effect of joint aspect ratio is not observed in the same types of reinforced
joints [Kim and LaFave 2007] and is therefore not addressed in current code provisions. This is
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explained by the fact that a diagonal strut crossing the opposite corners of the unreinforced joint
panel is dominant, while additional inclined struts can develop in the reinforced joint due to the
transverse reinforcement; thus the strength of the reinforced joint does not solely depend on the
diagonal strut geometry.
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Figure 5.1 Test results of normalized joint shear strength versus the joint aspect
ratio.

5.4 EFFECT OF BEAM LONGITUDINAL REINFORCEMENT RATIO

The investigation of the effect of the beam longitudinal reinforcement ratio focused on the
variation of joint shear strength and the yield propagation of beam longitudinal bars into the
joint. The joint shear strengths of the four test specimens are plotted in Figure 5.2 against the
corresponding joint shear index [Equation (2.13)] in addition to the test data from the database in
[Park and Mosalam 2009]. The plots are separated for low joint aspect ratio (0.9<A, /h, <1.3)

and for high joint aspect ratio ( 1.4<h,/h <2.0). For the joint aspect ratio h,/h, =1.0
corresponding to SP1 and SP2, and 1.7 corresponding to SP3 and SP4, the upper (7, ) and

lower (7,,, ) bounds of shear strength [Equation (5.1)] are connected by dashed lines. Based on
the material properties and design details, the joint shear indices of SP1 and SP3 are indeed
between y . and ... while those of SP2 and SP4 are close to y . , as shown in Figure 5.1.

The test results indicate that the joint shear strength clearly increases with the increase of
the beam reinforcement ratio, i.e., from SP1 to SP2 and from SP3 to SP4. In Figure 5.2, the joint
shear strengths labelled with “a” and “b” are calculated for the downward and upward loadings,
respectively. Moreover, these strengths are given for the EW and NS beams where the EW beam
has mostly higher strength than that of the NS beam because the EW beam was loaded first. This
is discussed in the Section 5.7.
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The test results support the trend that the joint shear strength is proportional to the joint
shear index between the upper and lower bounds for a given joint aspect ratio. This
proportionality is explained by an analysis of the test database [Park and Mosalam 2009]. If the
joint shear index is between the upper and lower bounds, the joint experiences BJ-type failure,
where the beam longitudinal reinforcement yielding is followed by joint failure and thus the joint
shear strength is limited by the joint shear index. If the joint shear index is greater than the upper
bound owing to large beam longitudinal reinforcement ratio, the joint experiences J-type failure,
where the joint fails prior to beam yielding. Thus the joint shear strength is limited by the upper
bound, which can be considered as joint shear capacity. The upper bound will be further clarified
by ongoing tests having larger beam longitudinal reinforcement ratio than that provided in SP2
and SP4.

In mechanistic respects, the analytical model presented in Chapter 2 explains the increase
of shear strength as the joint shear index increases, using bond resistance of the concrete
surrounding the anchored beam longitudinal bars within the joint region. The basic idea is that
since beam yielding is followed by joint shear failure, i.e., BJ-type failure, in the case of lower
joint shear index, the yielding of beam bars penetrates into the joint with loss of bond resistance,
thus joint failure eventually occurs at lower level of shear stress. The strains of the beam
longitudinal bars of the specimens having relatively less beam reinforcement ratio, i.e., SP1 and
SP3, are greater than those measured in the counterpart specimens, i.e., SP2 and SP4. Thus, the
yielding of the beam longitudinal bars penetrated further into the joint in specimens SP1 and
SP3. The strain values of SP1 and SP2 are compared in Figure 5.3.

The BJ-type of joint failure may not occur in a reinforced joint because such joints
maintain their deformability until the adjacent beam sustains flexural ductile behavior. However,
the absence of transverse reinforcement in the joint region results in significant yield penetration
of the beam longitudinal reinforcement into the joint and eventually loss of bond resistance
leading to joint failure at a lower joint shear demand than that for an equivalent J-type joint
failure. Some strength models use either ductility factor [Park 1997; Hakuto et al. 2000] or bond
resistance of the concrete surrounding the anchored beam longitudinal bars within the joint
region (the analytical model presented in Chapter 2) to predict the BJ type of joint failure.

Table 5.3 compares the calculated joint shear indices with the joint shear stresses
measured at the onset of the beam longitudinal bars yielding. The joint shear indices for negative
bending, i.e., slab in tension, are calculated separately with and without consideration of slab
reinforcement contribution. The slab reinforcement was taken within the effective flange width
according to ASCE 41. Consequently, slab top four reinforcing bars were included to calculate
the joint shear indices of the four specimens. Note that the joint shear index equation is
independent of the shape of beam cross section such as T-shape and L-shape because the cross-
sectional height, 4, is the same for either rectangular or other two shapes of beam cross-section.
Therefore, total sectional area of the considered slab reinforcement was added to the cross-
sectional area of beam longitudinal bars in tension, 4, for negative bending, while the sectional
area of the bottom longitudinal bars only is included in 4; in the joint shear index for positive
bending, i.e., slab in compression. As shown in Table 5.3, the joint shear indices were close to
the joint shear stresses at the onset of beam longitudinal bars yielding (. 4 s )» Particularly if

the contribution of slab reinforcement is taken into consideration with the exception of SP1. Note
that the presented normalized joint shear stresses correspond to the values for the EW direction
in each of the tested four specimens.
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Table 5.3 Joint shear index (S/).
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Figure 5.3 Comparison of beam longitudinal bar strains for specimens SP1 and
SP2.

5.5 EFFECT OF COLUMN AXIAL LOAD

The joint shear strengths of the four specimens tested are plotted in Figure 5.4 against the
column axial load ratio with the same database. To focus on the effect of column axial load, the
other two effects, namely joint aspect ratio and beam reinforcement ratio, are addressed in Figure
5.4 as follows: (1) joint shear strengths on the vertical axis were normalized by the upper limit

Vmax 10 Equation (5.1) to eliminate the effect of joint aspect ratio; and (2) two joint shear failure
types, i.e., J-type failure and BJ-type failure, depending on the beam reinforcement ratio are
indicated with different markers.

Minimal and/or unclear influence on joint shear strength for column axial load less than
0.25f/A4, where A, is the gross area of the column cross section was found. For example, the
normalized shear strength of SP1 was 8.5 psi™® (0.71 MPa”®) for downward and upward
loadings, although the column was subjected to tension (0.07f4,) for upward loading and
compression (0.11 fc'Ag) for downward loading. Note that the larger shear strengths of SP2 and

SP4 for the high column axial load shown in Figure 5.4 are attributed to the larger cross-
sectional area of the top beam longitudinal bars rather than due to benefit from column axial
load. Including this study, most of previous joint tests were conducted under column axial load

less than 0.25f4, . Thus more test data for the cases of higher column axial load are needed to

clarify the effect of high column axial load on the joint shear strength.
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Figure 5.4  Test results of normalized joint shear strength versus the joint shear
index.

5.6 EFFECT OF SLAB

The strain distributions of the slab top reinforcement presented in Chapter 4 show a decrease in
the strain value away from the column face. A similar observation can be made from the crack
pattern at the top of the slab, as shown in Figure 5.5. Therefore, it can be stated that the slab
reinforcement contributed to the negative flexural moment capacity of the longitudinal beams.
To estimate the contribution of the slab in tension, the measured negative flexural moments from
the known geometry and applied shear forces were compared to the computed values (Mq) using
section analyses of equivalent L-shaped beam cross sections. The results are presented in Figure
5.6 where the effective slab widths recommended in two code provisions, namely ASCE 41 and
that of the New Zealand Society for Earthquake Engineering [NZSEE, 2006], are also indicated.

According to ASCE 41, the combined stiffness and strength for flexural and axial loading
shall be calculated considering a width of effective flange on each side of the web equal to the
smaller of: (1) the provided flange width, (2) eight times the flange thickness, (3) half the
distance to the next web, or (4) one-fifth of the span for beams. When the flange is in
compression, both the concrete and reinforcement within the effective width shall be considered
effective in resisting flexure and axial loads. When the flange is in tension, longitudinal
reinforcement within the effective width and that which is developed beyond the critical section
shall be considered fully effective for resisting flexure and axial loads. In the NZSEE [2006], at
each side of the beam centerline a value corresponding to the lesser of (1) one-fourth of the beam
span, (2) half the span of the slab transverse to the beam under consideration, and (3) one-fourth
of the span of the transverse edge beam, must be considered. In most cases including the tested
four specimens, the last criterion for both ASCE 41 and NZSEE controlled the effective width.

Based on a comparison of the four test specimens, it was found that the contribution of
the slab varied according to the strain level of the beam longitudinal reinforcement where this
contribution was negligible when joint failure occurred prior to the yielding of the beam
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longitudinal bars as in SP4 and increased from SP3 to SP2 to SP1 as the joint failure occurred at
larger post-yield strain of the beam longitudinal bars. Note that the effective slab widths in the
code provisions are estimated assuming that joints can fully sustain the flexural ductility (e.g.,
drift level of 2%) of L- or T-shaped beams. Hence, this effective slab width may not be
appropriate in the case when joint failure precedes beam flexural failure, e.g., J-type failure in
unreinforced joints. Further investigation is needed to clarify the effective slab width. In this
study, slab top four reinforcing bars are considered for the contribution of slab to flexural
strength of L-shape beams without taking into consideration the bottom bars because slab bottom
bars are not fully developed, according to ASCE 41 as described above.

Figure 5.5  Flexural cracks in the slab of SP3.
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Figure 5.6  Strain and stress distributions of slab reinforcement.

5.7 EFFECT OF LOADING SEQUENCE

The lateral loading was applied in the EW beam prior to the NS beam in each group of cyclic
loading. This alternation of the loading between the two directions made the peak load of each
loading group generally greater in the EW direction than in the NS direction. As shown in Figure
5.7, the joint shear stresses of SP1 and SP2 were similar in both EW and NS direction until the
beams yielded, while in SP3 and SP4, similar joint shear stresses were maintained up to 0.85%
drift before yielding of the beams. Thereafter, larger joint shear stresses were induced in the EW
direction than in the NS direction because of significant damage in the joint during the EW beam
loading prior to the NS beam loading. Based on the strength reduction due to the loading
sequence, the joint shear strengths for the EW beam loading are taken as representative of joint
responses for developing backbone relationships presented in Chapter 6.

During the longitudinal beam loading, the transverse beam was subjected to torsion due
to the slab connecting the two orthogonal beams. Note that the definitions of longitudinal and
transverse beams were given in Chapter 1, where the former is the beam in the direction of
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loading and the latter is the one in the direction perpendicular to the loaded beam. Two different
types of cracks were observed in the transverse beam and joint panel during the longitudinal
beam downward and upward loading. Inclined cracks took place in the transverse beam when the
longitudinal beam was loaded down, as shown in Figure 5.8(a). Horizontal cracks developed at
the top of the joint panel in the transverse direction when the longitudinal beam was loaded up,
as shown in Figure 5.8(b). The mechanisms of these cracks are depicted using free body
diagrams in Figure 5.8. These two types of cracks closed when the beam loading was switched to
the same directional beam. For example, horizontal and inclined cracks formed in the joint and
beam in the EW direction during the NS beam loading, as shown in Figure 5.8, but these cracks
closed during the subsequent EW beam loading.

During each beam loading, the transverse beam was twisted by torsion because of the
slab effect. The twisting angle was measured at three locations A, B, and C of the transverse
beam, as shown in Figure 5.9. The increase of twisting angle in the transverse direction was
concentrated between locations A and B for the longitudinal beam downward loading, while the
twisting angle was uniformly distributed from A to C for the upward loading. Based on the crack
pattern and the different variation of twisting angles in the transverse direction for the downward
and upward loadings of the longitudinal beam, it can be concluded that twisting was localized
around the inclined crack of the transverse beam when the longitudinal beam was loaded down.
But during the longitudinal beam upward loading, the entire transverse beam twisted causing a
horizontal crack at the top of the joint panel in the transverse direction.

R
Beam yielding of SP1 and SP2

1.2+

Vns 0.8) 1
Beam yielding of SP3
0.4 —-SP1
—A—SP2
——SP3
0.2 —a-SP4 |
O I L P

6 5 4 3 21 01 2 3 4 5 6
Drift (%)
Figure 5.7 Comparison of applied load ratios between the EW and NS beams.

147



Longitudinal beam
downward loading

Longitudinal beam
upward loading

Crack /1 Slab cracks
openingl\\ i closed

Transverse beam
(b) horizontal crack in the EW joint during the NS beam upward loading

Figure 5.8  Crack pattern in the transverse beam during the longitudinal beam
loading.

148



R
_,\,_+ + + +:upward  -:downward
C

A B
SP1 Drift (%) SP2 Drift (%)
=

£ 001 p— 203 £ 001 2.04
3 1.15 > 1.15
01) —
g 0 S Distance %D 0 p<:: Distance
2001 AN 177 001 | 175
.4 -0.02 I ] -2.66 § | L. . -2.66
E . : | inclined crack opening =z-0.02 f +— inclined crack opening

-0.03 Lo -3.86 a F----= -3.86

: -0.03 -

0,02 - SP3 Drft (%) Sp4 Drift (%)
—~ — _ . ~ 7 [ N/A 2.51
oo . e Zoo b —1.52
2 —0.85 =2 0.86
%0 0 - Distance %D 0 \ Distance
200,01 F~—1_" 123 ehg 01 f ’ -1.28
=) ' [} . 0 |
'z -0.02 F (4~ Inclined crack opening '£-0.02 «—inclined crack opening
& \ 28 & | ! 2.96

-0.03 - -0.03 b '
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5.8 ROLE OF COLUMN INTERMEDIATE BARS

Hwang et al. [2005] claim that column intermediate bar(s) can carry vertical tension force F), as
shown in Figure 5.10, if the bond capacity between the column longitudinal bars and surrounding
concrete is maintained. To investigate the role of the column intermediate bars, the strain
variation of these bars along the joint cross-section height was measured and the results are
presented in Figure 5.11 and 5.12. In specimens SP1 and SP2 (having 8-#8 column longitudinal
bars), the tensile strain at the joint mid-height location was less than either the strain at the joint
top or the strain at the joint bottom. In specimens SP3 and SP4 (having 8-#10 column
longitudinal bars), the tensile strain at the joint mid-height location was greater than the strains at
the joint top or the strain at the joint bottom for some beam loadings; However, this is not clear
evidence that a column intermediate bar acted as a tension tie in joint shear resisting mechanism.
Unlike reinforced joints, it appears that two inclined struts between the two column bars did not
develop simultaneously (see Figure 5.10) because of the steep angle and the bond deterioration
around the column longitudinal bars.
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Figure 5.10 Role of column intermediate bars as a tension tie [Hwang et al. 2005].

150



N
»

N

Strain (10 -3)
o

—_

0.5

- N
a N O,

Strain (10 %)

—_

0.5

top T
middle © 00
X e o
bottom |l 1 Z
I o & 0O
EW
i bottom @2-5
I s
L middle £15
=]
: top 2y
r 0.5
r 0
r -0.5
4 3 -2 1 0 1 2 3 4
Drift (%)
(a) SP1-EW direction
r 2.5
top &
|- 2 2
L =
midde ~ E
L I
| bottom 0.5
r 0
r -0.5

4 3 -2 1 0 1 2 3 4
Drift (%)

(c) SP2-EW direction

— hl top
middle

bottom

top
middle
bottom

4 -3 -2 -1 0 1 2 3 4
Drift (%)

(b) SP1-NS direction

top
bottom
middle

4 3 -2 1 0 1 2 3 4
Drift (%)

(d) SP2-NS direction

Figure 5.11 Strain distributions of column intermediate bars in SP1 and SP2.
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Figure 5.12 Strain distributions of column intermediate bars in SP3 and SP4.

5.9 DEFORMABILITY OF UNREINFORCED CORNER JOINT

In terms of the effects of joint aspect ratio and beam reinforcement ratio on joint shear strength,
the trends and range of strength of the tested four corner joint specimens were similar to those of
many previous exterior joint specimens constructed without transverse beams and floor slabs.
Hence, the same joint shear strength can be applied for predicting the response of both planar
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exterior joints and corner joints, which is consistent with the recommendation of ACI-ASCE
352-02.

Applying the SAT idealization to represent the joint shear resisting mechanism, the joint
shear force was transferred to the beam and the column by compression through a diagonal strut
as considered in the code provisions of USA and Japan [ACI 318-11 2011; ACI-ASCE 352-02
2002]; AIJ 1994], respectively. The unreinforced joint resembles an unconfined concrete
rectangular cuboid idealized using a diagonal strut whose compressive strength is controlled by
its compressive strain &,. This supports the hypothesis that the failure of unreinforced joints

initiates at a certain joint shear strain, namely 0.005 rads in the ASCE joint shear stress-strain
relationship and 0.007 rads according to Priestley [1997]. The failure of the four test specimens
initiated when the joint shear strain reached a value between 0.006 rads and 0.008 rads.

To compare the joint shear strain responses of the four test specimens, the envelopes of
the joint shear stress-shear strain responses in the EW direction were redrawn in Figure 5.13(a)
with the ordinates expressed as the ratio of the joint shear stress of each loading cycle to the
maximum joint shear stress, i.e., joint shear strength. These normalized envelopes are
comparatively similar, meaning that the joint failure of the four specimens took place at different
joint shear stress values due to the effects of the joint aspect ratio and the beam reinforcement
ratio, but the joint shear strain values were not significantly affected by these two parameters.
However, the negative slope of the envelopes was slightly steeper for high compressive column
load (negative side) than for small compressive or tensile column load (positive side).

The contribution of the joint shear strain to the total drift is shown in Figure 5.13(b). A
significant portion of the total drift was attributed to the joint shear strains in SP3 and SP4,
whereas the joint shear strain of SP1 and SP2 contributed less. This is because, as mentioned
above, the joint shear strain responses of the four test specimens were similar but SP1 and SP2
had (1) larger rotations at the beam-joint interface and (2) relatively less flexural strength of the
beams, resulting in larger elastic and inelastic drifts. The different contribution of the joint shear
strain to the total drift affected the global load-drift responses of SP3 and SP4, which had a high
joint aspect ratio, and their response was relatively brittle compared to those of SP1 and SP2
with a low joint aspect ratio.

The specimens tested in this study did not show complete loss of axial load carrying
capacity by the end of testing. This behavior is similar to that observed from tests of
unreinforced interior joint specimens [Walker 2001; Alire 2002]. This gradual strength
degradation was attributed to the presence of transverse beam and floor slab rather than to the
well-confined beams and column. In other words, the damage of core concrete in the corner
joints was retarded by the monolithically cast orthogonal transverse beam and floor slab.
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6 Simulation of Reinforced Concrete Frames
with Joint Flexibility

6.1 DEVELOPMENT OF BACKBONE RELATIONSHIPS

In conventional simulations of RC buildings, joints are modeled as a node where one-
dimensional (1D) beam and column elements intersect, i.e., the orthogonality between beams and
supporting columns is maintained during the analysis. However, this orthogonality is not
sustained in unreinforced joints because of shear failure and shear deformation. To account for
joint shear failure and flexibility in building simulations, a nonlinear joint macro-model using a
single rotational spring was developed. Joint macro-models by Bidda and Ghobara [1999] and
Lowes and Altoontash [2003] have used concrete softening models from Hsu [1988] and
Vecchio and Collins [1986], respectively, to define the constitutive relationship of the joint panel.
However, these softening models are inappropriate for lightly reinforced joints and especially for
unreinforced joints [LaFave and Shin 2005]. Using test data obtained from the joint responses
and visual observations, this study developed an empirically based backbone curve

For modeling of joint flexibility, two types of joint macro-models, namely explicit and
implicit modeling, were considered. For explicit modeling, ASCE 41 proposes a joint shear
stress-strain relationship for unreinforced exterior beam-column joints as shown in Figure 6.1(a)
where the nominal joint shear strength is defined as , =6 psi’> [0.5 MPa™’] for unreinforced

exterior joints as presented in Table 2.1. Priestley [1997] also proposed a shear strength model
for unreinforced exterior joints as shown in Figure 6.1(b). The joint shear strength V is

determined by a limit of the principal tensile stress, o, =5,/ f) psi [0.42,/f’ MPa] and the
principal compressive stress, o, = 72.6 f psi [0.5 f/ MPa]

P P
V. =4 012+01(—]SA\/02202(—} (6.1)
g\/ Ag 4 Ag

This study adopted implicit modeling because it is a practical option for simulating a
building with large number of degrees of freedom. To this end, joint shear strain (y ) and

rotation at the beam-joint interface (6,) due to bar slip and/or crack opening were measured
separately, as shown in Figure 6.2. The rotation of the joint spring, 6, , is defined as the sum of

the joint shear strain and the rotation at the beam-joint interface, i.e., 8, =y, +6,. Note that
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rotation at the column-joint interface is assumed to be negligible because of the considered
strong column-weak beam configuration, as mentioned before.
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Figure 6.1 Backbone curve of unreinforced exterior joints.
,\l
==£ =
a)O
| A, -A A1
C()g 95 = bd : ]. in. db
b A
L 5
= -
l\'
(a) joint shear strain (b) rotation at the beam-joint interface

Figure 6.2 Instrumentation for measuring the joint deformations.

The joint shear stress-shear strain relationships in the EW direction of the four specimens
are plotted in Figure 6.3. Note that the joint shear stresses on the vertical axes of these plots were

normalized by /!, i.e., y=v, / \ f! . The average joint shear strains of the values measured at

the downward and upward peak loads were 0.006 rads for SP1, 0.007 rads for SP2 and SP3, and
0.008 rads for SP4. The evaluated joint shear stress-shear strain responses were compared to two
backbone curves proposed by ASCE 41 and Priestley [1997] in Figure 6.3. In addition to the
large discrepancy in the strength prediction, these latter two models are conservative for
predicting post-peak drift capacity of unreinforced corner joints.

156



The envelopes relating bar stress to deformation measured at the beam-joint interface of
the four specimens are plotted in Figure 6.4(a) as illustrated by the insert in the figure where the
shown deformation is the relative deformation between the column and the beam. The bar stress
did not reduce after the peak loads [marked by arrows for the four specimens in Figure 6.4(a)],
implying that the capacity of the anchorage was maintained in the loading subsequent to the peak
loads. Note that the deformation at the beam-joint interface was not significantly dependent on
the bar stress, which is related to the beam longitudinal reinforcement ratio. This observation is
based on measuring similar deformations at the peak load for each pair of specimens having
different beam reinforcement ratio (and accordingly different stress in the beam longitudinal
bars) but having same joint aspect ratio, i.e., (SP1 and SP2) and (SP3 and SP4). Note that the
average deformation at the peak loads was smaller in the high joint aspect ratio specimens, i.e.,
0.13 in. for SP3 and SP4, than in the low joint aspect ratio specimens, i.e., 0.21 in. for SP1 and
SP2. This smaller deformation leads to the smaller rotation at the beam-joint interface of SP3 and
SP4 as shown in Figure 6.4(b). Accordingly, it is postulated that the rotation at the beam-joint
interface is more influenced by the joint aspect ratio than by the beam reinforcement ratio.
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Figure 6.3 Comparison of joint shear stress versus rotation responses.
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The above joint shear stress versus shear strain and joint shear stress versus rotation at the
beam-joint interface responses are redrawn in Figure 6.5 where the joint shear stresses in the
ordinate are normalized by the overall maximum, i.e., joint shear strength.

Based on the joint shear stress-rotation measurement and visual observations of the tested
four specimens, a multi-linear backbone relationship (Figure 6.6) was developed based on the
peak values of the first cycle to a specific level of displacement in the joint responses (see Figure
6.5) and the joint damage progression observed from the tested four specimens. Modeling

parameters were defined at the following responses: (1) 4, and 6, represent initial joint
cracking, (2) A, and 6, represent either beam reinforcement yielding or significant opening of
existing joint crack, (3) 6. represents either existing joint crack further propagation or additional
joint crack opening at the peak loading, and (4) 4, and 6, represent the residual joint shear

stress ratio and rotation when the damage of joint is severe. Note that the joint shear strength
corresponding to ¥, can be accurately predicted by the proposed joint shear strength models.

Each modeling parameter is evaluated in Table 6.1.
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Figure 6.4  Measured responses at the beam-joint interface.
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Figure 6.5 Normalized joint shear stress versus joint deformation.

From the four test specimens, the parameters 4, A4,, €, and 6, are found to be

insensitive to the joint aspect ratio and the beam longitudinal reinforcement ratio so that they are
selected as listed in Table 6.1. The values of these parameters are defined based on the mean of
the values measured from the four test specimens. Note that the parameter 6, was selected as

0.0050 instead of 0.0057 in this study for better comparison with the ASCE 41 backbone. The
parameter 6, representing joint rotation at the peak load was affected by the joint aspect ratio

such that the value of 8, became smaller as the joint aspect ratio increased. Changing the beam

longitudinal reinforcement ratio for the specimens with the same aspect ratio made little
difference in the value of .. Therefore, 6, is intended to reflect the effect of the joint aspect

ratio and its equation is proposed as follows,

6, =0.0325-0.0125k, /1, ) (6.2)

Equation (6.2) gives 0.0200 and 0.0116 for the joint aspect ratios (/,/h,) of 1.00 and
1.67, respectively, and these values are close to 0.0196 (mean value of €, from SP1 and SP2)
and 0.0113 (mean value of 6. from SP3 and SP4), respectively. Note that Equation (6.2) shows

good agreement with the results of previous tests reported by Clyde et al. [2000] and Pantelides
et al. [2002]. The parameters 4,and €, were selected by fitting the negative slope of the global

load-displacement responses of the four test specimens because the instruments were not reliable
after severe joint damage. These selections are

A,=05, 6,=6,+0.03 (6.3)
Knowing the dimensions of the RC frame and its joints, the moment at the center of the joint,

M ,, is obtained from the joint shear stress as follows,

VL P S (6.4)
’ 77 (L+hc/2)]db H
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To express the backbone relationship in terms of joint moment and rotation, the vertical axis
values are transformed into the joint moment using Equation (6.4) where v, =v bk, and

V.fh=7\/7c,'

hairline crack

"
A

X
»
'

—

I

R S

| | 1 »

6 0, 0, 8, Ioint rotation

Figure 6.6 Proposed backbone relationship from the test specimens.

Table 6.1 Evaluation of backbone curve parameters.
SP1 SP2 SP3 SP4 Proposed
* * * * *. * *. * Mean
Down’’' Up? Down’’' Up? | Down™ Up? Down'" Up? Model
21 0.66 0.54 0.63 0.78 0.61 0.54 0.65 0.59 0.63 0.65
/12 0.94 0.87 0.92 0.90 0.95 0.80 0.93 0.82 0.88 0.90
Qa 0.0025 0.0024 | 0.0027 | 0.0032 | 0.0019 0.0020 0.0027 | 0.0013 | 0.0023 0.0025
Hb 0.0050 0.0068 | 0.0054 | 0.0057 | 0.0061 0.0052 0.0059 | 0.0055 | 0.0057 0.0050
0.0170 0.0189 | 0.0218 | 0.0207 | 0.0111 0.0114 0.0105 | 0.0121
0. - Eq. (6.2)
Mean of SP1 and SP2 = 0.0196 Mean of SP3 and SP4 = 0.0113

:1beam loaded downward
2beam loaded upward

6.2 VERIFICATION OF PROPOSED BACKBONE RELATIONSHIP

6.2.1 Corner Joint Specimens

Simulations were performed on the tested four corner joint specimens using the proposed
backbone curve for verification. Since the lateral loads were applied in an alternating pattern
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between the two orthogonal beams, two-dimensional (2D) analysis was assumed to be
reasonable to simulate separately the responses of the EW and NS directions. To address the
effect of the slab, the beam cross section was modeled as an L-shape with effective slab width
according to ASCE 41. The strength and ultimate strain of core concrete confined by hoops for
column and closed stirrups for beam were calculated using the models by Mander et al. [1988],
Qi and Moehle [1991], and Saatgioglu and Razvi [1992].

The beam-column subassemblies were modeled with two types of idealizations using
OpenSees [2010]. The first considers the 1D beam and column elements intersecting at the joint
(rigid joint), Figure 6.7(a), while the second is similar to the first but the joint region is modeled
with a rotational spring and joint offsets, see Figure 6.7(b). The beam and column elements were
modeled using nonlinearBeamColumn elements based on the force method formulation where
there was no need to define a plastic hinge length. Five integration points are assigned to each
element. The constitutive model for the joint rotational spring was defined as the relationship
between moment and rotation at the center of the joint panel which is calculated from the
proposed backbone curve shown in Figure 6.6. The M, — @, relationship shown in Figure 6.8

was implemented using a multi-linear hysteresis material (Pinching4) available in OpenSees
[2010]. The envelope of each positive and negative direction consists of a quad-linear curve that
connects four key points that are defined by the parameters of the proposed backbone curve.
Note that in Figure 6.8, nM, and pM, represent the respective negative and positive moments
obtained from the joint shear strength, y, . Omin and M(Omin) [Omax and M(Omax)] are the minimum

(maximum) rotation and the corresponding moment in the hysteretic response until the current
excursion.

The adopted hysteresis rules follow a tri-linear unloading-reloading path as follows: (1)
linear unloading with the initial stiffness until the moment reaches a fraction (defined by the
parameter uForce) of nM, or pM,; (2) linear pinching until reaching the reloading points
specified as fractions (defined by the parameters rDisp and rForce) of Omin, M(Omin) OF Omax,
M(6max), see Figure 6.8; and (3) upon reaching the reloading points, linear loading to Gpnin,
M(Opmin) OF Omax, M(Omax). The parameters for unloading and reloading in pinching4 material are
selected as follows: uForce=0.05, rForce=0.25, and rDisp=0.5 to match the experimental load-
drift responses, which show that the beam loads at zero displacement were positive (i.e., upward)
because the slab pulled down the beam as the transverse beam orthogonal to the loaded beam
remained at a negative position. Note that the strength and stiffness degradation parameters in
pinching4 material [OpenSees, 2010] were ignored for simplicity and because these material
damage parameters are insignificant in modeling structural collapse [Haselton et al. 2008]. The
joint panel finite size represented by rigid links in Figure 6.7(b) were modeled by the joint offset
command in OpenSees [2010].
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Figure 6.7 Modeling of beam-column subassemblies of the tested corner
specimens.
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Figure 6.8  Modeling of beam-column subassemblies of the tested corner
specimens.

The simulated load-displacement responses are compared to the test results in Figure 6.9
where the post-peak strength degradation of the tested corner joint specimens was gradual with
most of damage concentrated in the joint region. This moderate strength degradation is attributed
to the presence of transverse beam and floor slab rather than to the well confined beams and
column. In other words, it is believed that the damage of the core concrete in the corner joints
was reduced by the monolithically cast orthogonal transverse beam and floor slab. Further
investigation is needed to support this conclusion. In the simulations with the proposed backbone
curve, the strengths of the four specimens are calculated using the simplified model, Equation
(2.32). Furthermore, additional simulations were performed using the ASCE 41 backbone curve
with explicit addition of a bilinear bond-slip model [Lehman and Moehle 2000] at the beam-joint
interface and the envelopes of the simulated responses are included as thick solid lines in Figure
6.9. Based on a comparison of the simulated versus the test results, the implicit joint macro-
modeling with the proposed backbone curve accurately predicted the load-displacement
responses of the four specimens, with slight discrepancies at the peak loads due to the shear
strength prediction imperfection using the simplified model. The rigid joint model, however,
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clearly did not predict the responses adequately. Moreover, the ASCE 41 backbone curve with
the added bond-slip model [Lehman and Moehle 2000] did not successfully reproduce the load-
displacement responses because it underestimated the shear strength and post-peak drift capacity,
as shown in the joint responses in Figure 6.3. In addition, the contribution of the bar slip model
was negligible, except for specimen SP3, because the beam longitudinal bar stresses remained
elastic at the maximum joint shear stresses predicted by the ASCE 41 strength recommendation.
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Figure 6.9 Comparison of simulated and experimental results of tested corner
joints.

6.2.2 Four Planar Exterior Joint Specimens

Four unreinforced exterior joint specimens without lateral beams and floor slab, referred to as
planar (2D) exterior joints, tested by Wong [2005] are selected for verifying the proposed
backbone curve for joint aspect ratios ranging from 1.0 to 2.0. Material properties, test set up and
details of the selected four specimens are presented in Table 6.2 and Figure 6.10. The joint
aspect ratios of specimens BS-L-300, JA-NNO03, BS-L-450, and BS-L-600 are 1.00, 1.33, 1.50,
and 2.00, respectively. Specimens JA-NNO3 and BS-L-450 were tested using load control until
the beam yielded; thereafter, testing continued by displacement control, while specimens BS-L-
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300 and BS-L-600 were tested under displacement control only. The column axial loads were
kept constant at 0.03 /4, for JA-NNO3 and 0.15 14, for the other three specimens.

Table 6.2 Material properties of specimens by Wong [2005].
Concrete [ksi (MPa)] Yield strength of reinforcing
Cube strength Cylinder strength bars [ksi (MPa)]
BS-L-300 6.17 (42.6) 4.94 (34.1)
JA-NN-03 8.12 (56.0) 6.49 (44.8)
75.4 (520)
BS-L-450 5.59 (38.6) 4.48 (30.9)
BS-L-600 6.59 (45.5) 5.28 (36.4)
HOTiZOdntal 460 kN actuator s i BS-L-300
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Figure 6.10 Details of planar unreinforced exterior joint specimens [Wong 2005].

The force-displacement responses of the four specimens were simulated by modeling the
joints with rotational springs based on the proposed backbone curve depicted in Figure 6.11. For
these simulations, the displacement histories were reproduced from the load-displacement plots
illustrated in Wong [2005]. The shear strengths of the selected specimens were predicted using
the simplified model. Figure 6.11 compares the simulated responses in dashed lines with the test
result as solid lines. Note that the dashed horizontal lines in Figure 6.11 for the specimens with
low joint aspect ratios, namely BS-L-30 and JA-NNO3, indicate the experimentally determined
yield levels of the beam longitudinal reinforcement.
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For each specimen, the simulated responses are symmetric for both loading directions
because beam longitudinal bars are identically placed at the top and bottom without an
overhanging slab (unlike the corner joint simulations discussed in the previous subsection). In
contrast, the experimental responses were not symmetric because the joint strength was not
maintained for both loading directions if the joint was severely damaged by the previous
rightward or leftward loading. The simulations using the proposed model were in good
agreement with the experimental responses in terms of the displacement at the peak force and
post-peak behavior, although the predicted peak forces are a little mismatched, arising from
imperfection of the model predictions. Consequently, the simulations of the four specimens
tested by Wong [2005] reasonably confirm the adequacy of the proposed backbone curve for
simulating the seismic response of unreinforced planar exterior joints.

Displacement {mm)

—— Experimental results
- - - Simulated results

(a) BS-L-300 (hy/h.=1.00)

Displacement {mm)

—— Expenmental results
- — = Simulated results

(c) BS-L-450 (hy/h.=1.50)

Figure 6.11
proposed model.

—— Experimental results
- — - Bimulated results
_— e

(b) JA-NNO3 (hy/h=1.33)

% ——— Experimental results

- - - Simulated results
~" 150

(d) BS-L-600 (hy/hc=2.00)

Simulations of four specimens tested by Wong [2005] using the

6.3 MODELING OF INTERIOR AND ROOF JOINTS

For analysis of a whole building frame, strength predictions and backbone curves for interior and
roof joints are also needed in addition to those for previously determined exterior (including
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corner) joints. A principle of joint shear strength recommendations in ACI 352-02 and ASCE 41
provisions was adopted for prediction of shear strength for unreinforced interior and roof joints,
as illustrated in Figure 6.12. This principle is that joint shear strength is affected by joint
confinement conditions provided by the surrounding beams and columns, and there exists certain
shear strength ratios among the different types of joints. Table 6.3 presents the ratio of shear
strengths for three joint types with respect to the exterior joint shear strength. Note that the
strength ratio factor for interior joints is selected as the ratio obtained from the recommendations
of ASCE 41 because the ratio per ACI 352-02 significantly underestimates the maximum shear
strength of interior joints (y, =15 psi®’) compared to the results of interior joint specimens

tested by Alire [2002] where the measured maximum shear strength was y, =25 psi®’. Using

the strength ratio factor, I', the simplified model was modified for predicting the joint shear
strengths for interior and roof joints as follows,

cos &

V =k|T'x12,f!'b.h. ————|; psiunits 6.5a
n |: fc j'le COS(7Z'/4):| p ( )

SI.— X
k=0.4+0.6(’—1]S1.0, X1=Fx4ﬂ,

X, - X, cos(7/4) (6.5b)

cosd .
X, =1'x12————; psiunits
’ cos(7/4) P

where I' is listed in the last column of Table 6.3. Note that the joint shear index equation
presented in Equation (2.13) is also applicable to other joint types because it is based on global
equilibrium. For interior joints, the total cross-sectional area of beam longitudinal reinforcement
in tension becomes the sum of the cross-sectional area of top bars in one side of the joint and
bottom bars in the other side of the joint. For roof joints, the height ( # ) between upper and
lower column inflection points used in Equation (2.13) was taken as half of the top-story height.
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Figure 6.12 Joint shear strengths code recommendations.

Table 6.3 Ratios of shear strengths of different joint types.
ACI 352-02 ASCE 41 Selected
Joint type " " e
7/1‘1 F 7/71 F
Exterior 12 1.00 6 1.00 1.00
Roof exterior 8 0.66 4 0.66 0.66
Interior 15 1.25 10 1.67 1.67
Roof interior 12 1.00 62 1.00 1.00

]

*2 This value is not explicitly specified but it can be postulated that this joint type has
similar strength to that of the exterior joint because these two joints are geometrically
identical with a 90° turn.

The modeling parameters of the backbone curve for an interior joint may be different
from those for an exterior joint because two longitudinal beams are framing into the interior
joints instead of one beam in the exterior joints. To determine the modeling parameters of the
backbone curve and to evaluate the above modification of the shear strength prediction for
interior joints, four unreinforced interior joint specimens tested by Alire [2002] were simulated
with varying parameters of the backbone curve to best fit the test results. The simulations with
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the selected modeling parameters as dashed lines were compared to the test results shown in
Figure 6.13. The strength predictions were comparatively acceptable even though the predictions
were somewhat conservative, especially for positive column shear in Figure 6.13(d).

The selected joint rotation parameters of the backbone curve, ’s in Figure 6.6, for all
unreinforced beam-column joint types are presented in Table 6.4. Because of the lack of test data
on unreinforced roof joints, it is assumed that the proposed strength prediction and backbone
curves for exterior and interior joints (located in lower and middle stories) can be used for
exterior and interior joints in the top story, respectively. Note that other parameters for the
backbone curve in terms of normalized joint shear force (A’s in Figure 6.6) were kept the same
for all joint types as those defined in Figure 6.6.

Table 6.4 Selected joint rotation parameters of the backbone curves for different types

of joints.
Joint type o, 6, 6. 0,
Exterior
0.0025 0.005
Roof exterior
0.0325-0.0125 (4, /h, ) 6. +0.03
Interior
0.0050 0.010
Roof interior
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Figure 6.13 Simulations of tested four interior joint specimens [Alire 2002].
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6.4 BUILDING FRAME SIMULATIONS WITH JOINT FLEXIBILITY

6.4.1 Descriptions

Three hypothetical building frames were designed with guidelines from the design details of the
Van Nuys Holiday Inn building model [Krawinkler 2005] and used as the prototype of the test
matrix. The transverse frame of the structure, which has three bays, is considered for the
presented simulations. The lateral load resisting system of the considered frames is RC moment
frame. Designed per Los Angeles City Building Code 64 and built in 1966, the design details of
this structure can be considered to represent non-ductile older-type RC buildings. The frame
dimensions, beam and column cross-sections, and design details are presented in Figure 6.14.

A reference building frame is designed to be identical to the original details of the Van
Nuys Holiday Inn, except for the shear reinforcement in the columns and beams as discussed
below. This building frame is referred to hereafter as “Type-I"; the design details are presented
in Table 6.5. From the shear strength prediction of the beam-column joints in Type-I frame using
the simplified model, the shear strengths of the beam-column joints were close to the lower
bound at which the failure of the beam-column joint occurs at the ultimate flexural strength of
the beams. To investigate the change of the lateral response for different levels of joint shear
strength, two additional building frames were considered by simply increasing the yield strength
of the beams, f, .., and columns, f, from those used in Type-I building frame. With the

,column?

increase of ., and f . by 25%, the shear strengths of the beam-column joints in the

second building frame (referred to as “Type-II) were located between the upper and lower
bounds so that the failure of the beam-column joints is accompanied by yielding of the beams
longitudinal reinforcement but less than their ultimate strengths. The beam-column joints in the
third building frame (referred to as “Type-III"") were specified with the increase of f =~ and

Sy corumn 0Y 62.5% so that most of the beam-column joints were subjected to shear failure prior to
yielding of the beams longitudinal reinforcement.

Modeling all the seismic deficiencies found in older RC framed structures, especially
shear-critical columns, will change the output of these simulations because of premature column
shear failures, anchorage loss, or P-A effects. Prior to conducting complete collapse analysis
[Talaat and Mosalam 2009] of non-ductile RC buildings including all non-seismic details, the
dynamic analyses in the next subsection are only focused on the investigation of the influence of
shear failure and flexibility of the unreinforced beam-column joints on the lateral responses. For
this purpose, beams and columns in the three building Types I, II, and III were assumed to have
enough shear reinforcement to prevent their shear failures.
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Table 6.5 Details of the reference (Type-l) building.
Dimension ki Concrete
b xh, [in] S cotumn [KSil 7" Iosil Floor c-9 c-18 C-27 | C-36
c 50 5000 1%t 8-#9 12-#9 | 12#9 | 8-#9
S 4000 2 6-#7 8-#9 8-#9 6-#7
[e]
o 14 x 20 3¢ 6-#7 8-#9 8-#9 6-#7
60 3000 4" 6-#7 6-#9 6-#9 6-#7
57" 6-#7 6-#7 6-#7 | 6-#7
b, xh, [in] S beam [Ksi " [psi] Floor Location B4 B5 B6
» X1, y.beam [KSi] c
y Top 3-#9 3-#9 2-#9
14 x 30 40 4000 2" (2FS-)
Bottom 2-#9 2-#8 2-#9
Top 3-#10 | 3-#10 | 3-#10
34" (FS-)
£ Bottom 2-#8 2-#8 2-#8
3 - Top 349 | 3#9 | 3#9
o 14 x 22.5 40 3000 5" 6" (FS-)
Bottom 2-#8 2-#8 2-#8
o Top 2-#9 3-#8 2-#9
7" (FS-)
Bottom 2-#8 2-#8 2-#8
Top 2-#8 3-#7 2-#8
14 x 22 40 3000 Roof (RS-)
Bottom 2-#7 2-#7 2-#7
RSB
Roof RSB6 SB5 RSB4 B
- FSB6 FSB5 FSB4 8ft.-6.5in.
8ft.-6in. "
- FSB6 FSBS FSB4 8ft.-6in.
FSB6 FSBS FsB4 | Bft-6in. ke v yT
4F ) 2FSB- FSB- RFSB-
3F FSB6 FSB5 FSB4 8ft.-6in.
o 2FSB6 2FSB5 2FSB4 8ft.-6in. @ 20" @ ho"
C9 C18 C27 C36| 13ft.-6in.
>N 1C9&1C36 1C18&1C27

| 20ft.-lin. |
[

| 20ft.-lin. I

20ft.-10in. I

(a) elevation (b) cross-sections of beams and columns

Figure 6.14 Layout of Van Nuys Holiday Inn building [Krawinkler 2005].
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6.4.2 Nonlinear Dynamic Analysis

The beam-column joints in the hypothetical building frames were modeled in two different ways:
namely, rigid joint modeling and joint rotational spring modeling, as shown in Figure 6.7(a) and
(b), respectively. The fundamental periods of the three building frames are presented in Table
6.6. It is obvious that the fundamental periods of the three building frames were greater in the
model with the proposed joint springs than in the model with rigid joints because the rotational
springs make the frames more flexible. Note that the fundamental periods of the three building
frames with rigid joints are close because the initial stiffness values of these frames are similar.
The change of the fundamental period according to whether joint flexibility is considered or
ignored in the computational model produces different dynamic responses. Hence, nonlinear
time history analyses were performed for the three building frames under multiple ground
motions scaled to produce increasing spectral accelerations.

The ground motion acceleration recorded during the 1994 Northridge earthquake
(Tarzana station), shown in Figure 6.15, was used for these dynamic analyses. This ground
acceleration history was scaled such that the scaled ground motions would produce a spectral
acceleration at the natural period of the frame (T,) of 0.1g to 1.0g with increments of 0.1g, based
on the ASCE-7 [2006] design response spectrum. Note that the average of the fundamental
periods listed in Table 5 (referred to as T, in Figure 6.15 and is taken as 1.48 sec) is considered
for the scaling of the ground motion.

Figure 6.16(a)-(c) illustrates the simulation results of maximum interstory drift, Gpax,
versus spectral acceleration at the fundamental period of the three building frames, S,(71). As
expected, the proposed joint rotational spring model introduces additional interstory drifts to
those of the rigid joint models. The increase of the maximum interstory drift due to joint rotation
was more significant as the spectral acceleration increased, but this increase reduces for larger
spectral accelerations when the beams and columns are subjected to large strain hardening in the
rigid joint model. This behavior is reflected in Figure 6.16(d), where the increase of the
interstory drift due to the joint rotation fell sharply at higher spectral acceleration (> 0.70g) for
the more flexible building frames like Type-I, where at S,(77) > 0.9g, maximum interstory drift
was greater in the model with rigid joints because of yielding of first story columns.

Table 6.6 Fundamental periods of the analyzed three building frames.
Building Type-I| Type-ll Type-lll
Jointmodel | Rigid joints | . roPosed | pioid joints | . FroPosed | piiid joints |, Froposed
joint springs joint springs joint springs
Period, T1 [sec] 1.29 1.75 1.29 1.67 1.29 1.60
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Figure 6.15 Northridge earthquake recorded at Tarzana station.
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Figure 6.16 Maximum interstory drift results of the analyzed three building
frames.

The results of the three building frames are compared in Figure 6.17(a). Between the two
different types of joint idealizations a significant difference of the spectral accelerations was
observed around 2% interstory drift, at which a performance level is defined as incurring
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significant structural damage [Celik and Ellingwood 2010]. Consequently, this difference
produces a significant shift of the seismic vulnerability functions for non-ductile RC buildings
designed with unreinforced joints such as the fragility curve for a certain structural damage limit
state, as shown schematically in Figure 6.17(b). Therefore, the importance of joint flexibility
should be carefully recognized in the earthquake simulation and seismic assessment of non-
ductile RC buildings having unreinforced beam-column joints.
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(a) comparison of interstory drift for the model with (b) Shift of the fragility curve for significant structural
rigid joints and proposed joint springs damage (schematic)

Figure 6.17 Effect of joint flexibility on seismic assessment of non-ductile RC
buildings.
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7 Summary, Conclusions, and Future
Extensions

71 SUMMARY AND CONCLUSIONS

Increasing the understanding and modeling the behavior of unreinforced beam-column joints
under earthquake loading was of interest in this study. Therefore,, an analytical and experimental
research program is performed.

Analytical study on shear strength models for unreinforced exterior and corner joints was
reported in Park and Mosalam [2009] in which a large amount of unreinforced exterior and
corner joint test data from the published literature were collected into a test database. A
parametric study was conducted using this database that revealed that shear strength of
unreinforced exterior joints is strongly affected by two parameters: (1) joint aspect ratio and (2)
joint shear index, which is dependent on the beam longitudinal tension reinforcement ratio and
its strength. Subsequently, a parametric equation to represent the effect of joint aspect ratio was
derived based on a SAT concept using equilibrium in the joint region and a softening concrete
model, and the joint shear index equation was derived from global equilibrium in a beam-column
subassembly and approximations of some variables. With the parametric equations of the
aforementioned two parameters, two shear-strength models have been developed using semi-
empirical and analytical approaches, and an integrating of these two models into a unified
framework with simplifications resulted in a practical model, which has been proposed herein.
The three models successfully predict the shear strength of the test specimens reported in the
literature. The derivation and validation of these three models are presented in Chapter 2.

For experimental investigation, four full-scale corner beam-column joint specimens were
constructed with RC slabs. The test matrix addressed two parameters: (1) the joint aspect ratio,
and (2) the beam longitudinal reinforcement ratio. The test matrix consisted of four specimens
with two different joint aspect ratios and two different beam longitudinal reinforcement ratios.
The lateral load was quasi-statically applied through the vertical displacement control at the end
of the beam, which is assumed to be an inflection point of the beam. This lateral loading
alternated between the two (EW and NS) beams, i.e., one beam remained at a stationary point
during the loading of the other orthogonal beam. Column axial load varied in real time according
to a linear equation, which was derived from the pushover analysis of a hypothetical prototype
structure obtained by modifying the Van Nuys Holiday Inn building model [Krawinkler 2005].
The joint shear strengths of the test specimens were evaluated and compared with predictions
using the proposed joint shear strength models. Test results were discussed, focusing on the
effects of the joint aspect ratio, the beam longitudinal reinforcement ratio, the column axial load,
the slab contribution, the loading sequence, and the column intermediate bars. The joint shear
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strain and rotation at the beam-joint interface were measured in order to provide benchmark data
for the next stage of this research. Based on the experimental study, the following conclusions

are drawn:

1.

The semi-empirical model, analytical model, and simplified model accurately predict
the shear strengths of four specimens with 4% overestimation, 6% underestimation,
and 1% overestimation errors, respectively. It is found that the analytical model
underestimated the specimens with larger diameter of longitudinal bars in the beam
where the fraction factor increased without limitation. The fraction factor was,
however, bounded in the simplified model; its predictions were more accurate than
those produced of the analytical model.

The shear strengths of the tested four corner joint specimens were mainly affected by
the joint aspect ratio and the beam longitudinal reinforcement ratio, which is
parameterized as a joint shear index. The joint shear strengths decreased with an
increasing joint aspect ratio and were proportional to the joint shear index in the range
of variables investigated in this study. However, the shear strengths were minimally
influenced by the column axial loads varying from tension of 0.07f/4, to

compression of 0.25 f'4, . Including this study, most of previous joint tests were

conducted under column axial load less than 0.25 f/4, and thus more test data for

the cases of higher column axial load are needed to clarify the effect of high column
axial load on the joint shear strength. The trends and range of strength of the four
corner joint test specimens were similar to those observed in many previous tests on
exterior joints without transverse beams and floor slabs.

The joint shear strengths of the four test specimens were compared to the strength
recommendation of the ASCE 41. The comparison indicates that the ASCE 41
provisions for shear strength are conservative and for accurate predictions, the effects
of joint aspect ratio and beam reinforcement ratio need to be taken into account.

The effective slab width was not accurately estimated by an analytical approach
because the contribution of the slab varies according to the strain level of the beam
longitudinal reinforcement. This slab contribution was negligible when joint failure
occurred prior to the yielding of the beam longitudinal bars (as in SP4) and it
increased from SP3 to SP2 to SP1 as the joint failure occurred at larger post-yield
strain of the beam longitudinal bars. Accordingly, further investigation is needed to
evaluate the effective slab width in tension of L-shaped beams for the case when joint
failure precedes beam flexural failure, e.g.,. a J-type failure in unreinforced joints.

The lateral loading was applied in the EW beam prior to the NS beam in each group
of cyclic loading. The joint shear stresses of SP1 and SP2 were similar in both EW
and NS direction until the beams yielded, while in SP3 and SP4, similar joint shear
stresses were maintained up to 0.85% drift before yielding of the beams. Thereafter,
larger joint shear stresses were induced in the EW direction than in the NS direction
because of significant damage in the joint during the preceding EW beam loading.
Therefore, the joint responses obtained in the EW direction were taken as
representative response for developing backbone relationships.
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6. During the longitudinal beam loading, two different types of cracks were observed in
the transverse beam and joint panel: (1) inclined cracks took place in the transverse
beam when the longitudinal beam was loaded down; and (2) horizontal cracks
developed at the top of the joint panel in the transverse direction when the
longitudinal beam was loaded up. This crack pattern and the measured angle of twist
along the transverse beam revealed that twisting was localized around the inclined
crack of the transverse beam during the longitudinal beam downward loading,
whereas the entire transverse beam was twisted during the longitudinal beam upward
loading.

7. There is no strong evidence that the column intermediate longitudinal bars acted as
tension ties in joint shear resisting mechanism. This is attributed to the fact that
inclined struts between the column intermediate and outer bars were minimal because
of the steep angle of these struts and the bond deterioration of these bars.

For computational simulation on a structural system level, a backbone relationship for
unreinforced corner joints was developed. The proposed backbone relationship was validated by
analytical simulations of the beam-column subassemblies of the tested four corner joint
specimens and other four planar exterior joint specimens taken from the literature. Furthermore,
the proposed backbone relationship and adopted shear strength model were modified for
modeling of interior and roof joints. Lastly, nonlinear dynamic analyses were performed for
three hypothetical RC building frames using the developed backbone curves to preliminarily
investigate the contribution of joint flexibility to the lateral response of non-ductile RC buildings.
From the simulations using the proposed backbone relationships, the following conclusions were
drawn:

1. Based on the measured joint shear stress-rotation and visual observation of the tested
four exterior joint specimens, multi-linear backbone relationships were proposed to
reflect the following aspects: (1) initial joint cracking, (2) either beam reinforcement
yielding or significant opening of existing joint cracks, (3) either further propagation
of existing joint crack or additional joint crack opening, and (4) residual joint shear
stress and rotation when the joint damage is severe.

2. The accuracy of the proposed backbone curves was demonstrated by accurate
reproduction of the load-displacement responses for the tested four corner joint
specimens and eight other exterior and interior joint specimens taken from the
literature. Therefore, the proposed backbone relationships were proven to be adequate
for simulations of older-type RC buildings having unreinforced joints. However, the
recommendations of ASCE 41 provisions were shown to be conservative for
predicting the shear strength and deformability of unreinforced joints.

3. The proposed joint rotational spring model introduced additional interstory drifts to
those of the rigid joint models. The increase of the maximum interstory drift due to
joint rotation was more significant as the spectral acceleration increased, thus this
increase changed the assessment of the seismic performance, such as the fragility
curve for non-ductile RC buildings designed with unreinforced joints. Therefore, the
importance of joint flexibility should be carefully recognized and the proposed
backbone models are recommended in the earthquake simulation and seismic
assessment of non-ductile RC buildings having unreinforced beam-column joints.
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7.2 FUTURE RESEARCH

This study should ultimately culminate in developing progressive collapse analysis of older-type
RC buildings that accurately predicts the partial and complete collapse fragility functions for this
class of buildings under earthquake loads. To reach this ultimate goal, the following tasks should
be considered in the future:

1.

More test data including shaking table tests on unreinforced exterior joints are
required to evaluate the proposed backbone relationships. In particular, the influence
of high column axial load on the backbone relationship is to be investigated, focusing
on the axial failure of the joint.

Further investigation of simultaneous bi-directional loading effects on shear strength
and deformability of unreinforced joints is necessary for three-dimensional analyses
of older-type RC buildings.

The proposed shear strength models and backbone relationship need to be augmented
in order to take into account strength degradation due to cyclic loading, different
types of reinforcement (e.g., smooth bar) and anchorage details.

Further verification is required to justify the extension of the proposed shear strength
models and backbone relationship to interior joints, knee joints, and others.

For the case of weak column/strong beam, the behavior of unreinforced exterior joints
is to be investigated.

The progressive collapse analysis necessitates the development of element removal
criteria [Talaat and Mosalam 2009] for unreinforced joints. Furthermore, this requires
procedures to be developed to re-define the connectivity and type or internal degrees-
of-freedom of beams and columns associated with the removed beam-column joints.

Several prototypes of older-type RC buildings need to be identified and idealized for
fragility analysis.

The joint modeling with a rotational spring and rigid links to beams and columns can
be implemented as a standalone element in OpenSees, BuildingTcl [Mazzoni 2010]
for easy adoption in modeling RC structural systems.
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A.2 TEST SET UP DRAWINGS
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Figure A.3  Test set up drawings.
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Appendix B: Material Properties

B.1 CONCRETE PROPERTIES

B.1.1 MIX DESIGN

The relevant concrete mixes were selected to test the four full-scale test specimens designed
according to typical older type reinforced concrete buildings. Specimens SP1 and SP2 concrete
were cast using one mix truck from a single batch (referred to as “Mix1”), and the other two
specimens SP3 and SP4 were cast using two mix trucks having the same concrete mix (referred
to as “Mix2”) due to the capacity of a mix truck. Maximum aggregate size was equal to 1 in.
(25.4 mm) for both two mixes.

For the Mixl, the concrete compressive strength was quite lower than its targeted
strength at 28" day. Accordingly, the water/cement ratio was increased for the Mix2. The two
mix designs are summarized in Tables B.1 and B.2.

Table B.1 SP1 and SP2 concrete mix design (Mix1).
Material Saturated Surface Dry Weight (Ib) | Absolute Volume (ft3)

Cement ASTM C-150 Type II-V 323.0 1.64
Fly Ash ASTM C-618 Class F 57.0 0.39
Fine Aggregate ASTM C-33 1714.7 9.88
Aggregate ASTM C-33 1 in.x#4 1750.0 9.73
Water reducer ASTM C-494 Type A 13.0 fl. oz.

Water ASTM C-94 283.7 4.55
Air - 0.81
Total 4128 27.00

Water/Cement Ratio = 0.75
Slump =4+ 1 (in.)
Anticipated Strength @28" day = 3500 + 500 psi
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Table B.2 SP3 and SP4 concrete mix design (Mix2).
Material Saturated Surface Dry Weight (Ib) | Absolute Volume (ft3)
Cement ASTM C-150 Type II-V 470.0 2.39
Aggregate 1in. x #4 1500.0 8.94
Regular top sand 1235.0 7.41
SR blend sand 514.0 3.17
Water reducer ASTM C-494 Type A 23.5f1l. oz. 0.41
Water 292.0 4.68
Total 4001 27.00

Water/Cement Ratio = 0.621
Slump =4 T (in.)
Anticipated Strength @28 day s= 3500 * 500 psi

B.1.2 CONCRETE TEST RESULTS

To test the compressive and tensile strength of the cast concrete, standard 6 in.x12 in.
(152 x305 mm) cylinders were made and cured in the same condition of the specimens except
for 7 and 14 days testing cylinders of Mixl, refer to Figure B.1. The plastic forms of the
cylinders were stripped on the same day when the specimen forms were removed. The six
cylinders of Mixl for 7 and 14 days testing were stripped at 4days to be capped with high-
strength sulfur.

The low compressive strength of Mix1 21 days after casting required maintaining the
form of SP1 and SP2 until 60 days after casting. To improve the compressive strength, the
exposed surface was watered three times a day. After watering, this surface was covered by a
blanket and plastic. After 60 days, the forms were stripped. The compressive strength of Mix2
showed acceptable values at 14 days testing and the forms of SP3 and SP4 were stripped at that
point.

According to ASTM C39-05(ASTM 2005), the cylinders were capped with a sulfur
compound and were tested in a Universal Testing Machine at a rate of 35 psi/min (0.241
MPa/min). At the day of testing, another three cylinders were used for split tests to measure the
tensile strength according to ASTM C496 (ASTM 2004a). The concrete cylinder test results are
summarized in Tables B.3 and B.4. Concrete stress-strain curves are given in Figure B.2 for the
results of compressive tests conducted at the testing day.
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Table B.3 Concrete cylinder test results of SP1 and SP2 (Mix1).
Specimen SP1 and SP2
Test Compressive Strength (ksi) Tensile Strength
after casting 7 15 21 26 50 295 (SP17") | 358 (SP2?) 359
Cylinder 1 1.44 1.91 2.07 2.16 2.84 3.66 3.56 0.37
Cylinder 2 1.38 1.87 1.90 - 274 3.76 3.48 0.32
Cylinder 3 1.37 1.80 1.83 - - 3.31° 3.54 0.33
Avg. 1.39 1.86 1.93 2.16 2.8 3.58 3.53 0.34
qday of testing SP1.
‘Zday of testing SP2.
Table B.4 Concrete cylinder test results of SP3 and SP4 (Mix2).
Specimen SP3
Test Compressive Strength (ksi) Tensile Strength
after casting 7 14 21 28 63 324 378 378
Cylinder 1 2.08 3.25 3.15 3.70 3.86 3.82 3.59 0.32
Cylinder 2 2.14 3.09 3.30 3.06 3.68 3.82 3.57 0.34
Cylinder 3 2.25 3.29 3.24 3.23 3.77 3.95 3.66 0.31
Avg. 2.16 3.21 3.23 3.33 3.77 3.86 3.60 0.32
Specimen SP4
Test Compressive Strength (ksi) Tensile Strength
after casting 7 14 21 28 63 324 421 421
Cylinder 1 2.1 3.07 3.32 3.82 3.97 4.07 4.06 0.48
Cylinder 2 2.13 3.00 3.36 3.61 4.23 3.80 3.73 0.42
Cylinder 3 2.14 3.02 3.26 3.60 4.32 4.01 4.09 0.43
Avg. 2.13 3.03 3.32 3.68 4.17 3.96 3.96 0.44
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Slump test and curing.

Figure B.1
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B.2 REINFORCING STEEL PROPERTIES

Five different bar sizes (#3, #6, #7, #8, and #10) were used in the four test specimens. The local
contractor provided the metric bar sizes, D10, D19, D22, D25, and D32, which correspond to the
above U.S. standard bars, respectively. The column longitudinal bars were designed with #8 bars
in SP1 and SP2, and #10 bars in SP3 and SP4. The beam longitudinal bars of SP1 and SP3 were
designed with #6 bars at the top and bottom of the beams, and those of SP2 and SP4 were
designed with #8 and #7 bars at the top and bottom of the beams, respectively. Number 3 bars
were used for the slab reinforcement, column hoops, and beam stirrups of the four test
specimens.

All reinforcing bars used in the four test specimens were tested to confirm that the
material properties corresponded to the ASTM A706-04 (ASTM 2004b). For each bar size, three
coupons were tested in tension. The selected reinforcing bars were cut into 24 in. (609.6 mm)
lengths, and the cross-section within the middle of 6 in. (152.4 mm) length was machined to
reduce sectional area. The measured data are summarized in Table B.5. For the #3 bars, the yield
stress and strain were defined using the 0.1% offset method. For other bars, the yield stress was
defined as the stress at the plateau, and the yield strain was taken as the strain corresponding to
the yield stress. The stress-strain curve of the coupon tests are shown in Figure B.3.

Table B.5 Reinforcing bars material properties.

Bar size #3 (D10) #6 (D19) #7 (D22) #8 (D25) #10 (D32)
Yield stress(ksi) 735 78.6 73.3 72.2 68.3
Ultimate stress 115 104.5 103.1 102.6 100.5
Yield strain 0.0035' 0.0028 0.0027 0.0025 0.0023
Plateau strain - 0.0195 0.0127 0.0133 0.0124
Ultimate strain 0.105 0.12 0.12 0.12 0.12
Fracture strain 0.157 0.223 0.225 0.226 0.222
Elastic Modulus 28200 27900 26700 28900 29600

"determined by 0.1% offset method
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